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Abstract. Available codes and models generally use partially modified shear 

design equation, developed earlier for steel reinforced concrete, for predicting 

the shear capacity of FRP reinforced concrete members. Consequently, calculat-

ed shear capacity shows under or overestimation. Furthermore, in most models 

some parameters affecting shear strength are overlooked. In this study, a new 

and simplified shear capacity prediction model is proposed based on Multi-

linear regression analysis considering all affecting parameters. A large database 

containing 157 experimental results of FRP RC beams without shear reinforce-

ment is assembled from the published literature. A statistical analysis is per-

formed to verify the accuracy of the proposed model. After comprehensively 

reviewing all previously proposed models and codes, 5 best and recent models 

are presented for comparison with the proposed model. Hence, it is observed that 

the proposed equation shows overall optimized performance compared to the 

presented models within the range of used experimental dataset. 

Keywords: Fiber reinforced Polymer (FRP), Shear strength, Experimental data-

base, Multi linear Regression analysis.
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1 INTRODUCTION 

Corrosion of steel reinforcement is one of the major issues for the deterioration 

of RC Structures. Thus, it leads to the rehabilitation process of existing structures 

which is very costly and reduces the service life. To resolve the problem, fiber 

reinforced polymer (FRP) bar has been brought in as internal reinforcement in 

RC structures replacing conventional steel. FRP bar provides a proper combina-

tion of physical and chemical properties such as high resistance to corrosion, 

high strength to weight ratio and magnetically inert. Despite the advantages, FRP 

imparts lower modulus of elasticity and linear elastic brittle stress-strain relation-

ship up to rupture with no yield point [7]. This may lead to an overestimated de-

sign of FRP RC beams in terms of shear strength. This is because the shear 

mechanisms are relatively complex, and various researchers interpret the im-

portance of the basic mechanisms in their own ways and hence there is a dispute 

about which of the shear mechanisms should be focused more on, compared to 

the others [4].Six affecting parameters i.e. concrete compressive strength, shear 

span to depth ratio, effective depth, beam width, reinforcement ratio and Modu-

lus of elasticity are found to be most liable for determining shear strength of FRP 

RC beams. After doing an extensive review of all the available codes and models 

published between the time period of 1997 to 2015, five best and recent models 

are selected to compare with the proposed model [2]. 

2 RESEARCH SIGNIFICANCE 

Due to complex shear transfer mechanisms in concrete beams and various influ-

encing parameters, understanding of shear is still relatively limited. This paper 

presents prediction model to predict the shear strength of FRP reinforced con-

crete beams without stirrups. Models are developed using a large database of 157 

experimental results and the controlling parameter for shear strength measure-

ment are also examined with respect to the model and the experimental database. 

The information gathered in this research and the proposed model could be very 

helpful in establishing design guidelines and also for future research on FRP re-

inforced beams. 

3 EXPERIMENTAL DATABASE 

In order to study the behavior of FRP-RC beams and check the performance of 

the proposed model a large database of 157 beams that failed in shear was com-

piled[2].Among them, 116 data used for training the proposed multi linear re-

gression model and another 41 data used for testing the performance of the model. 

The selection of training and testing data is random from the full assembled ex-

perimental database. The shear design parameter used in this study is concrete 

compressive strength (f’c), beam width (bw), effective depth (d), beam shear span 

(a), shear-span to depth ratio (a/d), reinforcement ratio of longitudinal FRP bars 
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(ρf) and Modulus of Elasticity of the reinforcing bar (Ef). The shear span to depth 

ratio, (a/d) ranged from 1.1 to 6.5. The beam compressive strength varied from 

24.1 MPa to 88.3 MPa. Beam effective depth, d varied from 141 mm to 889 mm. 

Longitudinal reinforcement ratio, (ρf)  used in this study varied between 0.2% to 

2.6%. In this study, Modulus of elasticity of FRP bar, (Ef) used between 4.1GPa 

to 145 GPa. The material and geometrical properties of the 116 members in the 

refined database as well as their original sources are given [2]. All specimens in 

the database were simply supported, tested in either two or four points loading 

arrangement, had no transverse reinforcement and failed in shear. The distribu-

tion of geometrical and mechanical properties of the 116 test specimens is given 

in Figure 1. 

 

Figure 1: Data distribution of experimental parameters 

4 PARAMETER AFFECTING SHEAR STRENGTH 

Due to the complex behavior of FRP-RC beam in terms of shear strength, it is 

still a challenge to solve this problem. Substantial research effort is given to un-

derstand and predict the shear strength more accurately [3]. Because of the lack-

ing in the current design approaches provided by different researchers, make use 

of FRP bar in the practical field is hindered. Based on the analysis on different 

influencing parameter and critical review of the available database some parame-

ters are found to be liable for the overall contribution in shear strength. These 

influencing parameters are i) Shear span-to-depth ratio (a/d), ii) effective depth of 

beam (d), iii) reinforcement ratio, (ρf)   iv) Modulus of elasticity of FRP bar (Ef), 

v) concrete tensile strength in terms of compressive strength (f'c) and vi) width of 

beam (bw). 

5 REVIEW OF CURRENT SHEAR DESIGN PROVISIONS 

All available codes and models published between 1997 to 2015 are reviewed in 

another work of this author [2] and among them five best and recent models are 
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selected based on statistical parameters. These models are proposed by Mari et al. 

[6], Nasrollahzadeh and Basiri [8], Kara [5], Alam and Hussein [1] and Nehdi et 

al. [9]. Nehdi et al. [9] proposed a model based on genetic algorithm. About 168 

FRP-RC beams with and without web reinforcement is used to develop the mod-

el and compared with ACI 440-1R-06, CSA S806, JSCE 1997 and ISIS 2001. 

Nedhi et al. [9] proposed two models for both deep and slender beams. Then a 

parametric analysis is done to compare the result with proposed model. This 

model included six parameters as used in this study.Nasrollahzadeh and Basiri[8] 

proposed a model based on fuzzy inference system which is exceptional with 

other approaches as it doesn’t require priori information to analyze data and de-

velop a model. This model also used controlling parameters as f’c, bw, d, a/d, ρf 

and Ef and compared with ACI-440.1R-06, CAN/CSA, 2002. Modified compres-

sion field theory (MCFT) is used by Alam and Hussein [1] which actually pro-

posed a modification to CSA-S806-02. Sixteen (16) experimental beams made of 

GFRP, CFRP and Steel is used in this study and tested under four point loading. 

Mari et al. [6] proposed a simple analytical model based on the principle of struc-

tural mechanics and on the experimentally observed behavior of these elements 

at failure. Test data from 144 experimental results was used in this study. Kara [5] 

used 104 experimental data among them 56 data were used for training and 28 

data sets were used for testing whereas this study used 116 for training and 41 for 

testing. Gene Expression Programming (GAP) is used to develop this model. The 

only limitation of this model is the shear span to depth ratio. It can’t predict the 

shear strength of deep beams accurately where span to depth ratio is less than 2.5. 

6 MODEL DEVELOPMENT 

6.1 Multi linear regression approach  

In order to predict the shear strength of FRP reinforced concrete beams more ac-

curately the experimental shear strength of FRP reinforced concrete beams was 

analyzed with six controlling parameters i.e. i) concrete compressive strength, ii) 

beam width, iii) effective depth of the beam, iv) shear span to depth ratio, v) rein-

forcement ratio and vi) Modulus of elasticity of FRP bar. A general pattern of 

multiple regression analysis as shown in equation [1] was conducted in optimiz-

ing the regression parameters i.e. 1 , 2 , 3 , 4 , 5  and 6 . 
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[1] 

Where, Vpred is the predicted shear strength in MPa, f’c means concrete compres-

sive strength, bw is the beam width, d indicates effective depth, Modulus of elas-

ticity defined as Ef, ρf is the reinforced ratio and shear span to depth ratio. The 

interaction between the parameters had been neglected and this can be taken as 
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the direction for future study. The coefficient 
5,4321 ,,,  and 6 are non-

linear coefficients and is selected based on the proposed parameter selection net-

work as shown in Figure 2 (b).  

At first stage one parameter from each section is taken to form the initial 

model i.ebw, f'c, d, Ef^(1/3), (a/d)^(3) and ρf^(1/3) and it can be written as shown 

in equation [2]. 
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Then a multilinear regression is done based on 157 experimental data to find out 

the value of coefficients 
5432165,4321 ,,,,,,,,,  and 6 which 

gives a final output value of Vpred. By this way 72 regression model is developed 

as equation [2] and checked with several statistical parameters. Total analysis is 

done by the following flow chart given in Figure 2 (a) & (b). 
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(b) 

Figure 2 :(a) Algorithm to develop proposed model, (b) Network used for coeffi-

cient selection (NI means Not Included) 

6.2 Proposed Model 

A non-linear regression model based on experimental database collected from 

literature is suggested and examined with different statistical parameters such as 

R
2
 and t test for the statistical stability of the model. This model stood well in all 

statistical analysis. In order to predict the shear strength of FRP-RC beams more 

accurately, the experimental shear strength of FRP-RC beams was analyzed with 

all the six parameters stated before. Finally, the proposed prediction model can 

be written as follows in equation [3]. 
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Where, 

3/2,2/1,4,2/1 4321   , 15  ,
0 0.223   , 1 0.19  ,

2 9.43  , 10

3 1.63 10   , 4 2.63  , 
5 37.571    and 6 12.996   

In reality safety factor would be employed to share capacity predictions more 

conservative and acceptable for design use [7]. 

7 TRAINING AND TESTING DATA 

Verification of the proposed model is done by using a large experimental data-

base of 157 beams. Among them, 116 beams were used for training the model 

and later this model is tested with 41 beams and slabs from the literature. This 

model showed a good prediction during the testing phase and it is shown in Fig-
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ure3.This model can be used in 95% confidence level which is evident from Ta-

ble 1and Table 2. 

 

Figure 3: Training and Testing of Proposed Model 

Table 1: Statistical t-test result 

Proposed model 

 0  1  2  3  4  5  6  

t-test -0.008 17.359 2.464 6.390 3.309 -7.294 4.00 

 

Table 2: Confidence interval based on t-test 

Confidence t-test 

90% 1.64 

95% 1.96 

99% 2.58 

99.9% 3.29 

8    RESULT AND DISCUSSION 

For the comparison of presented models in predicting the shear strength of FRP-

RC beams, a number of performance checks were used.  Mean, Standard devia-

tion, Average Absolute Error (AAE) and Coefficient of Variation (COV) indicate 

the overall functioning of the design algorithm. The statistical analysis of the pre-
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sented models along with the proposed one is shown in Table 3. Mean of exper-

imented and predicted values is drawn in Figure 4. (a)- (f). Root Mean Square is 

drawn in Figure 5. (a)- (f).The shear design equation proposed by this study had 

the most accurate prediction with an average of 1.03, standard deviation of 0.22, 

coefficient of variation (COV) of 20.9% and average absolute error (AAE) of 

15.8%.Kara [5] and Mari et al. [6] has slightly more scattered results with an av-

erage of 1.05 and 1.04 respectively. In terms of COV, Kara [5] shows better re-

sults than Mari et al. [6] to 25.1%. Nedhi et al. [9] optimized the previous model 

and its result also shows a balanced scatter with an average of 1.14, SD of 0.24, 

COV of 20.8% and AAE of 17.4%. Though both Kara [5] and Nedhi[9] used 

Genetic Programming for predicting shear strength, Kara [5] imparts better per-

formance. One of the latest models was proposed by Nasrollahzadeh and 

Basiri[8]. The model had good significance with a mean of 1.13, though SD and 

COV was quite larger compared to others. Besides, the model is not user friendly 

for its complexity.Alam and Hussein [1] used modified compression field theory 

which is modified from a code provided by Canadian standard association but 

still it overestimated the shear strength with a mean of 1.71 without considering 

the reduction factors. Although it gives comparatively higher accuracy at higher 

shear capacity but it needs improvement in COV and AAE which are 23.5% and 

38.8%. 

 

   
 

(a) (b) (c) 

   
(d) (e) (f) 

Figure 4 (a)-(f) Ratio of Predicted and Experimental shear strength 
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(a) (b) (c) 

   
(d) (e) (f) 

Figure 5 (a)-(f) RMS of experimental and predicted shear strength 

Table 3: Analysis of Statistical Parameters 

Model Year V exp/ Vpred 

Mean SD COV (%) AAE (%) R
2 

Proposed Model  2015 1.03 0.22 20.9 15.8 0.89 

Mari et al.  2013 1.04 0.30 29.0 16.3 0.88 

Nasrollahzadeh  and Basiri  2013 1.13 0.48 43.0 28.0 0.66 

Alam and Hussein  2011 1.71 0.40 23.5 38.8 0.90 

Kara et al.   2011 1.05 0.26 25.1 16.6 0.87 

Nedhi et al. 2007 1.14 0.24 20.8 17.4 0.83 

9     CONCLUSIONS 

This study investigated using regression approach for predicting the shear 

strength of FRP-RC beams without stirrups, and compared such predictions with 

those of the 5 available models. The following conclusion can be drawn from this 

study. 

 The result of this research suggests that regression approach can provide 

a more precise and reliable alternative method for the shear design of 

FRP concrete beams.  

 The proposed model outperformed the shear design provisions consid-

ered in this work. The proposed model used in this study developed an 
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average of the Vexp/Vpred ratio equal to unity, hence leading to an eco-

nomic use of FRP reinforcement. 

 All existing shear provisions considered in this study provided unneces-

sarily conservative result except Kara [5] in estimating the shear strength 

of FRP-RC beams without shear reinforcement. Kara 2011 showed an 

overall good balance In terms of scatter and standard deviation, though 

there is scope of improvement such as COV and AAE, which is satisfac-

torily reduced by our suggested model. 

The proposed model is also trained and tested to predict the shear strength 

within the range of input variables considered. Even so, they may not 

demonstrate accuracy when extrapolating beyond this scope. 
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Abstract. Composite column is a structural member that uses a combination of 

structural steel shapes, pipes or tubes with or without reinforcing steel bars and 

reinforced concrete to provide adequate load carrying capacity to sustain either 

axial compressive loads alone or a combination of axial loads and bending mo-

ments. In a composite column both the steel and the concrete sections would re-

sist the external loading by interacting together though bond and friction. Steel-

concrete composite columns have been employed in high-rise buildings, bridges, 

piers, piles and earthquake resistant structures. The most usual types of compo-

site columns are the concrete filled steel tubes and the partially or fully encased 

steel profiles. Fully encased composite (FEC) column provides enhanced ductili-

ty, strength, stability and stiffness. Moreover, this composite system renders bet-

ter fire proofing and corrosion protection since the steel section is fully encased 

by concrete. This paper investigates the behaviour of axially loaded concrete 

encased steel composite columns experimentally as well as through numerical 

simulations. In the experimental investigation eleven small scale short FEC col-

umns has been tested under concentric gravity loadings. A nonlinear 3-D finite 

element model has been developed to analyses the inelastic behavior of steel, 

concrete, and longitudinal reinforcement as well as the effect of concrete con-

finement in fully encased composite (FEC) columns. Attempt has been taken in 

this study to explore the behavior and strength of FEC columns encompassing a 

variety of geometry and material properties. The model has been verified against 

the experiments conducted in the laboratory under concentric gravity loads. It is 

observed that the finite element model is able to predict the experimental behav-

iour of FEC columns and squash load under concentric gravity loads with good 

accuracy. The numerical and experimental capacities were also compared with 

the predicted capacities according to ACI 318 (2014) and AISC-LRFD (2010) 

codes guidelines. 

Keywords: Composite, Columns, Experimental, Finite element, fully encased, 

Strength.  
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1 INTRODUCTION 

Composite construction system first appeared in the United States 1894 but the 

design guidelines were established in 1930. During the past few decades, steel 

concrete composite structural systems have been used in many tall buildings all 

over the world. There are three types of composite columns commonly used in 

high rise building. Typical cross-section of these columns are shown in Figure 

1.As shown in Figure 1(a), in FEC columns the structural steel section is fully 

encased by surrounding concrete where as in partially encased composite col-

umns, as shown in Figure 1(b), the steel section is partially encased by concrete. 

On the other hand in concrete filled tubular composite columns, as shown in 

Figure 1(c) the concrete is fully confined by the surrounding steel section. 

Extensive experimental investigations on FEC columns have been conduct-

ed by Sherif and Deierlein [1], Virdiand Dowling [2], Mirza and Skrabek [3], 

with the extensive review of most of these researches is given by Shanmugam 

and Lakshmi [4]. These tests were carried out on concentrically loaded and ec-

centrically loaded FEC columns having different slenderness ratios, different 

steel sections and different concrete and steel strength. Analytical and theoreti-

cal studies on concentrically loaded and eccentrically loaded FEC columns 

have been performed by, Tokgoz and Dundar [5], and Chen and Lin [6]. It is 

observed that very limited study on numerical simulation of FEC columns. Re-

cently, Ellobody and Young [7] developed a nonlinear 3-D finite element mod-

el investigating the behaviour of axially concentric loaded FEC columns. FEC 

column is a relatively new system for the construction industry of Bangladesh. 

In the upcoming version of Bangladesh National Building Code (BNBC 2010) 

the design of FEC columns has been included [8]. Most of the guidelines have 

been adopted from AISC 2005. The applicability of these design provisions in 

the construction environment of Bangladesh need to be explored. Attempts 

have been made in this study to develop a full scale 3D FE model for FEC col-

umns to explore the behavior and strength of FEC columns encompassing a 

wide variety of geometry and material properties. The model will be verified 

against the experiments conducted in the laboratory. It will also compared with 

the predicted capacities according to ACI -2014 [9] and AISC-2010 [10] codes 

guidelines. The validated FE model will eventually be used to explore the fail-

ure behavior of FEC columns.  

2 EXPERIMENTAL INVESTIGATIONS 

An experimental investigation, to determine the failure behaviour and load carry-

ing capacity of FEC columns is presented in the study. The main variables con-

sidered in the test program were the concrete compressive strength, cross 

sectional dimensions and percentage of structural steel. The failure mode and 

experimental load-deflection behaviour of the specimens were examined in the 

tests.  
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       (a)                                                (b)                                                   (c) 

 

Figure 1: Typical X-sections of composite columns, (a) FEC; (b) PEC; and (c) 

CFT 

2.1 Description of Test Specimens  

The test program consisted of eleven (11) numbers of FEC columns of two dif-

ferent sizes with varying percentages of structural steel. Six composite column 

specimens with square cross section (100mmx100mm, as shown in Table 1) were 

constructed with normal strength concrete. Another five specimens also with 

square section (150mmx150mm, as shown in Table 2) were constructed with 

high strength concrete. The concrete compressive strength (f'c) for normal and 

high strength concrete were 27 and 41 MPa respectively. The yield strength of 

reinforcement and core steel were 415 MPa. The length (L) of all FEC test col-

umns was 900 mm respectively. The typical cross section of these columns is  

illustrated in Figure 2. 

Table 1: Geometric properties of test specimens with normal strength concrete 

 

Sl. 

No. 

Specimen Steel Plate 

Size 

Reinforcement Steel Ratio 

 

Designation bfxdxtfx tw 

(mm) 

Longitudinal 

rebar 

Tie rebar 

(mm) 

Plate 

(%As) 

Rebar 

(%Asr) 

1 SCN4A-1 20x20x5x5 4-φ8mm φ6mm@50mm 3 2 

2 SCN4A-2 20x20x5x5 4-φ8mm φ6mm@50mm 3 2 

3 SCN4A-3 20x20x5x5 4-φ8mm φ6mm@50mm 3 2 

4 SCN4B-1 25x25x5x5 4-φ8mm φ6mm@50mm 3.75 2 

5 SCN4B-2 25x25x5x5 4-φ8mm φ6mm@50mm 3.75 2 

6 SCN4B-3 25x25x5x5 4-φ8mm φ6mm@50mm 3.75 2 
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Table 2: Geometric properties of test specimens with high strength concrete 

Sl. 

No. 

Specimen Steel Plate 

Size 

Steel Rebar Steel Ratio 

 Designation bfxdxtfxtw 

(mm) 

Longitudinal 

rebar  

Tie rebar 

(mm) 

Plate 

(%As) 

Rebar 

(%Asr) 

1 SCH6A-1 30x30x5x5 4-φ8mm φ6mm@75mm 2 1 

2 SCH6A-2 30x30x5x5 4-φ8mm φ6mm@75mm 2 1 

3 SCH6A-3 30x30x5x5 4-φ8mm φ6mm@75mm 2 1 

4 SCH6B-1 45x45x5x5 4-φ8mm φ6mm@75mm 3 1 

5 SCH6B-2 45x45x5x5 4-φ8mm φ6mm@75mm 3 1 

 

Axial load was applied to the composite columns specimens at the rate of 5 KN/s. 

The digital reading of axial load and lateral displacement were collected by using 

an electronic data acquisition system during testing of each specimen. 

 

  

 

 

 

Figure 2: Typical X- section of FEC columns   Figure 3: Experimental column  

  test setup
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3 FINITE ELEMENT MODEL 

A nonlinear 3D finite element model was developed in this study to investigate 

the behavior and strength of FEC columns encompassing a variety of geometry 

and material properties. Both material and geometric nonlinearities were incorpo-

rated in the FE model. ABAQUS finite element code [11] was used to develop 

the nonlinear FE model for FEC columns in this study. The steel section in FEC 

column is modeled with S4R shell element. Each node of the S4R shell element 

has six degrees of freedom- three translations and three rotations. The longitudi-

nal and transverse bars were modeled using T3D2 three dimensional truss ele-

ments. The concrete of FEC column was simulated using solid C3D8R element. 

The load was applied using displacement control technique on the top surface of 

the column. The base of the column was fixed in all directions. Rik’s solution 

strategy has been implemented to trace stable post peak behavior of the compo-

site column up to failure. 

4 MATERIAL PROPERTIES FOR FE MODEL 

Steel and concrete are the main materials used in FE model for numerical inves-

tigation. Plastic properties for these materials (as shown in Table 3 and 4) were 

incorporated in the FE model. The subscripts y, sh and u in the table signify the 

yield, onset of strain hardening and ultimate strain of the steel plates respectively. 

The stress strain data obtained from uniaxial tension test were converted to true 

stress and logarithmic plastic strain. It was calculated based on coupon test of 

steel plates. The value of the Poisson’s ratio for steel used in the numerical anal-

ysis is 0.3.Elasto-plastic J2 material model is used to simulate the behavior of 

steel I section in FEC columns. The damage plasticity model in ABAQUS was 

used to simulate the concrete material behaviour in the composite columns.  Car-

reira and Chu [12, 13] equations were used to generate the compression and ten-

sion stress-strain curve for concrete material in FEC columns. The ultimate 

strength (f'cu) for concrete was obtained from standard cylinder tests performed 

on concrete at the test day for each test specimen . 

Table 3: Material properties of test specimens 

Specimen 

Design. 

Properties of concrete  Properties of steel plate  

 fcu 

(MPa) 

Ec 

(MPa) 

ɛc 

(μɛ) 

ᵧ Fy 

(MPa) 

Fsh 

(MPa) 

Fu 

(MPa) 

ɛy 

(mm/mm) 

ɛsh 

(mm/mm) 

ɛu 

(mm/mm) 

SCN4A 

SCN4B 
27 24680 1900 0.18 350 355 626 0.003860 0.022320 0.129830 

SCH6A 

SCH6B 
41 30000 2000 0.18 350 355 626 0.003860 0.022320 0.129830 
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Table 4: Material properties of test specimens 

Specimen 

Designa-

tion 

Properties of concrete  Properties of reinforcement 

fcu 

(MP

a) 

Ec 

(MPa

) 

ɛc 

(μɛ

) 

ᵧ Fy 

(MP

a) 

Fsh 

(MPa

) 

Fu 

(MP

a) 

ɛy 

(mm/mm) 

ɛsh 

(mm/m

m) 

ɛu 

(mm/m

m) 

SCN4A 

SCN4B 
27 

2468

0 

190

0 

0.1

8 
470 471 634 0.00322 

0.01917

0 

0.1355

5 

SCH6A 

SCH6B 
41 

3000

0 

200

0 

0.1

8 
470 471 634 0.003220 

0.01917

0 

0.1355

5 

5 COMPARISON BETWEEN EXPERIMENTAL AND NUMERICAL 

RESULTS 

5.1 Load Deflection Behavior 

Axial compressive strength, axial shortening and failure behavior were observed 

and recorded for each FEC column specimens experimentally and numerically. 

The load-deflection behavior of column group SCN4B obtained from the FE 

analysis as well as from the experiments is plotted in Figure 4. It was observed 

that finite element model can predict the experimental behavior of FEC columns 

with good accuracy.  

 
Figure 4: Comparison between experimental  

 and numerical load                         5: Failure mode of FEC test columns  

 

The values of mean experimental and numerical peak loads, for six columns with 

normal strength and five columns with high strength concrete are shown in Ta-

bles 5 and 6 respectively. The mean value of experimental-to-numerical peak 

load ratio, Pexp/Pnum and experimental-to-numerical average axial strain at peak 

load, ɛexp/ɛnum, are compared for all groups of columns. It is observed that the 

mean value and the standard deviation of all groups of columns are reasonable. 
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This indicates the excellent performance of the finite element model in predicting 

the ultimate capacity of FEC columns with two different strength of concrete. 

Table 5: Comparison of numerical and experimental results for normal strength 

concrete 

Ser 

No 

Specimen Pick axial load Pexp/Pnum Avg. axial strain 

at peak load 

 

ɛexp/ɛnum 

 Designation Pnum 

(KN) 

Pexp 

mean 

(KN) 

Num. 

ɛnum (μɛ) 

Exp. 

ɛexp ((μɛ) 

1 SCN4A 471 491 1.042 2550 2708 1.062 

2 SCN4B 490 516 1.053 2541 3202 1.260 

Mean 

SD 

   1.050 

0.009 

  1.161 

0.140 

Table 6:  Comparison of numerical and experimental results for high strength 

concrete 

Ser 

No 

Specimen Pick axial load Pexp/Pnu

m 

Avg. axial strain at 

peak load 

 

ɛexp/ 

ɛnum  Designation Pnum 

(KN) 

Pexp(mean) 

(KN) 

Num. 

ɛnum (μɛ) 

Exp. 

ɛexp 

((μɛ) 

1 SCH6A 1181 1117 0.946 3749 4686 1.250 

2 SCH6B 1238 1240 1.002 3748 4314 1.151 

Mean 

SD 

   0.974 

0.039 

 

 

 1.201 

0.070 

5.2 Failure Modes  

The failure modes for FEC columns were identified from the finite element anal-

ysis and compared with the failure modes observed in the test. Failure modes 

were captured manually for all the specimens during the test as shown in Figure 

5. The local failure was prevented using FRP (2mm thick) at the top and bottom 

of the columns. It was observed in all cases that concrete crushing (CC) occurred 

before yielding of the steel plate (SY). Similar failure behavior was obtained in 

the nonlinear FE simulation of FEC columns under axial loads. The principle 

stress in concrete and steel of FEC column along 3-3 axis is shown in Figure 6. 
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          (a)                                                                      

              (b) 

 

     

Figure 6:  Deformed Shapes and stress contour at failure in a) Concrete b) Core 

steel of FEC columns 

6 CONTRIBUTION OF STEEL AND CONCRETE IN THE CAPACITY 

OF FEC COLUMNS 

The finite element model is able to isolate the contribution of the core steel, rein-

forcement and concrete in the total load carrying capacity of the FEC columns. 

The axial load and axial deformation of individual materials in the composite 

section were determined. Load carrying capacity of different elements of column 

group SCN4Bis shown in Figure 7. It has been observed that the contribution by 

steel I-section, reinforcement and concrete of the total load carrying capacity of 

the composite columns are 30%, 13% and 57% respectively. More over increas-

ing the core steel ratio from 1% to 2% the axial capacity is increased by 4% for 

normal strength concrete of columns groups (SCN4A and SCN4B). Similarly, for 

high strength concrete columns groups (SCH6A and SCH6B) load carrying ca-

pacity is also increased by 5%. The effect of high strength concrete has been 

studied in this study. It is observed that increasing the concrete strength from 27 

to 41 MPa, the capacity of columns strength is increased by 28% for SCN4B 

groups which is shown in Figure 8. 
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Figure 7: Contribution of steel and concrete in the ultimate capacity 

 
Figure 8: Effect of concrete strength on the capacity of FEC columns 

7 REVIEW OF CODES 

Over the last two decades, researchers have suggested analytical methods and 

design procedures for composite columns and design codes have been formulated. 

Each of these codes is written so as to reflect the design philosophies and practic-

es in the respective countries. All the codes provided guide lineson concrete ma-

terial properties, steel core requirements, transverse reinforcement requirements, 

longitudinal, reinforcement requirements and detailing of various structural ele-

ment 

7.1 ACI-318 Approach-2014 [9] 

It uses the limit state design format with factors and capacity reduction factors. 

The strength of a composite column is computed as for reinforced concrete 

members. Failure is defined in terms of a 0.002 strain limit for any concrete fiber. 
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The expression for equation stiffness includes creep factor and cracked concrete 

stiffness is considered. Minimum eccentricities are specified to cover construc-

tion tolerances. It specifies maximum axial load Pn= ɸP0with ɸ=0.85 and equa-

tion1. 

  P0=0.85f’c (Ag-Ast-Ass)+fyssAss+fyAst                                                    (1) 

where, f'c is compressive strength of concrete, Ag is gross area of column section, 

Ast is area of longitudinal reinforcement, Ass is area of core steel, fys, , fy ,yield 

strength of core steel and longitudinal reinforcement, respectively. 

7.2 AISC-LRFD Approach-2010 [10]   

The design of composite columns is based on the design equations for steel col-

umns. The slenderness and area parameters are modified for the presence of con-

crete. Load transfer should be provided by direct bearing at the connections. 

  Pno= [0.85f'cAc+fyAs+fysrAsr]                                             (2) 

  Pe=π
2 
(EIeff)/(KL)

2                                                                                                
(3)

 

  
Pn= 0.75xPnox [0.658 ], if  ≤ 2.25                          (4) 

8 COMPARISION OF COLUMN STRENGTHWITH  DESIGN CODES 

The strength of the concrete encased composite columns obtained using the FE 

and the tests are compared with the unfactored design strengths predicted using 

the ACI 318 [9] and AISC 2010 [10]for composite columns in Table 7. The mean 

values of PNum/PExp, PACI/PEXP and PAISC/PEXP ratios are 0.991,0.862 and 0.805, 

respectively, with the corresponding cofficients of variation of 4.85,3.14 and 11.5, 

respectievly. It is seen that the design strength predicted by the two specifications 

are conservative for the test specimenses, with the AISC-2010is comparatively 

more conservative then ACI-318.This is due to the fact that both the codes (ACI-

318 and AISC-LRFD) neglected the effects of concrete confinement on strength 

and ductility of FEC columns. 

9 CONCLUSIONS 

Experimental as well as numerical research on the behavior of square FEC col-

umn subjected to short term axial load has been presented in this paper for two 

different strengths of concrete different steel ratios. The complete experimental 

load-deflection behavior of the composite column specimens has been attained in 

the study. This study also conducted a nonlinear 3D finite elements analysis on 

FEC columns under axial load. Nonlinear material behavior for concrete has been 

incorporated in FE analysis. 
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Table 7: Comparision between experimental, numerical and code predicted 

capacities for FEC columns 

Ser Specimen Concrete Yield Strength 

of Steel 

 

PNum PExp 

mean  

PACI PAISC PNum/ 

PExp 

PACI/ 

PExp 

PAISC/ 

PEXP 

No Designation f'c 

(MPa) 

fyt 

(MPa) 

fys 

(MPa)   

(KN) (KN) (KN) (KN) 

1 SCN4A 27 470 350 

 

471 491 413 357 0.959 0.841 0.727 

2 SCN4B 27 470 350 

 

490 516 438 374 0.950 0.849 0.725 

3 SCH6A 41 470 350 

 

1181 1117 1006 1013 1.057 0.901 0.907 

4 SCH6B 41 470 350   1238 1240 1062 1069 0.998 0.856 0.862 

             Mean Value 

      

0.991 0.862 0.805 

Standard deviation 

      

0.048 0.027 0.093 

Coefficient of Variation (%)             4.85 3.14 11.5 

Geometric nonlinearities were also included in the model. The strength of the 

concrete encased composite columns obtained using the FE and the tests are 

compared with the unfactored design strengths predicted using the ACI 318 and 

AISC-LRFD 2010 for these composite columns.The major findings of this study 

can be summarized as; 

a) The finite element model was found to predict the experimental behav-

iour of FEC columns under concentric gravity loads with good accuracy. 

b) Steel carried about 30% axial load of the total capacity of FEC columns.  

c) Concrete carried about 57% axial load of the total capacity FEC columns. 

d) Load carrying capacity of a column increased by 28% when concrete 

strength is increased from 27 MPa to 41 MPa. 

e) Design strength predicted by the two specifications are conservative for 

the test specimenses, with  AISC-2010 more conservative then ACI-318. 
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Abstract. Utilization of wastes like slag, fly ash (FA)and rice husk ash (RHA) as 

replacement of cement and development of no-cement binder (NCB) has been 

observed in many recent studies. Present study aims to investigate the mechani-

cal characteristics of such NCB mortar containing different percentage of coco-

nut fibers (1.0%, 1.5% and 2.0%) as a reinforcement. Mortar prisms were 

prepared using slag, FA, RHA with NaOH (5%, 10%, and 15%) by weight. Test 

results show that the compressive, flexural and tensile strength of NCB mortar 

(mix 3 = 50% slag, 35% FA, 13.5% RHA and 10% NaOH) without coconut fiber 

were found to be 12.5 MPa, 2.9 MPa and 0.8 MPa respectively. Due to addition 

of 1.5% coconut fiber on the same mix, these strengths were improved by 44.7%, 

11.7%, and 22.41% respectively. Specific gravity of the NCB binder and mortar 

unit weight for the same mix (mix 3) were recoded around 2.5 and 1800 kg/m
3
, 

while OPC and OPC mortar has shown these values as 3.15 and 2200 kg/m
3
. 

Depending on the test results, it can be concluded that use of coconut fiber in 

NCB has a great potential in the production of lightweight mortar/concrete. 

Keywords: Coconut fiber, Cement, Fly ash, Flexural strength, Rice husk ash, 

Slag. 
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1 INTRODUCTION 

Concrete can be addressed as the prime material to satisfy the global construction 

need. Every year global concrete production rate is approximately 10 cubic kilo-

meters [1]. Despite of its popularity the environmental impact associated with the 

concrete production (basically for raw material preparation) has become a major 

concern of the environmentalists as well as the engineers. Concrete is basically a 

composite of cement, aggregate and water. Cement accompanies the 10 – 15 per-

cent of the total concrete and considered as the key binding material. Global pro-

duction of cement is estimated approximately 2.4 billion tons which is increasing 

significantly every year [2] and a large share (about 67.60% of the total) is pro-

duced in Asiatic region [3]. As the consequence of the emerging need of concrete 

construction, cement industries worldwide are facing growing challenges in con-

serving material and energy resources.  Again, in a statistics, it has shown that 5 

– 7 percent of the total CO2 emission originated from the cement industries [3, 4], 

which catches the attention of the researchers. Thus there are numerous research-

es ongoing to develop new alternative binder [5 – 7] replacing cement.  

Slag, fly ash (FA), rice husk ash (RHA) are the waste products of blast fur-

nace, coal based power plant and agricultural industry respectively. Generation 

of these type of wastes are progressively increasing due to rapid industrialization 

and growth of agricultural sectors to support the growing population demand. In 

recent times, use of such waste materials on the production of composite cements 

has gained increasing interest due to various ecological, economical, technical 

benefits [6 – 9]. Bremner [10] reported that, 300 million tons of CO2 can be re-

duced by replacing only 18.5% of cement with slag or fly ash (FA) per year 

globally. Natural fiber such as coconut fiber has certain physical and mechanical 

characteristics that can be utilized effectively to impart additional strength to the 

concrete [11]. To reduce the impact on the environment, use of these materials as 

a no-cement binder (NCB) leads to the proper disposal of these materials, result-

ing in reducing the impact of these materials on environment. Previously, RHA 

and FA have been used as partial replacement of cement in mortar [12]. Karim et 

al. [6] reported that 100% replacement of cement can be made with using slag, 

FA and RHA, where NaOH work as an activator. To the best of authors’ 

knowledge, a full replacement of cement along with coconut fiber reinforcement 

is not yet investigated. Therefore, the objective of this study is to investigate dif-

ferent properties of a chemically activated no-cement binder containing slag, FA, 

RHA with coconut fibers. 

2 MATERIALS AND METHODOLOGY 

2.1 Materials 

Ground granulated blast-furnace slag (GGBFS) is considered as slag which is 

basically steel industry generated waste (by-product). Annual worldwide produc-
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tion of slag is about 100 million tons and from this total only 35 % (approximate-

ly) is recycled [6]. For this current research GGBFS was collected from a local 

company named Seven Circle (Bangladesh) Ltd. Slag was grinded using Los 

Angles abrasion machine before use. 

Fly ash (FA) is also a by-product of the coal based power generation compa-

nies. Recent reports show that the worldwide generation of fly ash is approxi-

mately 750 million tons and Bangladesh is responsible for Bangladesh the 

production of 52000 metric tons. For this current research FA was collected from 

the same company from where the slag was collected. 

Rice husk ash (RHA) is an agricultural offshoot. RHA was collected from one 

local rice produce mill and grinded using Los Angeles abrasion machine.  

Coconut husks were first collected from local shop, then these were soaked in 

water for a month and further placed in 10% NaOH solution for seven days to 

dissolve the Lignin and Hemicelluloses to facilitate extraction of fibers. The 

shells were then washed properly and air dried for five days. Fibers were oven 

dried at 80
o
C temperature for 5 hours and then cooled.  

To activate the materials (slag, FA and RHA) and achieve the binding proper-

ty of theno-cement binder (NCB) sodium hydroxide (NaOH) was used as chemi-

cal activator. 

Local river sand (fine grain sand) and Sylhet sand (coarse grain sand) which 

passed through 4.75 mm sieve were used as fine aggregate in mortar preparation. 

2.2 Methodology 

2.2.1 Tests on materials 

Specific gravity of the materials was determined according to BS1377 [13] test-

ing standard. Fineness of materials was determined using the following formula 

calculate the percentage fineness of Slag, or FA or RHA.  

                        
         

  
                                        

Here, W1 = Total weight of Slag/ FA/RHA, W2 = Weight of residue on #200 

sieve. Unit weight of the NCB composite mortar was determined according to BS 

EN 1015-10 [14]. Flexural and compressive strength test was performed accord-

ing to BS EN 196-1 [15] testing standard. 

2.2.2 Specimens Preparation 

In this present research, six different mix proportions (by weight) of raw materi-

als (water, sand, slag, FA, RHA, Coconut fiber, NaOH) were selected. The mix 

proportion data are summarized in Table 1. 

Table 1: Mix proportion of raw materials (by weight) 
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Mix No. 
Water / 

Binder 

Sand / 

Binder 

Slag 

(%) 

FA 

(%) 

RHA 

(%) 

Coconut 

fiber (%) 

Concentration 

of NaOH (%) 

Mix 1(a) 0.50 3.0 50 35 15.0 0.0 5 

Mix 1(b) 0.50 3.0 50 35 15.0 0.0 10 

Mix 1(c) 0.50 3.0 50 35 15.0 0.0 15 

Mix 2 0.50 3.0 50 35 14.0 1.0 10 

Mix 3 0.50 3.0 50 35 13.5 1.5 10 

Mix 4 0.50 3.0 50 35 13.0 2.0 10 

Mortar prisms of 40 mm × 40 mm × 160 mm in size were prepared to deter-

mine the compressive strength, flexural strength, water absorption, and porosity 

according to corresponding testing requirements. Briquettes were prepared to 

determine the tensile strength of mortar. Molds of the NCB-mortars were re-

moved after two or three days and the specimens were immersed in a clean water 

bath at room temperature of 25 ± 2°C for desired testing at ages of 14, 28 and 90 

days. After full period of curing specimens were taken out from curing bath for 

the relevant testing. 

3 RESULTS AND DISCUSSIONS 

3.1 Physical properties 

Physical properties of the materials used are summarized in Table 2. Specific 

gravity results show that, specific gravity of considered materials (Slag = 2.75, 

FA = 2.58, RHA = 1.98 and Coconut fibers = 1.18) varies in between 18 to 2.75 

while specific gravity of OPC is retorted as 3.14.Thereforeobserved materials are 

lighter than the OPC. Fineness of considered materials are nearly same to OPC 

and fineness modulus of fine aggregate (sand) is 2.12. 

Table 2: Physical properties of the materials 

NCB Mix Specific gravity Fineness 

(% passing #200 sieve) 

Ground Slag 2.75 100 

FA 2.38 99.9 

Ground RHA 1.98 100 

OPC  3.15 100 

Coconut fiber 1.18 --- 

3.2 Hardened properties of mortar 

3.2.1 Unit weight of mortar 

Unit weights and specific gravity of mortar specimens for different mix are 

shown in Table 2. Unit weight of mortar was calculated as the average value of 

the six specimens that are presented in Table 3. Highest unit weight for NCB 
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with coconut composite mortars is 1785 kg/m
3
which is obtained for mix – 3 and 

on the other side NCB mortar without coconut fiber shows highest unit weight of 

1841 kg/m
3
 at 5% NaOH concentration. Besides reported value of OPC mortars 

is 2200 kg/m
3
for water - binder ratio 0.5 and sand – binder ratio 3.0 [6]. Reported 

results show that the NCB composite with coconut fiber is the lightest among all. 

Thus the use of coconut fiber has great potential in the production of lightweight 

mortar/concrete. 

Table 3: Unit weight of mortar specimens 

Mix Unit weight of mortar (kg/m3) 

Mix-1(a) 1841 

Mix-1(b) 1860 

Mix-1(c) 1808 

Mix-2 1785 

Mix-3 1780 

Mix-4 1775 

OPC Mortar 2200 

3.2.2 Compressive strength of mortar 

Results of compressive strength of NCB mortar specimens with or without coco-

nut fiber composite are presented in Fig. 1. In this present research higher com-

pressive strength of NCB mortar was obtained 8.6 MPa for 10% of NaOH. In a 

previous study Karim et al. [6] reported better compressive strength for NCB 

mortar with 5 % NaOH. Improper grinding of the raw materials can be consid-

ered as reason for the requirement of higher amount of activator.  

 

Figure 1: Compressive strength of NCB mortars specimens at different ages. 

Test results show that, due to the addition of 1.5% coconut fibers with NCB, 

compressive strength improved by 44.7%. It is presumed that the compressive 

strength of NCB mortar with coconut fiber composite increases with the increase 
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of fiber content amount and after certain limit it starts to decrease [Fig. 2]. Opti-

mum coconut content for NCB with coconut composite to achieve height com-

pressive strength is 1.5 % (approximate).  

 

Figure 2: Compressive strength of mortar as influenced by amount of coconut 

fiber 

3.2.3 Tensile and Flexural Strength 

The overall tensile strength test results of the NCB coconut fiber composite are 

presented also in Fig.3. It is observed that the tensile strength of NCB mortar de-

creases with an increase in the fiber content on the NCB mix. Test results also 

point that for 1.0% and 1.5% fiber content, tensile strength of NCB composites 

are improved by 22.41% in comparison with NCB composite without coconut 

fiber. This may be due to addition of coconut fiber that acts as a reinforcing me-

dia in the mortar. 

 

Figure 3: Tensile strength and flexural strength of mortar. 

Flexural strength of NCBs increases with an increase in the fiber content up to 

1.5% and after that it starts to decrease. Flexural-to-compressive strength ratio of 

23.8% (maximum) is obtained for Mix-3 for this present case. 
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4 CONCLUSIONS 

Depending on experimental results, the following conclusions can be drawn from 

the present study: 

 Specific gravity of no-cement binder (NCB) with coconut fiber composite 

mortars (Slag, FA, RHA and Coconut fibers) is lower than conventional OPC 

mortar. Also, unit weight of NCB mortar is near about 1800 kg/m
3
 and for 

OPC mortar this value is 2200 kg/m
3
. Therefore, it can be concluded that the 

use of coconut fiber with NCB has great potential in the production of light-

weight mortar/concrete.  

 Comparing with the study of Karim et al. [6], it can be said that materials for 

NCB with coconut fiber composite should be processed properly maintaining 

high fineness. Otherwise more chemical activator (minimum 10% activator 

by weight of binder) must be required. 

 Addition of 1.5% coconut fiber with NCB achieved best compressive and 

flexural strength of 12.5MPa and 2.9 MPa respectively after 90 days curing 

period. It shows improvement on compressive and flexural strength about 

44.7 % and 11.7% respectively in comparison with NCB without coconut fi-

ber. Therefore, 1.5 % can be declared as optimum coconut fiber content to 

achieve highest strength.  The tensile strength of NCB was found to be 0.8 

MPa at 90 days, (improved by 22.41%). 
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Abstract. Recycled granulated steel (RGS) is a by-product produced in the steel 

re-rolling mills. Steel re-rolling mills generate significant volume of granulated 

steel each year. The use of RGS is new in the area of concrete research.  This 

paper describes the influence of RGS on the flexural properties of concrete, and 

compared those properties with the control concrete specimens containing natu-

ral aggregates. RGS was introduced as a replacement to fine aggregates (up to 

60% by weight). The tests were conducted as per ASTM standards in flexure un-

der quasi-static loading condition. The results of the flexural properties are pre-

sented in terms of flexural stress and fracture toughness. The study shows that 

the flexural strength and flexural toughness increase up to 30% and 38% respec-

tively with the increase of RGS in the concrete mixtures compared to those of 

control concrete. These increased flexural properties are observed mainly from 

30% RGS replacement and above. Finally, this paper indicates the possible use 

of RGS in concrete as a replacement of fine aggregate to produce new genera-

tion concrete. 

Keywords: Recycled granulated steel, Flexural strength, Flexural toughness. 
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1 INTRODUCTION 

The growing demand for concrete structures to mitigate the inhabitation for 

worldwide population consumes a higher rate of natural aggregates nowadays. 

This generating use of good quality natural aggregates has raised a huge concern 

for catalyzing the jeopardy of aggregates in near future [1]. This reason of 

accelerating the depletion of natural aggregate has led to a search for the feasible 

alternatives. 

Studies show that a systematic consumption of recycled products can deplete 

the huge amount of industrial wastes to solve the waste disposal problem [1].The 

use of recycled fine and coarse aggregate in construction is comparatively a new 

sector of research. From a review on existing literatures it was revealed that 

numerous researchers are working on improvising the production of economical 

and environment friendly concrete using various recycled fine and coarse 

aggregates such as demolished structural units[1], industrial waste[2], 

crushedtile[3], ceramic waste[4], FRP scrap[5], grounded glass waste [6] etcMost 

of the researchers conducted specific experiments to investigate the regular 

parameters of concrete such as compressive strength, tensile strength, flexural 

strength, durability, modulus of elasticity, etc. These parameters are correlated 

with the properties of aggregate used in concrete. As recycled aggregates are 

obtained from different sources they possess completely different characteristics 

in comparison to natural aggregates. This includes a difference in gradation, 

shape and texture of aggregate, difference in specificgravity. Moreover,the 

containment of impurities due to the variation in sources is another major 

concern. These properties significantly influence the mechanical and durability 

characteristics of concrete which could not  be predicted before tests [1].    

Many renowned researchers are currently doing their research on the partial 

or full replacement of natural aggregates with the recycled ones. Studies showed 

that recycled concrete strength properties strongly depends on the level of 

replacement. Some researchers restricted the level up to 30% replacement for 

maintenance of standard requirements for 5% absorption capacity of 

aggregates[7]. It was revealed by Etxeberria et al. [7] that concrete produced with 

100% recycled coarse aggregate replacement requires high amount of cement in 

order to lower the water/cement ratio as well as to improvise compressive 

strength which may exceed the economic viability of project. Same fact 

regarding the prohibition on 100% replacement was also supported by . Thomas 

et al.[8], Topcu and Canbaz [3] and Evangelisa and J. de Brito [9] in their 

research works. 

To investigate the proper utilization of recycled material, durability of 

concrete is another vital criteria. Topcu and Canbaz showed that the application 

of crushed tile in concrete not only declined compressive strength but also posed 

an adverse effect on abrasion and freeze-thaw durability [3]. This issue also arose 
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with the utilization on the incorporation of coarse recycled concrete and ceramic 

aggregates which resulted in a higher chloride intrusion than conventional 

concrete [10]. Similar results were found by Thomas et al.[8]. Again Evangrlisa 

and Brito observed a linear increase in water absorption with the replacement 

ratio due to the porosity of fine recycled aggregate [9]. 

This study investigated the application of granulated steel as an alternative 

partial replacement of fine aggregatesinconcrete for its flexural behavior.This 

research work carries uniqueness without having any resemblance to previous 

works. At first, a pilot study was conducted to investigate the fresh and hardened 

properties of concrete using recycled granulated steel. The outcome of this study 

will pave the way for effective utilization of this industrial waste for producing 

commercially recognized structural concrete.A large number of steel rolling mills 

are currently running all over the world in order to serve the growing demand of 

reinforcing steel. Granulated steels are the by product left in the steel rolling 

mills after the production of reinforcing bars. An effective utilization of this 

recycled material can be beneficial for resource conservation as well as 

enhancement of properties of concrete against structural vulnerability. 

2 OBJECTIVE OF THE RESEARCH WORK 

The main objective of this research work is to investigate the flexural resistivity 

and behavior of recycled granulated steel replaced concrete. 

3 MATERIALS AND METHODS 

3.1 Material 

The following are the details of ingredients used to prepare concrete specimens. 

3.1.1   Cement 

In this research work Portland Composite Cement (PCC) is used as the binding 

material. The cement used is fresh and without any lumps. The apparent specific 

gravity was found to be 3.15. 

3.1.2    Natural Fine Aggregate (NFA) 

Locally available well graded Sylhet sand passing through 4.75 mm sieve was 

used. Fineness Modulus was found to be 2.47 and apparent specific gravity was 

found as 2.64. 

3.1.3    Natural Coarse Aggregate (NCA) 

Crushed stone chips with a maximum size of19 mm were used. Fineness Modu-

lus was found to be as 7.24 and apparent specific gravity was 2.70. 
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Figure.1.Gradation of natural fine aggregate (NFA) 

 

 

Figure.2. Gradation curve of NCA 

3.1.4   Recycled granulated steel (RGS) 

Recycled granulated steel is a by-product produced in the steel re-rolling 

mills.Texture of granulated steel aggregate was rough with more surface area 

than natural rounded aggregate. RGS was used as partial replacement of fine ag-
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gregate on a weight basis of 10 to 60%. Fineness Modulus was determined as 

3.22 and apparent specific Gravity was found as 7.90. 

 

Figure.3. Gradation of recycled granulated steel (RGS) 

3.2 Experimental details 

3.2.1    Specimen preparing and curing  

Seven distinct concrete batches comprised of 42 beams having dimensions of 

100mmX100mmX350mm (effective length of 300mm) were prepared for this 

research work.Based on some previous researches, a weight based mix ratio of 

1:2:3 was fixed and an effective water-binder ratio (w/c ratio) of 0.41 was main-

tained constant for all specimens [4,9]. All the types contained same cement, fine 

aggregate and coarse aggregate mix ratio where only the amount of granulated 

steel varied. Among the batches one is the control specimen and the other six 

batches held their identity as 10, 20, 30, 40, 50 and 60 percent partial replace-

ment of fine NFA with RGS in weight basis.Curing period was 28 days. After 

this period the specimens were tested for flexural response. 

3.2.2 Test setup 

Thequasi static flexural test was performed in accordance with ASTM C78 [11] 

and ASTM C1609 [12].The concrete specimens were tested in third-point bend-

ing. A universal testing machine (UTM) with a 1,000 KN capacity was used for 

this test. Six beam specimens from each mix were tested via third point loading. 
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Load was applied with a displacement rate of 0.15 mm/min, in accordance with 

ASTM C78 [11]. 

Table 1: Quantity of ingredients for producing 1m3 concrete 

4 RESULT AND DISCUSSION 

A summary of the quasi-static flexural properties for each batch is presented in 

Table 2. It is observed that concretes with RGS replacement have higher flexural 

strength than the control specimen. It is also seen that 30% RGS has the highest 

value of flexural strength (4.756 MPa). Also, concrete with40% RGS and 50% 

RGS shows flexural strength which is more than 4MPa. In summary, the flexural 

strength increased upto 31%, which indicates that RGS improves significantly 

the flexural property in hardened concrete. 

The specimen toughness for each category is found from the respective load 

versus deflection relationship. According to ASTM 1609 [12], the toughness, 

T
D

150, indicates the total area under the load versus deflection curve up to a net 

deflection of L/150. All the RGS replacement specimens in this study are found 

to show greater toughness values than does the control specimen. The equivalent 

flexural strength ratio R
D

T,150 indicates the ratio of toughness to first peak 

strength of the particular category. It shows higher values for the RGS replace-

ment specimens. This ratio is calculated as per ASTM 1609 [12] as follows: 

 

Batch identity Cement (kg) NFA (kg) NCA (kg) RGS (kg) 

Mix-1 

(Control) 
3930.82 7861.64 11792.45 N/A 

Mix-2 

(10% RGS) 
3930.82 7075.48 11792.45 786.16 

Mix-3 

(20% RGS) 
3930.82 6289.31 11792.45 1572.328 

Mix-4 

(30% RGS) 
3930.82 5503.15 11792.45 2358.49 

Mix-5 

(40% RGS) 
3930.82 4716.98 11792.45 3144.66 

Mix-6 

(50% RGS) 
3930.82 3930.82 11792.45 3930.82 

Mix-7 

(60% RGS) 
3930.82 3144.66 11792.45 4716.98 
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                   (1) 

 
Here, R

D
T, 150 is the equivalent flexural strength ratio, T

D
150 is the toughness 

(N mm), f1 is the first peak strength (N/mm
2
) calculated from the first peak load 

of the load deflection curve, b is the effective width of the specimen (mm), and d 

is the beam depth (mm). 

The post-peak energy dissipation is evaluated according to ASTM C78 [11] and 

JSCE-G552 [13]. The flexural toughness factor (FTF); used to evaluate the post-

crack resistance; is calculated as per JSCE-G552 [13] as follows: 

 

    
   

       
        (2) 

 

Here, FTF is the flexural toughness factor (N/mm
2
), A is the area under the 

load deflection curve up to a deflection δmax, equal to L/150 (N mm), L is the 

beam span (mm), δmax is 1 mm, b is the effective width of the specimen (mm), 

and h is the beam depth (mm). 

Moreover, flexural toughness and equivalent flexural strength are found to in-

crease up to 38.4% and 30%, respectively, compared to the control concrete mix. 

 

 

Figure.4. Flexural strength tested beam specimen 
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Table 2: Summary of Flexural Response. 

 

Properties  Control 
10% 

RGS 

20% 

RGS 

30% 

RGS 

40% 

RGS 

50% 

RGS 

60% 

RGS 

Flexural 

Strength, fp 

(MPa) 

 3.611 3.744 3.850 4.756 4.202 4.037 3.908 

Flexural 

Toughness 

Factor 

(FTF) 

(KPa) 

(JSCE G-

552) 

 0.657 0.806 0.839 0.774 0.68 0.809 0.910 

Toughness, 

T
D

150 
 4381.25 5374.23 5590.78 5156.69 4532.9 5395.97 6066.21 

Eqv. Flex-

ural 

Strength 

Ratio, 

R
D

T,150(%) 

 18 21.5 22 16.5 16 20 23.5 
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Figure.5. Variation of flexural strength with different percentage of RGS 
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5 CONCLUSIONS 

Following conclusions can be derived from this research paper. 

 The use of Recycled Granulated Steel (RGS) as a partial replacement 

serves an exclusive alternative of naturally available fine aggregate.All 

the percentages of RGS replaced concrete shows greater value of flexural 

strength than control concrete. 

 The result analysis also shows a higher value of flexural toughness which 

clearly indicates the suitability of use of RGS concrete where higher 

flexural resistance is needed. 

 The higher flexural properties of RGS concrete are resulted due to the 

flaky rough texture of RGS which contributes as fiber reinforcement in 

concrete. 

Based on the results achieved in this paper, it can be concluded that tentative 

application of Recycled Granulated Steel (RGS) as partial replacement of Natural 

Fine Aggregate in concrete will be able to fulfill the flexural resistivity criteria in 

long run. 
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Abstract. Advent of rapid urban civilization calls for the use of green concrete 

for sustainable development. Use of waste by product of sawmill i.e. sawdust can 

pave the way for a greener solution for concrete industry. This study utilizes 

sawdust waste as partial replacement of fine aggregate and investigates the fresh 

and hardened properties of sawdust concrete (SDC). 10% to 60% sand replaced 

SDC specimens were produced for compressive and split tensile test. The 7 and 

28 days compressive and split tensile test reveals the strength of the SDC is 

decreasing with increasing sawdust replacement levels compared to the control 

specimens. Again, flexural strength measurement was also done by preparing 

beam specimens of SDC. Four-point bending results of these beam specimens 

follow a gradual drop in terms of flexural strength. However, controlling the 

replacement amount of fine aggregate in SDC for both criteria of acceptable 

compressive and flexural strength limit was achieved successfully. Apart from 

this, characteristics and properties of sawdust and sand were investigated as 

well. The FM and moisture content of saw dust differs from the sand with a 

considerable extent. These variations in characteristics could possibly be the 

reason for drop in strength of SDC concrete when the sawdust amount gets high. 

These findings could shed some light in building a sustainable world of concrete 

in the days to come. 

 

Keywords: Green Concrete, Mechanical behavior, Recycling, Sawdust, 

Sustainability. 
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1 INTRODUCTION 

With the increasing demand of concrete structures, the use of natural aggregate is 

also getting significant. Almost 15 billion tons of concrete are being produced 

every year throughout the world [1]. To meet this demand, the quality natural 

aggregates sources are significantly decreasing all along the world and 

throughout the world 10 to 11 billion tons of aggregates are being used [2]. 

Specifically, in European countries, concrete of almost 2 billion tons are being 

used every year [3]. In a word, concrete can be considered as the second most 

used material after water in the world [4]. 

     The researchers and engineers are becoming more concerned and trying to 

find new source of materials as replacement because of the deterioration in the 

global environment. So, they are going for waste materials and by products. 

These products also can be used in the lightweight concrete production [5]. The 

most used fine aggregate is natural sand for making concrete. And the non-

scientific collection of this sand has become the threat to the environment and 

also making the scarcity of the aggregates [6]. Many developing countries are 

facing problems in meeting the huge demand of the concrete [7]. As there is 

chronic lacking in the building materials in the last decade, civil engineers are 

trying to replace the aggregates with the industrial wastes [8].  

     Improper management of sawdust can be a nuisance both for health and 

environment [9]. The preservatives for wood include pentachlorophenol, 

aromatic hydrocarbons, compounds of chrome, arsenic, copper etc. [11]. And it is 

a threat to the existence of a variety of the microorganisms. Moreover, sawdust 

accumulations and airborne sawdust present safety and health hazards [12]. So, 

effects can be controlled if sawdust is being utilized in making concrete. As a 

result, the researchers are researching on the sawdust [13]. 

Sawdust ash (SDA) can be suitable alternative in concrete making. With the 

increase of saw dust ash, the required water content also increases. For 10% 

sawdust ash, the bulk density, uncompact bulk density, moisture content, specific 

gravity and fineness modulus were found to be1436kg/cubic meter, 1435 

kg/cubic meter, 3.7%, 2.67 and 2.2 respectively. The compressive tests for 

cylinders and cubes were done and it was found that with strength increases with 

increasing curing days and decreases with increasing SDA percentage. The 

tensile strength and flexural strength also have same conditions in case of 

strength. There is much availability of SDA, so it can be easily utilized. The 

satisfactory replaceable percentage of SDA is found to be 10% [14]. 

     There were other numerous researches on the partial replacement of cement 

with sawdust and sawdust ashes in concrete. But as our main criteria were 

replacement of fine aggregate we didn’t bring those in our matter of concern.  
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2 EXPERIMENTAL INVESTIGATION 

2.1 Materials 

General Portland composite cement (Holcim) of a density 1441 kg/m
3
 was used 

for the mixing. Cement component proportions are given in Table 1. In addition, 

Fine aggregate (Local sand) of density 1920 kg/m
3
 was used. Potable water was 

used for the mixing purposes. Coarse aggregate with size of 19 mm was used for 

the test. Sand with size of 4.75mm was used. And saw dust with size of 4.75mm 

same as sand was used for the tests. 

Table 1. Portland Composite Cement (PCC) 

Ingredients used in PCC Ratio 

Clinker 65-80% 

Fly Ash 21-35% 

Gypsum 0-5% 

2.2 Gradation 

According to ASTM C136 [15], No. 100, 50, 30, 16, 8, 4, and 3/8 inch, 1.5 inch 

are used as the standard sieves. Gradation of an aggregate affects the properties 

of the hardened and fresh concrete both. And poor gradation reduces the 

workability or slump, can affect air content, and also can make voids in the 

product. 

     Fig 1. shows the gradation curve of fine aggregate (sand) and saw dust. We 

can see that there is difference in the FM values of sand and saw dust. So, this 

can affect the strength between controls and saw dust concrete. 

2.3 Mixture proportions 

The mixture proportions were followed as per the mix design of 1:2:3. The 

effective water-cement ratio followed was constant and the value is .45. Thus, the 

only variation in the batch was the amount and type of fine aggregate. The saw 

dust replacement was done on the basis of weight by replacing the same weight 

of natural fine aggregate with saw dust. 

     The mixture proportions have been given in the table 2. The table shows the 

variation in the amount of fine aggregates. Saw dust is much lighter than natural 

fine aggregate that’s why it will not give relevant result if replacement was done 

on the basis of volume. 
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Figure 1:  Gradation curve of Natural fine aggregate and Saw dust 

2.4 Specimens 

A total of 168 cylinders were casted, 24 for each batch that allowed the 

compressive and splitting tensile tests. The strength for 7 and 28 days has been 

done for the better accuracy. The mold size of the cylinders was 100mm diameter 

× 200mm height. Again, a total of 42 beams have been casted, 6 for each batch 

that allowed the four-point bending tests. The strength test for 28 days has been 

done. The mold size of the beams was 100mm×100mm×350mm. 

Table 2: Proportion of Concrete Mix 

Mixture Cement (kg) Sand (kg) Saw Dust (kg) Coarse Aggregate 

Control 0.66 1.32 - 1.98 

10% SDC 0.66 1.188 .132 1.98 

20% SDC 0.66 1.056 .264 1.98 

30% SDC 0.66 .924 .396 1.98 

40% SDC 0.66 .792 .528 1.98 

50% SDC 0.66 .66 .66 1.98 

60% SDC 0.66 .528 .792 1.98 

Note: SDC (Saw Dust Concrete) 
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2.5 Testing procedures 

The cylindrical concrete specimens were used in the tests for compressive 

strength according to ASTM C39 [16]. Test apparatus was calibrated to execute 

the compressive strength test on each specimen. The load rate was 2.2-2.4kN/s. 

     The specified beam specimens were used in the tests for flexure according to 

ASTM C78 [17]. A third-point loading machine (UTM-Universal Testing 

Machine) was used in the flexural strength test. The load rate was .10-.15kN/s. 

     According to ASTM C496 [18], the splitting tensile tests were done. The load 

rate was 0.36 − 0.73kN/s. 

3 EXPERIMENTAL RESULTS AND DISCUSSIONS 

Estimation for The mix design was done by using a mix ratio of 1:2:3 and the 

effective water cement ratio of 0.45%. Moreover, the saw dust used into concrete 

varied from 0% to 60% (at 10% increase) as a fraction (replacement) of sand 

weight. 

3.1 Compressive Strength Response 

The results from the concrete compressive strength test are shown in fig 2. It 

demonstrates that the 28-day compressive strength for the control concrete 

reached around 3909 psi (26.9 MPa). It is clear by the comparison of the 

strengths that; strength is reducing with the increase of the SDC percentage. At 

28 days, the 10% SDC had 16% lower strength than control concrete. In case of 

20% SDC the compressive strength reduces to be nearly 34.5% lesser than the 

control one at 28. A drastic reduction in compressive strength is observed in 

concrete made with 30% sawdust in replace of sand. At 28 days, it gives almost 

75.8% lesser value than control mixture chalking it out to be used as load bearing 

component. 40%-60% SDC behaves similarly as that of 30% SDC while 

considering the strength gain pattern. Again, these batches show contrasting 

strength gain pattern with control concrete. These batches also have very low 

compressive strength compared to control one.  

     Furthermore, from the fig. 2 it is also clear that with increasing amount of 

sawdust in concrete there is a gradual drop in compressive strength compared to 

the control concrete. Several possible reasons can be attributed for lower 

compressive strength in SDC, which are given as follows. 

     The lower compressive strength of SDC concrete can be attributed to the 

lower Fineness Modulus (FM) of sawdust compared to that of sand. Sand’s FM 

value is found to be 2.65 while FM of sawdust was 1.81. The higher the amount 

of sawdust in concrete the lower the combined FM gets, resulting in gradual 

increase in voids in SDC. This corresponds to the gradual drop of strength in 

SDC. 
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Figure 2: Variation of 7 and 28-day compressive strength of various concrete 

batches. 

     Laboratory test showed sawdust to possess very high level of absorption 

capacity compared to natural sand. This higher absorption of sawdust may have 

led to the declination of compressive strength. Due to the higher absorption even 

after measures being taken to use SSD condition, it was difficult to maintain such 

exact condition at all times in SDC. Amount of higher extent of water increases 

the water cement ratio and ultimately decreases strength. 

     Difference in chemical composition of sawdust and sand may introduce 

weaker bond between the mortar and aggregates. This may relate to the lesser 

compressive strength.  

     For each mix proportion, a total of 168 specimens were tested under 

compression, using 42 for each 7 and 28 day tests. Statistical analyses were done 

to determine the variation of the compressive strengths of different concrete 

batches. Table 3 shows such statistical parameters obtained from the hardened 

concrete properties based on compressive strength test data. 

3.2 Tensile Response 

The splitting tensile strength results for different batches are showed in fig 3. It 

shows that split tensile value of control cylinder reached about 363.4 Psi (2.5 

MPa) at 28 days. It is also observed from the fig 3 that the behavior of SDC to 
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lower its strength with the increase of sawdust is maintained in case of splitting 

tensile strength as well. 

     Splitting tensile strength of 10% SDC reduced to be 2.1% less than that of 

control specimen at 28 days. It is evident that this reduction is quite lesser 

compared to flexural and compressive strength reduction. This can be attributed 

to the fact that when used in small amounts some fibers of sawdust may provide 

some tensile capacity to the concrete but in large amount this behavior is offset 

by the lesser FM and higher absorption capacity of FM. 

Table 3: Summary of quasi-static response (Compression, Tension, Flexure) 

Propertie

s 

Day

s 

Batche

s 

Contro

l 

10% 

SDC 

20% 

SDC 

30% 

SDC 

40% 

SDC 

50% 

SDC 

60% 

SDC 

Compres

sive 

Strength 

(psi) 

7 

SD 109.61 45.952 21.579 21.016 12.58 21.688 5.94 

Mean 2261 1978.8 1391.5 472.5 396.75 271.63 203 

COV 0.0485 0.0232 0.0155 0.0445 0.0317 0.0798 0.029 

28 

SD 102.95 272.56 119.48 91.65 19.302 42.145 34.7 

Mean 3909 3282.1 2558.7 946.2 795.82 527.2 264.7 

COV 0.0263 0.083 0.0467 0.0969 0.0243 0.0799 0.1312 

Splitting 

Tensile 

Strength 

(psi) 

7 

SD 4.4 7.8 3.78 3.7 3.5 6.17 2.9 

Mean 294.8 239.7 188.6 104.3 77.1 57.9 45.5 

COV 0.02 0.03 .02 0.04 .05 .1 .06 

28 

SD 27.2 3.78 10.5 10.4 6.4 9.1 2.2 

Mean 363.4 355.7 241.4 112.3 79.7 67.9 49.4 

COV 0.08 0.02 .04 0.09 .08 .13 .05 

Flexural 

Strength 

(psi) 

28 

SD 45.9 47.5 8.2 33.2 12.6 8.3 7.7 

Mean 755.4 547 471.9 279 243.5 176.9 123 
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COV 0.08 0.08 0.01 0.1 0.05 0.04 0.06 

Note: SD (Standard deviation), COV (Co-efficient of variation) 

 
Figure 3: Variation of splitting tensile strength of control and sawdust concrete 

     In case of 20% SDC the value of split tensile reduces to a significant amount, 

this batch gives nearly 33.57% lesser value than control cylinder at 28 days. 30% 

SDC and onwards show declined values of split tensile. The value of split tensile 

strength of 30% to 60% SDC happened to be approximately 69%, 78%, 81.32% 

and 86.4% lesser respectively compared to the control one at 28 days’ test. 

     Statistical parameters were determined for different batches with respect to 

split tensile strength and are shown in Table 3.  

3.3 Flexural Response 

The flexural strength test results of different concrete mixes are presented in Fig. 

4 considering mean values. It shows that with the increasing amount of sawdust, 

the flexural strength of SDC decreased in a gradual manner. Control concrete 

beam reached a maximum value of 5.63MPa at 28-day. 10% SDC beam yielded 

a maximum flexural strength which is 26% lesser than that of control beam at the 

age of 28. At 28 days, mean values of 20% and 30% SDC showed 37.5% and 

63% lesser flexural stress than the control beam. 
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Figure 4. Variation of flexural strength of control and SDC as a function of age 

     Further, the reduction in flexural strength became 68% less for 40% SDC at 

the age of 28 days. Upon comparison of 50% and 60% SDC beam to the control 

one the reduction in flexural strength found at the age of 28 days were around 

77% and 84% less respectively. 

     The failure pattern of the beams has been showed on the fig 5. All the beams 

were failed along the center or beside the mid axis. The fig shows also how the 

tests have been carried out with the UTM (Universal testing machine). The 

texture is getting changed with the increase of the saw dust percentage. 

 

  

Figure 5: Flexural tests for different batches 

     Statistical parameters were found for different batches with respect to their 

flexural strengths. Table 3 shows the mean, SD, and co-efficient of variation 

(COV) obtained from different concrete batches during flexural test. 

4 CONCLUSION 

This study represents the fresh and hardened mechanical properties of partial fine 

aggregate replaced concrete made from the combination of saw dust, local sand 

and coarse aggregate. Throughout this project, the replaced specimens were 
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compared to the control specimen. All batching, testing, and mixing procedures 

followed ASTM standards.  

     The strength we are getting in compression test for 10% replacement 

specimen is less than the control specimen. And for 20% replacement specimen, 

the strength is getting less gradually. But in case of tensile test we are getting 

result slightly lower than the control specimen. The weight is almost 10% less for 

the 10% replacement specimen. The strength of the concrete reduces as the 

replaced saw dust increases. So, up to 10% replacement, it is feasible to use the 

saw dust. 

     Probable reasons behind the strength issues may be FM decrease in saw dust 

and high moisture content. We can resolve the issues, if we can get the similar 

FM and moisture content of sand in saw dust. 

The study reveals the implementation of saw dust concrete in place of natural 

fine aggregate. It will thus can useful in utilizing the wastes. The study is just the 

initiating steps in this sector, further experiment may get much good results. A 

future study considering different mix ratio, water-cement ratio, use of plasticizer 

for better workability, other admixtures etc. can be done for better results. 
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Abstract. This paper describes the vulnerability issue caused by sulphate expo-

sure associated with concrete structure manufactured by Recycled Granulated 

Steel (RGS) derived as a waste from steel rerolling industries as a partial re-

placement of Natural Fine Aggregate (NFA) within the range of 0~60% in weight 

basis. Since durability of concrete is the critical parameter regarding sustaina-

bility, RGS needs to testify the eligibility for further utilization and so therefore, 

the sulphate resistance experiments were adopted for this investigation. As there 

are no specific ASTM codes for sulphate test of concrete, some of the guidelines 

were taken from ASTM C1012 and ASTM C452 which are appropriate for sul-

phate test of cement mortar. Basically this program emphasizes the effect of sul-

phate exposure on mechanical strength and physical impact of concrete 

specimens. This investigation reveals the fact that as being denser configuration 

than conventional concrete, 40% and 60% replacement of RGS specimens expe-

rienced significant amount of volume change after sulphate exposure. Notably, 

change in height of specimens gradually declines from the peak for 30% to 60% 

RGS replacement. On the contrary, the slight drop in mechanical strength of 30% 

to 50% RGS replacement due to sulphate exposure leads to a final remark that it 

is not significant amount lower to fail the ASTM guideline criteria where other 

percentages held a negotiable range. 

Keywords: Recycled granulated steel (RGS), Sulphate exposure, Physical deg-

radation, Chemical attack, Compressive Strength. 



U. M. T. Quadir, A. Pramanik, K. Islam, M. Shahria Alam and S. M. Muniruzzaman 

 

176 

1 INTRODUCTION 

Concrete structures exposed to aggressive environment are prone to degradation 

due to capillary rise and evaporation of groundwater containing sulphate salts in 

the superstructure. This is due to the process of salt crystallization from a super-

saturated solution in its pores. When the pores associated with concrete are dis-

rupted by chemical hydration process, it experiences a stress generation due to 

expansion of volume resulting in the disturbance of bulk integrity of whole mate-

rial property. The effects of physical sulphate attack leads to scaling and surface 

degradation where chemical exposure responses to the expansion and cracking. 

This expansion in concrete may occur because of ettringite formation or gypsum 

formation.Generation of ettringite (C6AS3H32) is completed during the early stage 

of cement hydration process under the presence of sufficient amount of gypsum. 

Later this product transforms into monosulphate which results in the formation of 

ettrigite after some chemical reactions. Thus this continuous process leads to a 

devastating effect on concrete causing the intrusion of deleterious materials 

through the cracks. Another expansive product leading distress to concrete under 

sulphate attack is gypsum (CaSO4.2H2O) which requires the presence of 

Mg
+
cation with a high pH level. Thus these two products mainly play the subver-

sive role regarding the deterioration of concrete in harsh environment [1, 2, 3]. 

The study on the utilization of recycled material in concrete has acquired a 

high level of significance now-a-days as reported by numerous researchers. Fol-

lowing several earlier researches on improvising the production of economical 

and environment friendly concrete structure using various recycled aggregates 

such as demolished structural units, industrial waste, crushed scallop shells, ce-

ramic waste, FRP scrap, grounded glass waste etc [4,5,6,7,8,9,10], recycled 

granulated steel (RGS) in concrete was introduced by authors of current research 

work. Conducting some essential experiments, it was evident that utilization of 

recycled granulated steel (RGS) as a partial replacement of fine aggregate serves 

an excellent profit to refute the current demand of good quality natural fine ag-

gregate. But as the properties of RGS are completely different from natural ag-

gregate, it needs to fulfill the sustainability criteria of concrete for its approval on 

further commercial use. This current research paper will address the concern of 

sulphate resistance of concrete made with partial replacement of fine aggregate 

with RGS. Experiments were carried out to investigate the physical sulphate at-

tack by highlighting the change in mechanical strength as well as in dimensions.  

2 OBJECTIVE OF THE RESEARCH WORK 

The main objective of this research work is to investigate the compatibility of 

recycled granulated steel as a partial replacement of fine aggregate in concrete 

against the aggressive environment due to sulphate exposure. 



Durability of concrete containing RGS as partial replacement of NFA 

 

177 

 

3 MATERIALS AND METHODS 

3.1 Material 

The following are the details of ingredients used to prepare concrete specimens. 

3.1.1    Cement 

In this research work Portland Composite Cement (PCC) was used as the binding 

material. The cement used was fresh and without any lumps. The specific gravity 

was found to be 3.15. Other properties are described in Table-1. 

Table1: Properties of Cement 

S.I. No. Particulars Experimental 

result 

Standard Value 

1. 
Normal  

consistency 
29% 25~30% 

2. 

Setting Time (Minutes) 

Initial 128 Not less than 45 

Final 215 
Not more than 

300 

 

3.1.2    Fine aggregate 

Locally available well graded Sylhet sand passing through 4.75 mm sieve was 

used. Fineness Modulus was found to be 2.47 and specific gravity was found as 

2.64. 

3.1.3    Coarse aggregate 

Crushed stone chips with a maximum size of19 mm were used. Fineness Modu-

lus was found to be as 7.24 and Specific gravity was 2.70. 

3.1.4    Recycled granulated steel (RGS) 

Recycled granulated steel is a by-product produced in the steel re-rolling 

mills.Texture of granulated steel aggregate was rough with more surface area 

than natural rounded aggregate. RGS was used as partial replacement of fine ag-

gregate on a weight basis of 10 to 60%. Fineness Modulus was determined as 

3.22 and Specific Gravity was found as 7.90. 
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Fig 1: Gradation curves of aggregate 

 

3.2 Experimental details 

3.2.1    Mix proportion and curing  

Seven distinct concrete batches comprised of 42 cylinders having dimensions of 

4inch diameter and 8inch height were prepared for this research work.Based on 

previous studies on concrete with recycled aggregate and from practical casting 

work of concrete structure, the mix ratio of current program was fixed as 1:2:3 in 

regular weight basis of each ingredient and an effective water-binder ratio (w/c 

ratio) of 0.41 was maintained constant for all specimens [7,10]. All types con-

tained same cement, fine aggregate and coarse aggregate mix ratio where only 

the amount of granulated steel varied. Among the batches one was the control 

specimen and the other six batches held their identity as 10, 20, 30, 40, 50 and 60 

percent partial replacement of fine NFA with RGS in weight basis.After casting 

they were demolded within 24 hours to maintain a curing period of 28 days. Af-

ter this period a set of 21 cylinders comprised of three cylinders from each batch 

were taken out from curing container, wiped with dry towels and then tested un-

der compression according to ASTM C 39 [11]. 
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Table 2: Quantity of ingredients for producing 1m3 concrete 

 

3.2.2    Preparation for sulphate test 

The sulphate test was performed in accordance with ASTM C1012 [12]. But the 

code cannot fully represent the real behavior, since the guideline is for mortar 

only. So to increase the surface area and represent the real condition the perfor-

mance of concrete cylinders were evaluated instead of mortar. A sulphate bath 

was prepared one day before the use with 5% sodium sulphate and stored at 

23±2
0
 C. In the storage container the ratio of volume of sulphate solution to the 

volume of concrete cylinder was 4± 0.5. After this preparation, rest of the speci-

mens were immersed in sulphate solution having an extension period of another 

28 days to investigate the impact of sulphate exposure. During this period Sulfu-

ric Acid was added everyday to maintain the pH of sulphate bath around 6.5 to 7. 

Finally after 28 days of sulphate exposure, rest of the specimens were taken out 

from sulphate bath to examine compression test and physical degradation. 

 

Batch 

identity 

Cement 

(kg) 
NFA (kg) NCA (kg) RGS (kg) 

Water 

(kg) 

Mix-1 

(Control) 
3930.82 7861.64 11792.45 N/A 1611.64 

Mix-2 

(10% 

RGS) 

3930.82 7075.48 11792.45 786.16 1611.64 

Mix-3 

(20% 

RGS) 

3930.82 6289.31 11792.45 1572.328 1611.64 

Mix-4 

(30% 

RGS) 

3930.82 5503.15 11792.45 2358.49 1611.64 

Mix-5 

(40% 

RGS) 

3930.82 4716.98 11792.45 3144.66 1611.64 

Mix-6 

(50% 

RGS) 

3930.82 3930.82 11792.45 3930.82 1611.64 

Mix-7 

(60% 

RGS) 

3930.82 3144.66 11792.45 4716.98 1611.64 
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4 RESULT AND DISCUSSION 

This research work focused on the durability concern of concrete using recycled 

granulated steel (RGS) as a partial replacement of fine aggregate. The sulphate 

durability test was oriented with the mechanical strength loss as well as the 

change in external and internal structure of specimens. These results are catego-

rized in the following discussion parts. 

4.1 Change In Volume and Height 

Dimensions of cylinders were measured before and after the sulphate test to 

evaluate the change. The following expressions are used for calculation. 

Percentage volume change, ∆V (%) =
     

  
 x 100 

Where Vi= Average initial volume of cylinders (cm
3
) and Vt= Average vol-

ume of cylinders after a prescribed exposure period (cm
3
) 

Percentage height change, ∆H (%) =
     

  
 x 100 

Where Ht= Average initial height of cylinders (cm) and Hi= Average height 

of cylinders after a prescribed exposure period (cm) 

This change of external structure is compiled in Table-3. 

Table 3: Change in dimensions of cylindrical specimens due to sulphate exposure 

 

*∆V indicates change in Volume and ∆H indicates change in Height of specimen 

Condition   No. of Mix  

 1 

Con-

trol) 

2 

10% 

RGS 

3 

20% 

RGS 

4 

30% 

RGS 

5 

40% 

RGS 

6 

50% 

RGS 

7 

60% 

RGS 

Before   

Sulphate 

Exposure 

(Mean of 3 

cylinders) 

vol
m
 

(cm
3
) 

1542 1558 1605 1514 1503 1608 1565 

height 

(cm) 
19.9 20.1 20.03 19.93 20.06 20.06 20.2 

After  

Sulphate 

Exposure 

(Mean of 3 

cylinders) 

vol
m
 

(cm
3
) 

1567 1603 1635 1534 1568 1629 1621 

height 

(cm) 
20.32 20.26 20.27 20.33 20.37 20.2 20.23 

Change (%) 
∆V* 1.93 2.89 1.83 

 

1.32 

 

4.38 1.35 3.56 

∆H* 2.13 1.26 1.16 2.0 1.84 0.67 .20 
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From a quick overview on this comparison table, it disclosesa clearevidence 

that change in volume and height did not follow any kind of sequential 

trend.Mix-5 observed the highest percentage of volume change whereas Mix-4 

observed the lowest. Volume change is also significant for Mix-7 but other four 

mixes experienced close results to each other. Another important notification is 

that Mix-7 experienced the lowest height change but significant volume change 

bolsters the contention of change in peripheral area. Thus it was revealed from 

the data analysis that change in dimensions of specimens may occur in two di-

mensions. 

4.2 Change In Compressive Strength 

The change in compressive strength of concrete with different RGS replacement 

is demonstrated in Table-4. Here the table shows the range of compressive 

strength with average and standard deviation value. All the mixes experienced a 

reduction in strength except control specimens gathered a slight enhancement of 

about 4.49%. Here all the RGS replacements experienced a reduction of .29%, 

1.46%, 15.23%, 6.87%, 15.03% and 5.92%, respectively after the sulphate expo-

sure. The most significant point is that any of the RGS modified specimens have 

not failed to qualify to achieve the specified value of mechanical strength as per 

ASTM code after the sulphate exposure. This indicates the compatibility of RGS 

to be used as partial replacement of fine aggregate in concrete. 

 

Figure 2: Compressive strength of cylindrical specimens (before sulphate expo-

sure) 
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Figure 3: Compressive strength of cylindrical specimens (after sulphate exposure) 

Table 4: Change in mechanical strength due to sulphate exposure 

5 OUTCOME OF THE RESEARCH 

The following conclusions can be derived from this research paper. 

 The use of Recycled Granulated Steel (RGS) as a partial replacement 

serves an exclusive alternative of naturally available fine aggregate. Alt-

houghthe compressive response proved that 30% and 50% RGS re-

placement experienced significant amount degradation in mechanical 

strength; still it is well above the guide line criteria of ASTM. 

Test Condition Mix-1 

(Control) 

Mix-

2 

(10% 

RGS) 

Mix-

3 

(20% 

RGS) 

Mix-4 

(30% 

RGS) 

Mix-

5 

(40% 

RGS) 

Mix-6 

(50% 

RGS) 

Mix-

7 

(60% 

RGS) 

Before 

Sulphate 

Exposure 

Avg. 

(MPa) 

33.7 28.3 28.7 33.7 35.1 37.6 32.7 

S.D. 

(MPa) 

2.86 2.36 1.56 2.29 1.65 2.05 2.54 

After 

Sulphate 

Exposure 

Avg. 

(MPa) 

35.2 28.2 28.3 28.6 32.7 32.0 30.7 

S.D. 

(MPa) 

2.3 2.4 1.0 1.7 1.9 2.1 2.3 

Remark 
(Increase/Decrease) 

4.5% .3% 1.5% 15.2% 6.9% 15.0% 5.9% 
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 The result analysis shown a relative higher change in volume for 40% 

and 60% RGS replacement due to sulphate exposure. The reason may be 

commented as having higher density in comparison to others resulting in 

expansion due to formation of ettringite in microstructure. 

6 CONCLUSION 

The growing demand for the rapid development of infrastructure has raised a 

huge concern for catalyzing the jeopardy of good quality natural aggregate. In 

this regard, recycled aggregate may serve an important role to stop the depletion 

of natural aggregate. Based on the results achieved in this paper, it can be con-

cluded that, the tentative application of Recycled Granulated Steel (RGS) as par-

tial replacement of Natural Fine Aggregate in concrete fulfilled the durability 

criteria. Therefore, Recycled Granulated Steel might be one of the best alterna-

tives of Natural Fine Aggregate if proper utilization can be ensured in commer-

cial and private sector. 
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Abstract. A multidisciplinary approach, Microbiologically Induced Precipitation 

(MICP), opens a new possibility in material engineering. This technique is also 

known as ‘Biomineralization’.  In this process, calcite is precipitated by highly 

urease positive bacteria like Sporosarcinapasteurii. These microorganisms de-

compose urea into ammonia and carbon dioxide, increasing the pH of the sur-

rounding environment which triggers precipitation of dissolved calcium 

carbonate. This calcium carbonate adheres to the surface of any material and in 

doing so can serve as binders between particles. Moreover, such precipitation of 

impermeable calcium carbonate can also act as filler material within porous me-

dium. This process has already been successfully used in soil stabilization. It has 

also shown potential as micro crack filler when applied externally on mortar cu-

bes or beams. Recently, MICP has been used as a dormant self-healing agent in 

concrete.  MICP is a biological process and pollutant free and thereby, it is gen-

erating immense attraction of researchers. However, application of MICP is still 

uncommon in Bangladesh. It is the responsibility of the concerned researchers of 

the country to find outpotentia avenue of MICP application. This article reviews 

the significant researches of MICP application in cement and concrete. In addi-

tion, recommendations on MICP related research are also made in context of 

Bangladesh. 

Keywords: Microbiologically Induced Precipitation, Biomineralization, Calcium 

Carbonate, Cement, Concrete. 
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1 INTRODUCTION 

Concrete is the most widely used man made construction material in world. 

Among many advantages such as low cost and ability of being cast in any desira-

ble shape, it shows some limitations too. Very low tensile strength, limited duc-

tility and little resistance to cracking calls for further improvement in this 

material. Durability of concrete denotes its ability to persist for a substantial 

amount of time, without enduring any significant damage. For any manmade 

structure, the need for a durable concrete is of utter importance for both econom-

ic and structural purposes. A concrete, which is resilient to deterioration, not just 

makes structurally sound and stable buildings but also ensures a minimized 

maintenance cost. Increased durability will lead to minimization of such repair 

costs in the long term.When it comes to concrete, durability and permeability 

goes hand in hand. Other than entry through cracks, water can intrude concrete 

through its inherent permeable pores. An impermeable concrete is always desira-

ble for elevated durability, since penetration of water containing dissolved salts is 

restricted.   The pore system of concrete consists of minute capillary pores within 

the cement paste, used for coating aggregates and larger voids formed by im-

proper concrete compaction.  Pores without any access to fluid entry are harmless, 

thus doesn’t affect concrete durability. However interconnected voids form a 

continuous passageway which facilitates water intrusion rendering the concrete 

more permeable, leading to poor durability. In the contemporary times, structural 

engineering is no longer bound within the construction scenario of concrete and 

steel. It has advanced in several innovative ways to adapt to the ever-changing 

needs of human with time. One such ground-breaking arena evolves on the in-

corporation of bacterial cells to induce biomineralization.  

2 MICROBIOLOGICALLY INDUCED PRECIPITATION (MICP) 

MICP, a multidisciplinary approach cross breeding microbiology and engineer-

ing, is a biological process by which living organisms form inorganic solids. It 

does not deplete any natural resources since the bacteria used can be easily re-

produced by cultivation process. It is also considered as a green technology as its 

production does not involve greenhouse gas emission [1]. It is highly desirable 

because microbial activities induce the calcite precipitation which is pollution 

free and natural [2]. Microbially induced calcite precipitation (MICP) embodies 

the innovative approach to inoculate bacterial cells, for carbonate production, in 

cement and soil matrix. This innovative microbial technique has already been 

employed for improvement of engineering properties of soil and liquefaction 

prevention. 
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3 BIOMINERALIZATION IN CONCRETE 

Bio-mineralization, more specifically bio-calcification in the context of cement-

based-materials, is a series of biochemical reaction, followed by accumulation of 

calcium carbonate. The process of bio-calcification is accomplished in the pres-

ence of enzyme urease. In MICP, which is used for cement and concrete research, 

calcification is usually achieved by urea hydrolysis. For production of carbonate, 

urea hydrolysis is the most easily controlled reaction, which is likely to produce 

calcite within a short time [3]. There are numerous bacteria known to display 

urease activity. The urease-producing ability of the bacteria is commonly utilized 

in MICP [4, 5]. Microbes such as those the Bacillus species leads to the produc-

tion of microbial concrete through biomineralization. 

3.1 Microbial Concrete 

As the names suggests such concrete is not the typical concrete which is casted 

on a daily basis at the construction sites. Rather this concrete derives such name 

from the incorporation of microbes within the cement matrix for enhancement of 

concrete performance. Microbial concrete, sometimes known as Bacterial con-

crete since urease positive bacteria is generally used, is solely produced by the 

biodeposition of bacterially-favored calcite production. Such concrete are pro-

duced embedding selective ureolytic bacteria within the concrete matrix. 

3.2 Bacteria Strain 

For the purpose of MICP the most commonly used microbe is Sporosarcinapas-

teurii, previously known as Bacillus pasteurii. Sporosarcinapasteurii is the bac-

terium which was frequently exploited for calcite precipitation in the very few 

previous researches. In research work of Whiffin [3] non-pathogenic bacteria S. 

pasteurii was employed for production of biocement at an industrial scale. The 

organism is a moderate alkaliphile in nature, with growth optimum pH of 9.25 

[3].The utilization of bacterial mineral precipitation increases the strength and 

durability of concrete [6]. Other urease-producing bacteria used in MICP include 

Bacillus subtilis, Bacillus sphaericus, Bacillus cohnii, Bacillus pseudofirms, Ba-

cillus haloduransetc [7, 8].  

Sporosarcinapasteurii is facultative anaerobic. They are able to grow either 

aerobically or anaerobically. They prefer the presence of oxygen, however, and 

are metabolically active via aerobic respiration. It is therefore expected to have 

more calcite precipitation in areas close to surface in crack remediation [9]. Spo-

rosacinapasteurii is able to endure high-alkaline environment. It is a gram posi-

tive bacterium. The extremely thick outer cell membrane enables them to remain 

dormant until a suitable environment is available to grow. They would become 

active in presence of water [10]. B. pasteurii produces intracellular urease that 

constitutes almost 1% of the dry weight of cell that contains three different subu-
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nits comprising two nickel atoms in individual active sites [11]. According to 

Sarda et al. [12] B. pasteurii shows more urease production than Bacillus lentu-

sand  Brevibacteriumammoniagenes. 

3.3 Urea Hydrolysisleading to Calcite precipitation 

Microbially induced calcite precipitation marks the formation of calcium car-

bonate that eventually deposits on the surfaces of the materials used. Calcite is a 

carbonate mineral. Among the many other polymorphs of CaCO3, calcite is the 

one which thermodynamically most stable [13]. In the biochemical reactions of 

MICP calcite is a major product that contributes to biodeposition. Bioprecipita-

tion of CaCO3 is achieved when alkaline environment prevails. The eventual 

chemical reactions during urea hydrolysis tend to increase the pH, thus making it 

alkaline.  

Ca
2+ 

+ HCO3
-
 + OH

-→ CaCO3(s) + H2O(1) 

 

Urease-positive bacteria easily perform urea hydrolysis to form ammonia and 

carbon dioxide, which in turn aid to create alkaline conditions. With increase in 

alkalinity, calcite precipitation is facilitated with the availability of calcium cati-

ons in the near surrounding. Enzymatic hydrolysis of urea by bacterial enzyme 

urease causes an increase in pH that shifts the bicarbonate–carbonate equilibrium 

towards the production of more CO3
2-

 by producing CO2 and ammonia. The re-

sultant precipitation is CaCO3 [14, 15]. The accumulation of calcite is character-

ized by crystalline structure and ability to continuously grow upon itself. Possible 

biochemical reaction in a medium to precipitate CaCO3 in the nucleation site   at 

the cell surface are listed below:  [16] 

 

Ca
2+

 + Cell → Cell-Ca
2+

 

 Cl
-
 + HCO3

-
 + NH3→ NH4Cl + CO3

2-
 (2) 

Cell-Ca
2+

 + CO3
2-

 → Cell-CaCO3 

Bacterial cell wall is negatively charged that attracts calcium ions in the nutri-

ent solution provided externally as shown in Figure 1.Dissolved inorganic carbon 

(DIC) and ammonium (AMM) are discharged in presence urea in the microenvi-

ronment of the bacteria Eventually calcium carbonate precipitated by a series of 

biochemical reactions is deposited in the bacterial nucleation sites and seals off 

the cracks and pores. 
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Figure 1: Simplified representation of ureolytic induced carbonate precipitation and the 

events occurring during the process. [14] 

4 SELF HEALING CONCRETE &CRACK REMEDIATION  

Micro cracks in concrete lead to structural failure. Traditional repairing system 

involves application of mortar on cracks. This can be time consuming and re-

quires repeated repairing activities. It may become especially difficult to gain 

access to the cracks if they are underground or at a great height. 

As an effective crack remediation technique self-healing in concrete is a well-

known process. A biological repair technique can be used such as MICP. 

Dormant bacteria incorporated in concrete matrix which will contribute to the 

strength and durability of the concrete. Inside concrete a rather hostile environ-

ment prevails for common bacteria owing to lack of nutrients needed for growth, 

high internal pH, relative dryness. Specific spore forming alkaliphilic bacteria 

genus Bacillus is used commonly for MICP. Bacteria based self-healing agent 

comprising alkaliphilic bacteria genus Bacillus with a calcium-based nutrient is 

believed to remain hibernated within the concrete for up to 200 years [14]. 

Crack remediation by actuating bacteria to precipitate calcite plugs off the 

crack. Calcite precipitation is the fundamental process in making of a smart bac-

terial concrete. Bacterial concrete can be called as a “Smart Bio Material” due to 

its inherent ability to precipitate calcite continuously. As the name suggests this 

pioneering concrete is produced incorporating bacterial cells.  Bacterial concrete 

is a biomaterial which is capable of crack remediation, induced by bacterial pre-

cipitation of calcium carbonate [9].More lately experimental study has been con-

ducted on self-healing of cracked concrete. Dormant bacteria are embedded on 

concrete matrix, which is activated once external water reaches it through the 

cracks [7]. Once initiated, calcium carbonate is precipitated which heals the 

freshly formed cracks. Healing is achieved once the biodeposited calcite plugs 

off the cracks and inherent pores of concrete. Since it is a completely natural pro-

cess, MICP is a more environmentally friendly treatment method, compared to 

the more commonly used conventional method of epoxy treatment as illustrated 

in Figure 2. 
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Figure Error! No text of specified style in document.: Schematic drawing of compari-

son between conventional concrete (A–C) and bacteria-based self-healing concrete (D–F). 

[7] 

Bang et al. [17] investigated the effect of crack remediation on cement mortar 

cubes by Bacillus pasteurii immobilized in polyurethane (PU) foam and found 

increased strength in concrete cubes. Polyurethane (PU) foam enhanced the ef-

fectiveness of MICP method. The presence of polyurethane (PU) foam reduced 

crack throughout the matrices unlike other remediation processed by MICP that 

fills cracks close to surface.  However, elastic modulus and tensile strength were 

not changed significantly. This led to the citation that precipitated calcite does 

not serve as a bonding material within the matrices and lingers as a form of pre-

cipitation only. 

5 DRAWBACKS OF MICP 

One of the major drawbacks of MICP is high cost. The cost based on the price of 

the microorganisms and the price of the nutrients could be as high as $11–19/m
2 

[14].However, most of the cost is induced from nutrients. The cost can be re-

duced by using any viable inexpensive alternative. In case of self-healing sus-

tainable concrete, the nutrient must not interfere with setting time other 

characteristics of cement. Moreover once the process of MICP is employed in a 

commercial scale, the nutrient cost will be cut down drastically. The MICP 

method is time consuming as the production of calcium carbonate precipitate is 

limited by the capacity of the bacteria to produce urease [18].Though the bacteria 

strain is harmless, a byproduct of the process ammonia is a principal environ-

mental pollutant. Sometimes other more harmful organisms can be induced by 

MICP if precautions are not taken. 

6 PROSPECT OF MICP IN BANGLADESH  

In the context of Bangladesh MICP is a highly intricate biotechnology which is 

yet to receive its due recognition. Relatively at a budding stage around the globe, 

MICP technique opens up a plethora of research interests. In backdrop of Bang-

ladesh construction scenario, brick aggregates are used frequently. Brick chips 
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are used as coarse aggregates of concrete owing to its low costs and wide availa-

bility, against high cost and scarcity of stone aggregates. The characteristic high 

porosity of brick chips advocates high permeability in concrete structures. This in 

turn has the potential to make the embedded structural reinforcements exposed to 

the incoming water, leading to rusting. Eventually it could result in shorter struc-

tural service life. The innovative process of MICP can be utilized to modify the 

brick aggregates for concrete works by simply plugging off such water permea-

ble pores. Preliminary experiments on this particular sector involving bacterial 

application on brick aggregates have yielded promising results in terms of de-

creasing permeability for the microbially treated bricks [19]. This is just one of 

the many potential aspects of MICP which is awaiting thorough research works 

in the related fields. 
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Abstract. This paper presents an experimental investigation conducted on the 

performance of geopolymer mortar subjected to acidic environment. The ground 

granulated blast furnace slag (GGBS) were chosen as binder material and the 

alkaline solution used was the combination of sodium silicate and sodium hy-

droxide (15M) solution to prepare AAS mortar specimens. The test specimens 

were 216 nos. of 50×50×50mm cube and 216 nos. of standard briquettespeci-

mens cast using nine different mix combinations designated as AAS3-1, AAS3-

1.25, AAS3-1.5, AAS5-1, AAS5-1.25, AAS5-1.5, AAS8-1, AAS8-1.25, and AAS8-

1.5. The mix combinations were based on Na2O dosage (%) and activator modu-

lus (Ms) and the specimens cured at 40°C in a temperature controlled chamber. 

Performance of AAS mortar specimens in ambient as well as 5% sulfuric and 

hydrochloric acid  solutions were evaluated periodically by monitoring visual 

appearance, change in weight, compressive strength, tensile strength, pH value 

over an exposure period of 30 and 90 days exposure. The test results indicate 

that the slag based geopolymer mortar has an excellent resistance against acidic 

attack. 

Keywords: Acidic environment, Compressive strength, Durability, Geopolymer, 

Tensile strength.
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1 INTRODUCTION 

Concrete is the most popular construction material which requires a huge 

amount of Portland cement as main binder. It is widely known that the produc-

tion of Portland cement is associated with environmental issues and the amount 

of carbon dioxide released during the OPC production is around one ton for eve-

ry ton of cement due to the calcination of limestone and combustion of fuel. In 

addition, the extent of energy required to produce OPC is only next to steel and 

aluminium. Geopolymer is an innovative binding material produced by the chem-

ical action of inorganic molecules which is an excellent alternative construction 

material to the existing plain cement concrete.  

According to Vijaya [1] the polymerization process involves a substantially 

fast chemical reaction under alkaline conditions on silicon-aluminum minerals 

that results in a three-dimensional polymeric chain and ring structure.  The prop-

erty of geopolymers depends on the type of activating solution and   thermal ac-

tivation. Since Geopolymers are novel binder that relies on alumina silicate 

rather than calcium silicate hydrate bonds for structurally integrity and have been 

reported as being acid resistance [2]. In the case of geopolymer production, the 

role of water is to provide workability and not involved in the chemical reaction 

of polymerization and instead water is expelled during heat curing and subse-

quent drying [3]. When the slag is used as base material and activated by using 

alkaline solution, the binder is called alkali activated slag (AAS) and if the fly 

ash is used it named as FA based geopolymer [4]. Blast furnace slag gives quick 

hardening behavior compared to fly ash based geopolymer which minimized the 

time of hardening. Higher calcium content may result in faster geopolymerisation 

due to the formation of semi-crystalline Ca-Al-Si gel [5]. 

2 MATERIALS AND METHODS 

2.1  Materials 

The following materials were used to conduct the experimental program to 

assess the performance of geopolymer mortar in acidic environment.  

2.1.1    Source materials 

     Any material rich in silica and alumina in glassy power form is apt for acting 

as a source material in the geopolymeric binder. The most commonly used base 

materials of geopolymer binder are industrial by-product like fly ash and slag. 

Since the FA based binder required higher thermal activation compared to slag, 

so the ground granulated blast-furnace slag (GGBS) was chosen as base material 

to prepare AAS mortar specimen and the chemical composition is listed in table-

1. 
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Table 1: Chemical composition of binder (GGBS) 

Composition  SiO2 Al2O3 Fe2O3 MnO CaO MgO Na2O K2O LOI* 

% of mass 29.27 17.07 1.76 0.49 40.07 8.35 0.61 0.23 0.06 

*LOI= Loss on ignition  

2.1.2    Fine aggregate 

Fine sand collected from locally available source was prepared according to the 

guideline of ASTM C 778-02 and used to cast mortar specimens. The table 2 

shows the properties of fine aggregate.  

Table 2: Properties of fine aggregate 

Density 2.65 kg/liter 

Absorption capacity 2.3% 

Moisture content 1.97% 

Fineness modulus 2.00 

2.1.3    Alkaline liquids  

Sodium silicate (Na2SiO3) liquid based activator used in this study which is col-

lected from local suppliers. The weighed quantity of sodium hydroxide (NaOH) 

palate is dissolved in required quantity of water to make a NaOH solution of 15 

molar. Finally the measured quantity of sodium silicate was mixed with dis-

solved sodium hydroxide to get alkaline activator solution; the chemical compo-

sition of solution is according to table 3. 

Table 3: composition of Activator 

Component Na2SiO3 NaOH 

Na2O 8% 29.05% 

SiO2 26% 0% 

H2O 66% 70.95% 

Molarity(M) NA 15 

 

2.1.4    Acidic environment  

Concreted H2SO4 having 98% purity, density 1.84 g/cm
3
 and the HCl having 

37% purity, density 1.2 g/cm
3 

was used in this experimental program to create 

artificial acidic environment. To study the effects of exposure in acidic environ-

ment, specimens were immersed in diluted 5% sulfuric and hydrochloric acid 

solution.  
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2.2 Specimen Preparation and Test Methods 

The mix design was performed based on absolute volume method [6] which as-

sumed that the volume of compacted mortar is equal to the sum of the absolute 

volume of all the ingredients(binding materials, activator solution, fine sand, and 

water). The mass ratio of sand to binder was fixed at 2.75 and a water binder ra-

tio of 0.5 was kept constant for all mix combinations. Slag was first mixed with 

the activator solution in a mortar mixture machine for 5 minute before sand was 

gradually introduced and further mixed for another 5 minutes. The mix was then 

transferred into 50 mm cube moulds and standard briquette moulds and compact-

ed manually. After demoulding, the specimens were warped with polyethylene 

bag and stored in a temperature controlled chamber for heat curing over a period 

of 48 hours at 40°C to accelerate the polymerization process. At the end of curing, 

the specimens were allowed to cool and stored in room temperature until tested. 

To study the effects of acidic environment, the specimens were immersed in 5% 

Sulfuric acid and 5% Hydrochloric acid after 28 days age and tested after periods 

of 30 days and 90 days exposure. The effect of acidic environment on specimens 

was evaluated by visual appearance, change in weight, pH value and strength 

tests after the specific exposure periods. 

Following variables were considered in this study: 

1. Three dosage of Na2O (%Na2O) selected for this experiment are  3%, 5% 

& 8% (The ratio of Na2O content of alkaline solution  to GGBS) 

2. Three activator modulus (mass ratio of SiO2 to Na2O) 1.0, 1.25 and 1.5 

was selected for this experiment. 

A total 216 nos. of 50mm cubes and 216 nos. of standard briquette specimens 

were prepared using nine different mix combinations. The samples were desig-

nated by corresponding dosage and activator modulus, and thus AAS 3-1.0 indi-

cate the specimens having 3% of Na2O dosage and an activator modulus of 1.0. 

3 RESULT AND DISCUSSION 

3.1 Visual appearance 

The visual examination was carried out on specimens after recovering from dif-

ferent solutions. It has been seen that, after 30 days exposure period, the Speci-

men immersed in 5% sulfuric acid showed white deposition on its surface, while 

the specimen immersed in 5% hydrochloric acid showed a reddish deposition on 

the surface. After 90 days exposure, the specimen immersed in 5% sulfuric acid 

showed brown deposition with considerable  surface deterioration, while the 

specimen under 5% hydrochloric acid showed a thick white gelatinous deposition 
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on surface with very negligible deterioration.  It is noticed that no surface crack 

was visible and no noticeable surface degradation of specimens was observed in 

hydrochloric acid environment.  But excessive surface erosion was visualized 

after 90 days exposure period of specimen in sulfuric acid solution. Photographic 

evidences of deteriorated specimen taken at specific stage of exposure are pre-

sented in Figure.1 and Figure.2. 

 

Figure 1: Specimens after exposure in 5% Sulfuric acid solution 

 

Figure 2: Specimens after exposure in 5% Hydrochloric acid solution 

3.2 Change in Weight 

Results of the weight changes for the AAS mortar specimens are presented in 

figure.3. For Specimens immersed in 5% Sulfuric Acid, a sudden loss of weight 

was noticed after 90 days exposure. AAS specimens with highest percentage of 

alkali (8% Na2O) showed less loss of weight compared to lower percentage of 

Na2O dosage. As the Na2O content in specimens increase, weight loss decreases 

in both sulfuric acid and hydrochloric acid solution. However the deterioration 
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(weight loss) of specimens in sulfuric acid environment is  much greater as com-

pared to hydrochloric acid environment for the identical exposure periods.  
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Figure 3: Weight changes of specimens in acidic environment 

3.3 pH value  

The pH value is an important parameter often used to assess the alkalinity condi-

tion of mortar. In this study, the pH values of specimens were determined with 

the help of digital pH meter and the values are found to vary within the range of 

11.32 to 13.12. 

3.4 Compressive Strength 

Figure.4 and.5 shows the compressive strength results of AAS mortars in Sulfu-

ric acid and Hydrochloric acid environment. Compressive strength was deter-

mined using a digital compression testing machine and the compressive strength 

results for normal as well as acidic environment are shown in the same 

graph.AAS mortar specimens of higher Na2O dosage (5% and 8%) showed very 

little loss in strength in acid environment. The maximum compressive strength of 

AAS mortar was observed as 66.23 MPa for specimens of AAS 8-1.5 mix in 

normal environment at 90 days exposure. Specimens exposed to Hydrochloric 

acid environment showed a comparatively lesser strength loss than those in sulfu-

ric acid. AAS mortar specimens showed substantial compressive strength, even 

after noticeable surface deterioration at 90 days exposure in sulfuric acid solution. 
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3.5 Tensile  Strength 

From the tensile strength data of AAS mortar specimen exposed to normal as 

well as acidic environment for 30 and 90 days exposure, it is seen that the gain of 

tensile strength shows random variation with age of specimens and mix combina-

tion. However, the maximum tensile strength was found 4.8 MPa for the mix 

AAS 8-1.5 in normal environment at 90 days exposure. The tensile strength of 

AAS mortar in normal environment lies between 1.0MPa to 4.8 MPa. The Ten-

sile strength for the specimens exposed to sulfuric and hydrochloric acid envi-

ronment are observed to lie in the range of 1.6-3.2 and 1.0-3.7 respectively. 

 

Figure 4: Compressive strength of specimens in sulfuric acid environment 

 

Figure 5: Compressive strength of specimens in hydrochloric acid environment 
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4 CONCLUSIONS  

On the basis of findings of the present study, following conclusions can be drawn. 

 AAS mortar specimens made from GGBS with alkaline activators remained 

structurally intact and did not show any noticeable change although some 

sample showed change in color. 

 AAS 8-1.5 mix attained 62 MPa (almost 90% of 120 days) compressive 

strength after 7days, which indicate that geopolymer mixes having higher 

dosage of Na2O can attain ultimate strength very rapidly. 

 The average loss in weight of specimens is observed to be relatively higher 

in sulfuric acid (2.28-1.8%) as compared to hydrochloric acid (0.61-1.9%). 

 Na2O dosage and the activator modulus (Ms) has significant influence on 

strength properties of AAS mortar. Higher dosage of Na2O (5% & 8%) and 

activator modulus (1.5) shows higher compressive strength. 

 The compressive strength of AAS mortar in normal environment was found 

to lie in the range of 31-66.23MPa.The compressive strength values for 

specimens exposed to sulfuric and hydrochloric acid environment were rec-

orded in the range of 27.14- 62.02 MPa and 29.4-63.23 MPa respectively. 

 Even after having considerable surface deterioration, weight loss due to ex-

posure in acidic environment, AAS mortar specimens still showed substan-

tial compressive strength confirming the higher resistance of AAS mortar in 

acidic environment.  

REFERENCES  

[1] B. V. Rangon, 2008.Low-Calcium, Fly-ash Based geopolymer concrete. 

Concrete construction Engineering Handbook, Taylor and Francis Group, 

Boca Raton.  

[2] J. davidovits, 1994. Properties of Geopolymer Cements. First international 

conference on alkaline cements and concretes, Vol. 1, pp.-131-149. 

[3] S. Thokchom, P. Ghosh, S. Ghosh, 2009. Acid Resistance of Fly ash based 

Geopolymer Mortars, International journal of Recent Trends in Engineer-

ing, Vol. 1,No. 6. 

[4] A.A. Adam, 2009. Strength and durability properties of Alkali activated 

slag and fly ash based geopolymer concrete, School of civil, environmen-

tal and chemical engineering, RMIT University, Melbourne, Australia. 

[5] C.K. Yip, V. Deventer, J.S.J., 1501. Effect of granulated blast furnace slag 

on geopolymerisation, Proceedings of 6
th
 world congress of chemical en-

gineering, Melbourne, Australia. 

[6] A. M. Neville, Properties of concrete, 1983, ISBN 0-582-40626-9.  



201 

 

 CICM 2015 

First International Conference on 

Advances in Civil Infrastructure and Construction Materials 

MIST, Dhaka, Bangladesh, 14–15 December 2015 

COMPRESSIVE STRESS-STRAIN BEHAVIOR OF LOW GRADE 

STEEL FIBER REINFORCED CONCRETE MADE WITH FRESH 

BRICK AGGREGATES 

 
M. S. ISLAM

1
 and M. A. A. Siddique

2 

 
1
 Department of Civil Engineering, World University of Bangladesh, Dhaka, Bangladesh. 

 E-mail: shariful2@civil.wub.edu.bd 
 

2
Department of Civil Engineering, Bangladesh University of Engineering and Technolo-

gy, Dhaka, Bangladesh. 
Email: alamin@ce.buet.ac.bd 

 
 
Abstract. Plain concrete is a brittle material with a low tensile strength, limited 

ductility and little resistance to cracking. In order to improve the inherent tensile 

strength of concrete, multidirectional and closely spaced reinforcements, which 

can be provided in the form of randomly distributed fibers may be used. Steel 

fiber is one of the most commonly used fibers in fiber reinforced concrete. Short, 

discrete steel fibers provide discontinuous three-dimensional reinforcement that 

may increase load and transfer stresses at micro-crack level. This reinforcement 

provides tensile capacity and crack control to the concrete section prior to the 

establishment of visible macro cracks, thereby, enhancing ductility as well as 

toughness. In this paper, an experimental investigation is carried out to assess 

the influence of locally available low grade steel fiber reinforcements on the 

stress-strain behavior of concrete made with fresh brick aggregates. Hooked end 

steel wires with 50 mm of length and aspect ratio of 55.6 are used as fiber rein-

forcements in a volume fraction of 0% (control case) and 0.50%. Experimental 

results show that the addition of steel fiber enhances the different mechanical 

properties of concrete. It reveals that around 5% to 10% and 10% to 15% in-

crease in 28 days compressive strength and tensile strength of steel fiber rein-

forced concrete, respectively compared to those of the control case. On the other 

hand, concrete strain at failure of steel fiber reinforced concrete has increased 

almost 30% compared to that of the control case. 

Keywords: Steel fiber, Fresh brick, Strength, Stress-strain behavior, Young’s 

modulus. 
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1 INTRODUCTION 

Concrete is one of the most important building material and its consumption is 

increasing in all countries and regions around the globe. The reasons are multi-

ple: its components are easily available everywhere and relatively cheap, its pro-

duction is also relatively simple, its application covers large variety of building 

and civil infrastructure works. The only disadvantage of concrete is its brittle-

ness, i.e. relatively low tensile strength and poor resistance to crack opening and 

propagation [1]. Moreover, Strength and ductility are the important factors to be 

considered in the design of seismic resistant reinforced concrete structures. Un-

der seismic condition, the structure may be subjected to large deformations. 

Use of steel-fiber reinforced concrete has steadily increased during the last 25 

years. Considerable developments have taken place in the field of steel-fiber rein-

forced concrete as reported by Bentur and Mindess [2].The current field of appli-

cation of steel-fiber reinforced concrete includes highway and airfield pavements, 

hydraulic structures, tunnel linings etc. [3-5].The addition of steel-fibers signifi-

cantly improves many of the engineering properties of mortar and concrete, no-

tably impact strength and toughness. Flexural strength, fatigue strength, tensile 

strength and the ability to resist cracking and spalling are also enhanced. To de-

sign and analyze structures using steel-fiber reinforced concrete for compression, 

the stress-strain behavior of the material in compression is needed. While the 

compressive strength is used for the strength calculation of the structural compo-

nents, the stress-strain curve is needed to evaluate the toughness of the material 

for consideration of ductility. 

In the present study, an extensive experimental work has been carried out to 

study the stress-strain behavior of steel-fiber reinforced concrete with fresh brick 

aggregate. In addition, compressive strength, tensile strength and modulus of 

elasticity have also been carried out. Hooked end steel wires with 50 mm of 

length and aspect ratio of 55.6 are used as fiber reinforcements in a volume frac-

tion of 0% (control case) and addition of 0.50% steel fiber. 

2 EXPERIMENTAL PROGRAM 

2.1 Materials 

In the present study, crushed brick as coarse aggregate, locally available Sylhet 

and as fine aggregate (FA) and blended cement/Portland composite cement 

(CEM II/B-M) and low grade steel wire as steel fiber have been used. 
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2.1.1    Brick aggregate (BA) 

Crushed brick is commonly used in Bangladesh as coarse aggregate. Collected 

brick samples were broken into pieces manually to have a size of 19 mm down-

grade. The aggregates were then sieved to have a standard grading according to 

ASTM C33-93. To maintain the SSD condition, aggregates were washed proper-

ly to avoid the dust and were dried in the laboratory. The oven dry (OD) basis 

unit weight and saturated surface dry (SSD) basis unit weight as well as void 

content were determined according to the ASTM C29. Rodding method was used 

to calculate the unit weight. Specific gravity and absorption capacity of the brick 

aggregate were determined according to the ASTM standard C127. 

2.1.2    Fine aggregate (FA) 

Sand which was collected from the rivers in Sylhet district of Bangladesh is 

called “Sylhet Sand”. It was collected from the local market in Dhaka city. Sand 

as a fine aggregate was sieving through No 4. ASTM sieve to ensure that no big 

particle or no rubbish were present into the samples. Table 1 shows the physical 

properties of aggregates i.e. BA and FA. However, Portland composite cement 

(CEM II/B-M) and fresh water have been used in this study for making concrete. 

Table1: Physical properties of aggregate 

Sl. No. Name of Properties Brick aggregate Fine aggregate 

1. Bulk Specific Gravity (OD) 1.80 2.21 

2. Bulk Specific Gravity (SSD) 2.15 2.36 

3. Apparent Specific Gravity 2.38 2.56 

4. Unit Weight (OD) (kg/m
3
) 1050 1583 

5. Unit Weight (SSD) (kg/m
3
) 1130 1666 

6. Absorption Capacity (%) 13 5.81 

7. Void Content (%) 5 25.20 

8. Fineness modulus (FM) 5.95 2.96 

2.1.3    Properties and making of steel fiber (SF) 

Steel fiber having different sizes of diameter is generally found in Bangladesh. 

Hooked end steel fiber is used in this present study to assess the effect of fiber on 

both the strength and ductility of concrete as shown in figure 1. 

Table 2 shows the properties of fibers that have been tested in the laboratory. 

In general, it is simple and easier to make different shapes fiber but it takes more 
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time to prepare as there is no mechanical setup. After collecting the fiber from 

local market, a heavy cutter was used to cut the whole bundle of wires manually. 

Fiber wire straightening was accomplished after cutting the bundle wires. The 

fiber was then cut into small pieces as the required length and it was pressed be-

tween two spikes sited on a wooden frame to make two bends at angle of 120
0
. 

Finally, the length was checked to obtain the desired sample size of 50 mm. 

 

 

Figure 1: size and shape of the steel fiber 

Table 2: Properties of steel fiber 

Sl. No. Name of Properties Value 

1. Length L(mm) 50 

2. Diameter D(mm) 0.9 

3. Aspect Ratio (L/D) 55.56 

4. Specific Gravity 6.0 

5. Unit Weight (kg/m
3
) 6000 

6. Tensile Strength (MPa) 220 

2.2    Mix proportion 

In the present study, two cases were considered. First, brick aggregate concrete 

(BAC) which is control case (0% steel fiber) and another is steel fiber reinforced 

brick aggregate concrete made with 0.5 % steel fiber (SFBAC 0.5%). Here, 1% 

fibers by volume produced unit weight of 60kg/m
3
.The mixture proportions of 

concrete for all cases are summarized in Table 3. Water/cement (W/C) ratios of 

concrete were 0.44 and no admixtures were used. Cement content of concrete 

was 390 kg/m
3
for all the cases. Sand to total aggregate volume ratio was 0.44. 

Total mixing time was 5-8 minutes that can ensure the homogeneity of mixing 

steel fiber. After mixing concrete, the workability of concrete was measured by 

slump cone test. Cylinder concrete specimens were made and demolded after one 

day of casting. Then the specimens were cured under water. 
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Table 3: Weight based mix proportion for 1 m
3
 of concrete  

Sl. 

No. 
Cases 

Cement 

(kg/m
3
) 

Sand  

(kg/m
3
) 

BA   

(kg/m
3
) 

SF 

(kg/m
3
) 

Water 

(kg/m
3
) 

1. BAC 390 716.4 798 0 171.6 

2. SFBAC0.5% 390 716.4 798 30 171.6 

2.3 Experimental Plan 

Experimental setup has been conducted for compressive strength test, splitting 

tensile strength test, stress-strain behavior and modulus of elasticity of concrete. 

2.3.1    Test setup 

The compressive strength and splitting tensile strength of concrete was measured 

at 7, 14, and 28 days by using Universal Testing Machine (UTM) of loading rate 

4 kN/sec over the specimens. Figure 2 shows the test setup of the present study. 

Compressive strength of the cylinder is determined as per ASTM C39M-03 and 

tensile strength of concrete is determined as per ASTM C496M-04.Non-

destructive test was accomplished by the rebound hammer as per ASTM C805. 

The strain of concrete specimens was measured by a strain measurement setup 

with a dial gauges. The gauge length was 75 mm. The failure surfaces of concrete 

were also checked carefully after crushing of the concrete cylinders. The Young’s 

modulus of concrete was determined from the stress-strain curves. The stress of 

concrete at strain level 0.0005 was used to determine the Young’s modulus of 

concrete [6].  

 
   

(a) (b) (c) 

Figure 2: Test setup (a) Strain gauge (b) Compressive strength and stress-strain 

behavior (c) Tensile  strength 

Specimen 
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3 RESULTS AND DISCUSSIONS 

3.1     Fresh concrete properties 

Besides the hardened concrete properties, workability as fresh concrete property 

has also been measured in the present study. Slump cone having a dimension of 

12 inch in height, 4 inch diameter in top and 8 inch diameter in bottom, is filled 

with 3 layers and on each layers 25 times temping with a 5/8″ diameter rod hav-

ing a weight of 1kg, are accomplished. Therefore, a total temping of 75 times for 

three layers are carried out, following ASTM C143.It is observed that workabil-

ity of the concrete decreases with the increase of percentage of fiber addition. 

The value was 2.5 inch and 2 inch for BAC and SFBAC 0.5% respectively. 

3.2    Hardened concrete properties 

Compressive strength, splitting tensile strength, stress-strain behavior and 

Young’s modulus have been observed as hardened concrete. 

3.2.1    Compressive strength 

Effect of fibers on compressive strength of concrete is tested at 7 days, 14 days, 

and 28 days as shown in figure 3. No significant difference is observed at 7 and 

14 days compressive strength between BAC and SFBAC. However, Around 7 % 

strength is increased at 28 days in BAC compare to SFBAC. 

 
 

Figure 3: Compressive strength at 7, 

14 and 28 days 

Figure 4: Tensile strength at 7, 14 and 

28 days 
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3.2.2    Tensile strength 

Effect of aggregates on tensile strength of concrete is also tested at 7, 14, and 28 

days as shown in figure 4. It is seen that in all cases BAC has the lower strength 

than SFBAC. At 7 and 14 days the difference is 17 % and 21 % respectively. On 

the other hand, the strength of 28 days is not significant. A value of 8% increase 

in 28 days tensile strength is observed for 0.5% steel fiber addition compared to 

control case (0 % steel fiber addition) BAC. 

3.2.3    Stress-Strain behavior 

The stress-strain behavior of BAC and SFBAC has been tested for 28 days. It is 

observed that rupture limit of concrete with fresh brick aggregate is significantly 

improved for concrete with steel fiber additions. The result is around 27 % more 

in SFBAC compare to the control case (BAC). Since the testing machine is force 

controlled, the authors were unable to predict the descending branch of the stress-

strain curve and are not shown in Fig.5. 

  

Figure 5: Stress-Strain behavior at 28 days Figure 6: Modulus of elasticity 

28 at days 

3.2.4    Modulus of elasticity 

Young’s modulus of concrete for brick aggregate (BAC) is lower (about 14%) 

compared to the same with steel fiber reinforced brick aggregate concrete made 

with 0.5% addition of steel fiber at 28 days as shown in figure 6. 
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3.3    Failure pattern 

Brittle failure is seen for the concrete made with brick aggregates (BAC). On the 

other hand relatively ductile failure is for the concrete made 0.5 % addition of 

steel fiber. Figure 7 shows the failure pattern of both concrete. 

(a) (b) (c) (d) 
Figure 7: Failure pattern of specimen (a) and (b) compressive and tensile 

strength of BAC, (c) and (d) Compressive and tensile strength of SFBAC 

4 CONCLUSIONS 

An experimental investigation is conducted to compare the mechanical properties 

of concrete made with fresh brick aggregate concrete (BAC) and concrete made 

with steel fiber (SFBAC). Following conclusions can be drawn from the present 

experimental investigation: 
 

 Workability of steel fiber reinforced aggregate concrete (SFBAC) is rela-

tively lower compared to that of the fresh brick aggregate concrete 

(BAC). 

 The compressive and tensile strengths of steel fiber reinforced concrete 

(SFBC) at 28 days are found to be 5-10% higher than that of the fresh 

brick aggregate concrete (BAC).  

 Modulus of elasticity of BAC (15.53 GPa) is lower in comparison to that 

of the SFBAC (17.92 GPa). 

 Rupture strain limit of SFBAC is higher compared to that of the BAC by 

25 to 30% and relatively ductile failure is seen for steel fiber reinforced 

concrete (SFBAC). 
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Abstract. Concrete is a universal construction material in Civil Infrastructures. 

Versatile modern concrete technology is a challenging issue to mitigate the 

shortcomings of ancient concrete: low tensile strength, porosity, crack 

propagation with age and loading etc. Application of nanotechnology in cement-

based composites creates a startling dimension in concrete technology. 

Decreased porosity, leading to denser microstructure and enhancement in 

mechanical properties create immense interest to the cement-concrete 

researchers. This paper reviews the effect of inclusion of carbon-nanofibers, 

carbon-nanotubes (CNT) in particular, on different properties of cementitious 

composite i.e. compressive strength, flexuralstrength, tensile strength, tensile 

modulus, strain, porosity, workability, and durability. The role of size, shape and 

dispersion of CNT on the mechanical properties of cement-based composites are 

also presented. It has been found that dispersion of CNT is extremely important 

to produce robust composites. Properly distributed CNT reinforced cementitious 

composites can achieve higher compressive strength as well as tensile strength as 

compared to plain cement mortar. This paper also sheds light on certain 

challenges that need to be considered while producing nanotubes reinforced 

cement composites.  

 
Keywords: Nanotechnology, Cement composites, Carbon-nanotubes, Dispersion. 
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1 INTRODUCTION 

Structural engineering has evolved around one ubiquitous building material 

known as concrete. Concrete and its parent material, cement, both suffer from the 

same disadvantages: low tensile strength, crack propagation with age and 

loading. The quest to make concrete a versatile material without it being 

susceptible to its inherent flaws has led to the incorporation of different types of 

nano materials and fibers in concrete and cement paste. Utilization of different 

types of carbon nanotubes (CNT) has the prime focus in this regard as one of the 

most significant areas of research. 

Carbon nanotubes can be idealized as rolled form of graphite sheets where 

carbon atoms are arranged in a hexagonal array. The ends are capped by a dome 

shaped half fullerene molecules. Normally, the elastic properties of CNT are 

assumed to be independent of the chirality due to the regular isotropic nature of 

hexagonal two-dimensional crystal. But, dislocation theory states that the 

strength mechanism is a function of the tube chirality [1]. Therefore, the 

mechanical properties of nanotubes greatly depend on the atomic arrangement of 

the nano structure. The atomic structure of nanotubes is defined by the tube 

chirality. Two limiting cases exist, i.e. ziz-zag shaped (chiral angle of 0 degree) 

and armchair shaped (chiral angle of 30 degrees) (Fig 1). 

 

 
 

Fig 1: Illustrated atomic structure of (a) an armchair nanotube, (b) a zig-zag 

nanotube [2] 

Carbon Nanotubes (CNT) have an average diameter ranging from <1 nm to 50 

nm and an average length from 1 micron to 1 cm [3]. CNT has high aspect ratio 

[4], extremely high elasticity [5] and modulus [6].A single walled CNT (SWNT) 

looks like a single sheet rolled up into a tube, while multi-walled CNT (MWNT) 

looks like multiple sheets rolled into a series of tubes, one inside the other. A 

SWNT is typically 1-3 nm in diameter and a micrometer or more long. MWNT 

typically ranges in diameter from 10 to 40 nm, but has the same length as the 

single walled variety.  
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2 EFFECT OF CNT ADDITION IN CEMENTITIOUS COMPOSITES 

In the 1990s, with the use of short carbon fibers in the cement mortar, an increase 

of 85%, 205% and 22% in flexural strength, flexural toughness and compressive 

strength were obtained, respectively by Chen et al. [7].  A research conducted by 

Li et al. [8] in 2004 showed that, the compressive and flexural strength of the 

cement mortar with CNT were higher than plain cement paste. Another study by 

the same researchers [9] in 2006 showed that the abrasive resistance of concrete 

improved significantly with the addition of nano-particles. The compressive and 

flexural strengths improved when the nano-particles content was 1% by weight of 

the cement. Makar et al. [10] found accelerated hydration at early age by adding 

SWNT. Manzur et al. [11] showed increase in compressive strength of cement 

mortar through addition of untreated commercial MWNT. They obtained up to 

25% increase in compressive strength. A tentative optimum mix ratio for treated 

MWNT was proposed by them in another study in 2015[12] considering both 

flexural and compressive strengths of the composites. In another study, Cwirzen 

et al. [13] obtained 10% increment in flexural strength by MWNT reinforced 

cementitious composite. High early strength of cement mortar was obtained by 

Agullo et al. [14] through addition of MWNT in low concentration. Lelusz [15] 

found that compressive strength of cement composites decreased with the 

increase in CNT dosage. This research used different dosage rate of MWNT 

(0.00%; 0.06% and 0.12% by weight of cement) in powder form. Tensile strength 

of cement samples with CNT was found to be increased and better stress-strain 

relationship was observed in direct tension [16].Moreover, better tensile strength 

(up to 54%enhancement) was achieved through nano-fibers reinforcement. 

Experimental results of this research are shown in fig 2. Samples having 0.5% 

MWNT showed stiffer behavior, higher tensile modulus with lower strain.  

 

 
 

Fig 2: Stress-Strain relationship under direct tension [16]. 
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3 EFFECT ON PHYSICAL PROPERTY OF CNT 

The physical properties of CNT also have effect on behavior of CNT reinforced 

cement composites. The effect of various nanotubes size was investigated by 

Manzur et al. [17] based on compressive strengths of composites. It was found 

that MWNT with OD (outside diameter) 20 nm or less obtained similar 

compressive strengths, with the highest compressive strength being achieved by 

the smallest size of MWNT (OD smaller than 8nm). The fracture characteristics 

and early strain capacity of CNT cement composites were investigated by Metaxa 

et al. [18]. The results showed that the CNT of longer lengths in smaller 

quantities (0.025 – 0.048%) and shorter lengths in higher quantities (0.08%) 

could achieve good dispersions and eventually robust composites. Nano 

indentation results indicated that the CNT composites had higher stiffness and 

less porosity. This reduction of pores led to significant effect on the early strain 

capacity of composites. 

4 EFFECT OF WATER CONTENT ON CNT-CEMENT COMPOSITES 

Due to extremely high surface area, CNT tends to adhere more water and 

consequently decreases the workability of mixes. Therefore, water content often 

plays a vital role in preparing CNT-cement composites. Yazdani et al. [19] found 

that the 0.4 w/c ratio yielded the maximum compressive strengths for control 

samples. But the major difficulty associated with CNT-cement composites having 

lower w/c ratio was the workability. They observed that higher water cement 

ratio of 0.50 exhibited higher compressive as well as flexural strength for both 

0.1% and 0.2% CNT reinforced mortar samples. Manzur et al.[11] also found that 

water cement ratio of 0.60 resulted in higher compressive strength with untreated 

MWNT and without any plasticizer as surfactant.  

5 EFFECT ON DURABILITY 

Cementitious materials are typically characterized as quasi-brittle and susceptible 

to cracking. Strength, ductility, creep, shrinkage, and fracture behavior of 

cementitious construction materials greatly depend on the micro- and nano- scale 

formation of the material. Considerable improvement in restricting cracks in 

cementitious matrices was observed by addition of CNT [20]. Due to small size 

of CNT, they will reduce the amount of fine pores which leads to the reduction of 

the capillary stresses, resulting in lower autogenous shrinkage. Hence, CNT 

reinforced matrix would reduce the length and width of crack in concrete and it is 

expected to produce significantly stronger and tougher composites than 

traditional reinforcing materials. Porosity of cement-composite can also be 

reduced by adding CNT [21, 22]. Thus, promises are being envisaged in CNT 

reinforced matrix for the next-generation ultra high performance and multi-
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functional cement-based materials and structures [23]. Crack bridging effect can 

be ensured through CNT addition [12] which in turn assures lower crack widths 

and guarantees the load transfer across voids and cracks. Hence, it is evident that 

CNT has extremely high prospect as reinforcement for cement composites. 

6 ROLE OF DISPERSION  

Dispersion of CNT in the cement matrix possesses the major challenge when 

dealing with high performance cementitious composites. To achieve the desired 

level of reinforcement within the cement matrix, proper dispersion of CNT is 

required. Uniform dispersion is essential for ensuring bridging effect across 

cracks which can be observed by SEM images. In Fig 3,SEM images that show 

the crack bridging effect and uniform dispersion of CNT within cement matrix 

are shown. Researchers adopted different approaches for dispersing CNT and 

found different results. Yu et al. [24] suggested acid treated CNT are more 

soluble than pristine CNT; Saez et al. [25] used gum Arabic as a dispersing 

agent; water dispersions was done by Makar et al. [10] and Konsta  et al. [26] 

and; Yazdanbakhsh et al. [27] and Gay et al. [28] used polycarboxylate based 

water reducing agent as surfactant for dispersion. Different solvents (ethanol, 

toluene, chloroform) were used via sonication by Li et al. [22, 29]; a 

polycarboxylate based super plasticizer and methylcellulose was used by 

Wansom et al. [30] whereas Cwirzen et al. [13] used polyacrylic acid. In all 

dispersion techniques ultrasonic vibration was applied since extremely high Van 

der Waals forces resulting from large surface area of CNT causes them to adhere 

together. The ultrasonication method is capable of producing required energy to 

break the agglomeration of CNT. Though, there is no direct measurement of 

quality of dispersion of CNT within cement matrix, in most cases SEM images 

have been used. However, SEM images require sophisticated and high cost 

equipment and can only provide information about a small region. A simpler 

technique has been suggested by Manzur et al. [31] that employs flow values of 

the mixes.    

 
   (a)    (b) 

Fig 3: SEM image of crack bridging effect (a) [10] and uniform dispersion of 

MWNT (b) [32] within nanotube reinforced cement paste  
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Abstract. This paper will address the issue of polymer incorporation with mor-

tar and concrete for amelioration of compressive strength. It was explored that 

partial replacement of Polyester polymer in conventional mortar on a weight 

basis of 6,8 and 10% enhanced its capacity about 1.25 times within 28 days but 

notably complete replacement (both epoxy and polyester) enhanced compressive 

strength up to about 2.25 times of conventional cement mortar within a curing 

period of only 3 days. Later SEM images are illustrated to represent the propa-

gation of micro cracks in polymer mortar after application of compressive load 

as the external structure posed an undisturbed configuration. Polymer concrete 

using Epoxy as a single binder within the range of 12~25% weight basis mixture 

specimens surpassed the limit of compressive strength of 60 MPa within only one 

week of curing period. Later 20% weight basis incorporation with further modi-

fication by fly ash as micro filler established the landmark above 80 MPa within 

a curing period of 28 days. Therefore this investigation accentuates the utiliza-

tion of Polymer in the field of retrofitting due to superior performance by render-

ing succinct curing period and enhancing structural strength. 

 

Keywords: Polymer cement mortar (PCM) and Polymer mortar (PM), Polymer 

concrete (PC), Microstructure analysis, Micro filler, High strength performance, 

Retrofitting potentiality. 
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1 INTRODUCTION 

Polymer is a promising construction material showing its versatilities for binding 

and repairmen of concrete structures. Polymer materials possess some superior 

properties like rapid curing, high compressive strength, high specific stiffness 

and strength resistance to chemicals and corrosion, ability to form complex 

shapes, excellent vibration damping properties and so forth, Bedi et al. [3].Owing 

to these superior properties, polymer has become a study of interest of many re-

searchers. Polymer modification of mortars and concrete increases the toughness, 

tensile and bending properties, Razl [6]. An interesting remark was concluded by 

Rahman and Islam [5] in their research paper showing that the addition of epoxy 

to cement mortars improved compressive, tensile and flexural strength while not 

reducing the porosity, chloride ion penetration and coefficient of thermal expan-

sion [5]. Regarding mechanical properties, same analysis was accomplished by 

Aggarwal et al. [1] using epoxy and acrylic emulsion in Polymer Modified Mor-

tars [1].  

Barbuta and Harja (2008) reported that mortar incorporating with polymer 

show good mechanical properties required for repair works [2]. After reviewing 

several papers Kardon (1997), concluded that the combination of Portland Ce-

ment Concrete or mortar with polymers can result in extremely durable, tough 

and strong eco-friendly building material [4]. 

The current study will address the investigation on the mechanical properties 

of polymer incorporated mortar and concrete specimens facilitating the way of 

application of polymer to achieve high strength and retrofitting capability. 

2  OBJECTIVE OF THE RESEARCH 

The prime objectives of this research work are categorized as- 

 To overcome the drawback factors regarding high strength gain of Portland 

Cement Concrete with the replacement of Polymer Concrete in construction 

industry. 

 To emphasize on the retrofitting potentiality of Polymer incorporated mortar 

by evaluating the strength gain rate in comparison to conventional cement 

mortar. 

3 EXPERIMENTAL INVESTIGATION 

This session is fully decorated in details to present the undertaken investiga-

tion program of polymer associated mortar and concrete regarding mechani-

cal strength and morphological analysis.  
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3.1 Materials 

3.1.1     Cement 

In this research work Portland Composite Cement (PCC) is used as the binding 

material. The cement used is fresh and without any lumps. The specific gravity is 

found to be 3.15.Normal Consistency is measured as30% having Initial and Final 

Setting time of 128 and 215 minutes. 

3.1.2     Polymer and hardener 

In this research program two distinct polymer naming Epoxy and Polyester resin 

were used. It is to be noted that Polyester was used only for mortars. Specific 

gravity of Epoxy and Polyester is reported to be 1.16 and 1.102 by manu-

facturers. Triethylenetetramine is used as hardener for both mortar and concrete 

associated with polymer to accelerate the setting of polymer. 

3.1.3     Aggregates  

For fine aggregates, two categorized locally available well graded sand with dif-

ferent properties passing through 4.75 mm sieve are used. On the other hand, 

crushed stone chips having two maximum sizes of 19mm and 12.5 mm are used 

for this research work. All the properties are enlisted in the Table1. 

Table 1: Properties of aggregate 

 

 

3.1.4    Fly ash 

In this research work, Class C fly ash of having specific gravity 2.65 was used as 

micro filler in polymer concrete to reduce permeability and improve mechanical 

strength.  

3.2 Sample Preparation 

3.2.1    Mortar specimens 

The components of conventional cement mortar composition are mixed by a 

method and technique as prescribed by ASTM C305. For Polymer Cement Mor-

Type of aggregate F.M. Specific  

Gravity 

Abrasion value 

(%) 

Fine  

Aggregate 

Sylhet sand 2.32 2.60 - 

Local Coarse sand 3.50 2.62 - 

Coarse 

Aggregate 

19 mm downgraded  8.94 2.63 22 

12.5 mm downgraded 7.59 2.58 29 
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tar (PCM), hardener mixed with resin were added to the pre-wetted cement and 

sand mixture where for Polymer Mortar (PM), hardener mixed with resin were 

added to the calculated amount sand in absence of water. For compressive 

strength of mortar, specimen’s size was maintained as 50.8X50.8X50.8mm cubic 

format. The mortar specimens were separated out from the mold after 24 hours of 

molding. Mortars with cement in its composition (CM and PCM) were kept in 

water for 3-28 days for curing and PM specimens were left to atmosphere for 28 

days. It is to be noted that Ottawa Sand was used as F.A. in the preparation of 

Cement Mortar only. 

Table 2: Ratio of ingredients used in mortar 

*F.A. indicates Fine Aggregate and W/C indicates Water to Cement ratio 

3.2.2     Concrete specimens 

The components of conventional concrete composition were mixed by a method 

and technique as prescribed by ASTM C305 but for Polymer Concrete (PC) a 

few modifications were adopted. For PC specimens, Sand and Coarse aggregate 

were put together in the mixing bowl and then calculated amount Epoxy resin 

blended with hardener were poured in the bowl and was mixed . 

Table 3: Mix Ratio for Concrete 

*F.A. indicates Fine Aggregate and C.A. indicates Coarse Aggregate 

For Polymer Concrete (PC) several trials were done with varying composi-

tions. 

Mortar type Cement F.A.* W/C* Resin 

Portland Cement  

Mortar 
1 2.75 .485 - 

Polymer Cement 

Mortar 1 2.75 .40 

Epoxy used as 6~10% of 

total weight of (Cement 

+F.A.) 

Polymer  

Mortar 

Polyester - 1 - .25 

Epoxy - 1 - .25 

Concrete 

Type 
Cement F.A.* C.A.* W/C ratio Epoxy Resin 

Portland 

Cement 

Concrete 

1 2 4 0.45 
- 

Polymer 

Concrete 
- 10 20 - 

12~25% weight of 

(F.A.+C.A) 
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Table 4: Different Trial Mixing for Polymer Concrete (PC) 

The dimension of concrete cylinders was chosen as 100mm in diameter and 

200mm in height. The concrete specimens were separated out from the mold af-

ter 24 hours of molding and PCC specimens were kept in water for 7-28 days for 

curing while PC specimens were left to atmosphere for air drying. The dosages 

of resin content in Polymer Concrete reported by previous researchers lie be-

tween 12~20% in weight basis, Bedi et al. 2013[3]. So this research work sets the 

limit between 12~25% in weight basis. 

3.3 Methods 

Compressive strength of masonry mortar and concrete specimens were measured 

according to standard test method of ASTM C 109 and ASTM C 39.Note that, as 

there is no code available for polymer specimens and so ASTM general codes 

were applied to them.  

4 RESULT AND DISCUSSION 

4.1 Result Analysis of Mortar Specimens 

The experimental results were analyzed on 3, 7 and 28 days curing period. The 

results analysis showed that Polymer Mortars (both Epoxy and Polyester) 

showed their superiority over other specimens. Where Polymer Cement Mortar 

(6, 8 and 10% weight basis epoxy) achieved 30% higher strength on an average 

than Conventional Cement Mortar with respect to 28 days curing period, Poly-

mer Mortar surpassed 1.5 more times of that value within only a 3 days of curing 

period. This achievement ensures the pertinence of Polymer Mortar in achieving 

Trial ID Trial 

1 

Trial 

2 

Trial 

3 

Trial 

4 

Trial 

 5 

Trial 

6 

Trial  

7 

Trial 

8 

Trial 

9 

Fine  

Aggregate. 
F.M. 

2.32 

F.M. 

2.32 

F.M. 

2.32 
F.M. 

3.50 

F.M. 

3.50 

F.M. 

3.50 

F.M. 

2.32 

F.M. 

2.32 

F.M. 

2.32 

Coarse  

Aggregate 

19 

mm 

down 

grade 

 

19 

mm 

down 

grade 

 

12.5 

mm 

down 

grade 
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high strength for repairmen and retrofitting possibility of RCC structures within a 

succinct curing period.  

 

 

Figure 1: Comparison of compressive strength of mortar specimens 

The choice of resin between Epoxy and Polyester is another issue Bedi et al. 

[3] reported their preference to Epoxy over Polyester because of its better me-

chanical properties as well as better durability when subjected to harsh environ-

ment if higher cost is not a deterrent [3]. From analysis of compressive strength 

presented in this paper, this preference is hard to crack as investigation on dura-

bility is missing. But based on a slight increment of strength issue, Epoxy wins 

over Polyester to make it a preferable choice. 

4.2 Result Analysis of Concrete Specimens 

The results of compressive strength were analyzed on 3,7 and 28 days for PCC 

specimens but for PC specimens only Trial-9 experienced the standard curing 

period of 28 days while others were tested on 3 and 7 days only. The results are 

delineated in Fig 2. A large contact area molds into a proper space filling of the 

gaps by smaller aggregates, Bedi et al. [3]. For this reason Trial-1 and Trial-2 

experienced the lowest strength in comparison to others as the specimens were 

manufactured with 19mm downgraded aggregate which tend to be weaker in 

providing a compact structure. 

The problems encountered with 19 mm downgraded aggregates were mitigat-

ed by using 12.5 mm downgraded aggregates and better results were achieved 

with Trial 3, 4, 5, 6, 7, 8 and 9. The results comparison presented that compres-

sive strength maintained a level around 65 MPa for Polymer Concrete at Trial-3 

on 7 days curing period but when Fly ash was introduced as micro filler then it 

boosted up to 81MPa for Trial-9 on 28 days curing period.  
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Figure 2: Comparison in compressive strength between PCC and 9 trials of PC 

specimens 

This is because Fly ash seals the voids of porous concrete structure and pro-

vides adhesion between polymer and aggregates. Introduction of 15% Fly ash 

enhances 30% strength which is confirmed by Trial-7, 8 and 9 [3]. Also increase 

in resin content continues with higher strength with an interruption for Trial-4, 5, 

and 6 and this may be due to erroneous calculation or usage of fine aggregate 

with high F.M. which failed to provide strong interaction with coarse aggregate. 

4.3 Microstructure Analysis of Polymer Mortar Specimen 

Mortar samples have been cut with cutting equipment into specified size (2 mm × 

2 mm) required for scanning. Figure 3 (i) demonstrates the microstructure of cut 

surface of Polymer Mortar specimen, prepared with 25 weight percentage epoxy 

resin of total weight. Cross-linked epoxy resin network is developed through cur-

ing reactions and whole products are encapsulated with the resin network. En-

capsulation of matrixes with the cross-linked resin provides early strength 

development, filling capability and higher toughness properties to the Polymer 

Mortar structure.  

 

 

 

 

 

 
 

i)                                                     ii) 

Figure 3: SEM images of i) Before Failure and ii) After Failure of Epoxy 
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 Polymer Mortar Specimen 

On the other hand, Figure 3 (ii) demonstrates the condition of polymer bond 

after failure. Though the external structure posed a certain amount settlement, the 

internal structure represents cracking of polymeric chain creating voids. 

5 OUTCOME OF THE RESEARCH WORK 

The outcomes of this research work are summarized as follows. 

 For a specific composition of Polymer Concrete, the polymer content de-

termines the strength of specimen. 

 Increasing Polymer content in polymer incorporated mortars facilitates the 

workability but hampers the compaction.  

 A large contact area seals the voids to ensure high strength and that’s way 

12.5 mm downgraded aggregate is preferable to 19 mm downgraded aggre-

gate. Further modification with the use of Fly ash provided better results due to 

less porous compact structure. 

 Initial Setting Time & Workability of Polymer Concrete are dependent on 

the dosages of Hardener added in concrete. Both these properties are in-

versely proportional to the dosages of hardener. 

 Strength gain is high and rapid for polymer concrete and polymer mortar, 

which makes the composition suitable for rapid setting structural element as 

well as rapid curing. Also these features ensure retrofitting compatibility of 

polymer. 

6 CONCLUSIONS 

Polymer incorporated materials are a very promising group of new building ma-

terials. It should be used only in applications in which the higher cost can be jus-

tified by superior properties, low labor cost and energy requirements during 

processing and handling. The versatile applications of polymer incorporated mor-

tar and concrete are to be explored in decades ahead. It might be the greatest de-

velopment in the area of constructional rehabilitation if proper research is done. 
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Abstract.Theunused  abundant generation of mining coal bottom ash (MCBA) as 

an industrial by-product from power plant causes the earth and environmental-

pollution. The aim of this study is to analyze elemental composition, physical 

properties,morphology of mining coal bottom ash powder (MCBAP) and investi-

gate the compressive strength and setting behaviour of mining coal bottom ash 

powder blended cement (MCBAPC).The elemental composition  and morphology  

were observed  using X-ray fluorescence (XRF) and Scanning electron microsco-

py (SEM) techniques, respectively. ASTM standard methods were used to observe  

setting time and water for normal consistency.The compressive strength of 

MCBAPC  was explored with water to cement ratio of 0.40 and cement to sand 

ratio of 0.50.In this experiment, the ordinary portland cement (OPC) was re-

placed by MCBAP up to 60% by weight. Result found that the setting time and 

water demand increase, but compressive strength decreases with replacement 

level. Moreover, the compressive strength development rate of curing age 7 to 28 

days is lower with respect of curing age 28 to 90 days. Rigorous reckoning found 

that the MCBAP is feasible to use in blended cement. 

Keywords:Mining coal bottom ash powder, Setting time, Blended cement, Com-

pressive strength. 
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1 INTRODUCTION 

Rapid industrialization and urban development lead to increase the consumption 

of power , and  the generation of mining coal bottom ash (MCBA) waste residue 

has increased drastically all over the world [1]. In present practice, land filling is 

the only way to dispose MCBA waste that change the composition of soil and 

also contaminate ground water. Safe treatment and sustainable reuse of mining 

coal bottom ash powder (MCBAP) waste has become a society, environmental 

and economic problems that need to be resolved urgently.The suitability for  uti-

lization MCBAP in blended cement   depends onits’ chemical ,Physical,  miner-

alogical and morphology properties [2]. The chemical composition of MCBAP is 

similar with fly ash of the coal burning power plant. Moreover, there has some 

sort of difference both in chemical and physical composition of MCBAP and fly 

ash. Usually, MCBAPis denser  and coarser than fly ash particles [3]. 

The physical properties, chemical composition, mineralogy and  morphology 

of bottom ash depends on the sources from where it is produced, burning condi-

tion, geological condition of the area where coal  is generated [4]. The chemical 

composition of Malaysian coal bottom ash mainly SiO2(58-67%) with Al2O3, 

Fe2O3 and MgO. XRD observation found that quartz and mulliteare main mineral 

present in coal bottom ash and amorphisityhalo present in the two theta angle in 

range 10-30°.  The coal bottom ash haspozzolanicacitivity, but not so strong as 

like as fly ash.  Moreover, slag and fly ash is an industrial by product which 

widely used for  composite cement production in industrial scale [5],[6]. The coal 

bottom ash reduces compressive strength at an early age, but increase at later age 

due to formation of more C-S-H gel by pozzolanic reaction. The presence of bot-

tom ash particle in between two active cement particle retards the hydration reac-

tion rate. As result setting time of blended cement comparatively higher than 

corresponding OPC paste.The target of this work is to analyzethechemical and 

morphological characterization of  MCBAP and suitability in term of compres-

sive strength, setting time and water consistency to use in blended cement. This 

knowledge could be adventitious for utilization MCBAP in composite cement 

production at industrial level. 

2 MATERILAS & METHODS 

The MCBA(Figure 1a) was collected from a local power plant in Kuala Lumpur, 

Malaysia. The raw MCBA was dried and grinded for 8 hours in a ball mill of 150 

rpm to achieve MCBAP (Figure 1b). The chemical composition and morphology 

of MCBAP were analyzed through XRF (Table 1) and SEM (Figure 2), respec-

tively. The specific gravity, loss of ignition, specific surface area, water con-

sistency and setting time were determined according to ASTM C118-15, ASTM 

C114-15,ASTM C204-14, ASTM C191-13, respectively.The type of OPC, bind-
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er/sand ratio, and water/binder ratio were kept constant as CEM I 42.5 N, 0.50 

and 0.40, respectively. The superplasticizer (SP) was used to maintain mortar 

flow 170±10 mm. The ASTM C778 standard graded sandswere used.The 

MCBAP based blended cements as designated in this article as MCBAP-10, 

MCBAP-20, MCBAP-30, MCBAP-40, MCBAP-50 and MCBAP-60, were pre-

pared with a replacement of OPC of 10, 20, 30, 40, 50& 60% blending in a con-

trol ball mill.Blended cement and sand were mixed properly following two 

minutes with water and then another two minutes with SP. The mortar flow was 

measured according to ASTM C1437-13. Eighteen numbers of 50x50x50 mm
3
 

cubes were casted for each blended cement mortar. The specimens were 

demoulded after 24 hours and cured in water at a controlled room temperature 

and humidity of 27 ± 3°C and 65 ± 18%, respectively. The compressive strength 

of mortar was tested at the age of 1, 3, 7, 28, 56 and 90days according to ASTM 

C209-15. 

 

Figure 1:  (a) MCBA stone(b)  MCBAP collected from a power plant 

3 RESULTS& DISCUSSION 

3.1 Chemical and Morphological Analysis 

The common physical and chemical properties of OPC and MCBAP are illustrat-

ed in the Table 1.  

The SiO2 is the main ingredient with Al2O3, Fe2O3, MgO of MCBAP. The to-

tal percentage of SiO2, Al2O3 and Fe2O3 was 86.09 %. It is good for low calcium 

pozzolanic materials.  The LOI of MCBAP is higher than OPC due to the incom-

plete burning coal in power plants.  The specific gravity of MCBAP (1.87) was 

lower than OPC (3.15). This low value specific gravity is mainly due to hollow 

particle such as micro pore significantly present in MCBAP. 

(a) (b) 
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Table 1: Physical and Chemical Compositions of OPC and MCBAP 

Parameter OPC MCBAP 

SiO2(%) 20.65 51.32 

Al2O3(%) 5.10 28. 46 

MgO(%) 1.47 0.30 

Fe2O3(%) 2.29 6.31 

CaO(%) 64.19 1.37 

K2O(%) 0.21 2.20 

TiO2(%) 0.11 0.69 

SO3(%) 3.48 0 

Specific gravity 3.15 1.87 

Fineness (m
2
/kg) 404 429 

LOI   (%) 0.89 2.86 

 

Figure 2:  Micrograph of MCBAP 

The SEM micrograph of MCBAP in Figure 2 shows  thatboth spherical  and 

rounded particles present [7]. The MCBAP contains micro pore. Small pore was 

formed in the combustion process of power plant. The black color of MCBAP is 

due to incomplete burning of mining coal. The chemical composition, burning 

condition and unburned carbon are responsible for irregular shape and porosity. 

3.2 Investigation of Setting Time and Water for Normal Consistency 

The rheological properties studies focused on the water demand for normal con-

sistency. The water demand for the normal consistency of OPC and MCBAPC 

are represented in Figure 3. The water demand in MCBAPC increase with the 

Spherical & rounded shape  

Micro  pore 
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replacement level of  OPC. The free bulk water is to fill interspaces among micro 

pore of MCBAP more compare with OPC.The initial and final setting time of 

OPC and MCBAPC are shown in the Figure 4. Both of the IST and FST of 

MCBAPC significantly increases with replacement of OPC by MCBAP.The per-

centage of active OPC clinker phase such as C2S, C3S and C3A decrease due to 

dilution effect and MCBAP particle take place between two active cement parti-

cles, both of the factors are responsible to decrese the  hydration reaction rate[8].  

 

Figure 3: Water demand of MCBAPC and OPC 

3.3 Effect of MCBA in Strength Development 

The compressive strength of OPC and MCBAPC mortars are shown in Figure 5. 

From  the figure, the compressive strength of the MCBAPC mortars increase 

with curing time, but decrease with the increment of the replacement level. 

 

Figure 4:  Setting time of OPC and MCBABC (IST-Initial setting time, FST-final 

setting time) 
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Figure 5: Variation of compressive strength with reaction time 

The compressive strength developing rate of the blended cement mortar de-

pends on factors such the hydration reaction rate, nucleation effect, packing ef-

fect and pozzolanic reaction. The compressive strengths of MCBAPC lower than 

OPC because of the low content active phase C2S, C3S and C3A present in the 

MCBAPC[2]. Active phases cannot producesuficient calcium silicate hydrate 

(C–S–H) polymeric layer like OPC in the presence of water for strength devel-

opment [6]. The compressive strength developing rate could be calculated by 

using the following equation stated below. 

CSDR7-28    =
            

     
 X 100                                                           (1) 

CSDR28-90 =
             

      
 X 100(2)   

where, CSDR7-28, CSDR28-90 indicate the rate of strength development from 7 

to 28 days and 28 to 90 days, respectively. And CS7D, CS28D and CS90D de-

noted that the compressive strength mortar of 7, 28, 90 day, respectively.  Figure 

6 shows that the percentage of MCBAP addition in OPC accelerate theCSDR7-28, 

CSDR28-90. The rate of strength development from 28 to 90days are significant. 

For instance, the CSDR28-90 for MCBAP-10, MCBAP-20, MCBAP-30, MCBAP-

40, MCBAP-50, MCBAP-60 are 12.81%, 16.55%, 17.02%, 28.79%, 30.33% and 

42.88%, respectively. This trend of strength development may imply that SiO2 of 

MCBAP reacts with Ca(OH)2 at a later age[9]. 
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Figure 6: Compressive strength developing rate from 7 to 28days (CSDR 7-28) 

and from 28 to 90 days (CSDR 28-90) for mortar. 

4 CONCLUSIONS 

This research illustrated the influence of MCBAP on blended cement properties 

and setting behaviour. The conclusions are drawn as follows: 

 The SiO2 isthe main ingredient with Al2O3, Fe2O3, MgO in MCBAP. The 

total percentage of SiO2, Al2O3 and Fe2O3 was 86.09 %. It is good for 

low calcium pozzolanic materials.  

 The SEM observation found that MCBAP is porious, irregular shape, 

blackcolored materials. 

 The water demand, IST and FST are increased with addition of MCBAP 

with OPC. Moreover, the addition of MCBAP with OPC weakened the 

micro structural properties, decrease the matrix density of mortar that 

lowers the compressive strength. 

 Compressive strength developing rate reveal that a lower rate of strength 

development from 7 to 28 days compared with 28 to 90 days reaction 

time. 
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Abstract. Wood is one of the traditional building materials and has been in use 

for a very long time. In recent times there have been some significant develop-

ments in technology for application in different types of structures. New wood-

based materials with improved properties have been developed that can mass 

produced in factories. Modern design and production tools can prepare compo-

nents to fit into structures. This paper highlights some of the latest developments 

with some examples of different types of applications across different countries. 

Keywords: Engineered wood products, Structural engineering, Seismic design. 
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1 INTRODUCTION 

Engineered wood products involve industrial processes which combine wood of 

certain sizes organized and in particular orientations with adhesives to achieve 

desired engineering properties. Different types of engineered wood products have 

been developed but a few of them have been popular and widely used over the 

last few decades. Glue Laminated Timber, commonly known as Glulam, is wide-

ly used as a high quality material for structural members. Laminated Veneer 

Lumber or LVL is has high strength particularly along parallel-to-the-grain direc-

tion, ideal for beams and columns. Cross Laminated Timber (CLT) overcomes 

the weakness of LVL in the perpendicular-to-the-grain direction and can be pro-

duced as long panels to be used as floors and walls. 

Modern engineered wood products can have strength comparable to other ma-

terials such as concrete. They can be mass produced in factories which ensure 

quality and brings the cost down. With modern computer aided design and manu-

facturing facilities the structural members can be prefabricated quickly to very 

precise dimensions. Because wood is significantly lighted than other materials 

the erection process is generally faster and less expensive. Due to all of these fac-

tors wood is a competitive material, both technically and cost-wise, for many 

structural applications. With ever-growing interests in sustainable development 

alternatives wood is becoming increasing popular as a building material. That has 

been ongoing in parallel to recent significant technological developments some 

of which are discussed here. 

2 LONG-SPAN STRUCTURES 

Traditional long-span structures mean wooded trusses with typical connections. 

With the introduction of high-strength materials and better design and production 

facilities these types of structures can be designed for longer spans and for much 

more complex geometries. The modern Computer-Aided Design software can 

analyze virtually any structure and detail the members and connections to minute 

details for production. The Computerized Numerical Controlled (CNC) machines 

can shape the components in precise dimensions for erection at site. The project 

management and construction tools can schedule the program to optimize the 

required time and cost. Easy availability of sophisticated construction equipment 

reduces the dependency on labor. 

The practicality of designing long-span structures is demonstrated in the por-

tal frames over the Aviation display hall of the Museum of Transport and Tech-

nology (MOTAT) in Auckland, New Zealand (Figure 1). The 42 m clear span 

frames support more than usual loads but were erected with minimum labor. 
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Figure 1: MOTAT Aviation Display Hall (left), during construction (right). 

  

Figure 2: Coastland Aquatic Center (left), roof connections (right). 

  

Figure 3: Waitomo Cave Information Center (left), joint detail (right). 

Long-span roofs have been shaped in aesthetically pleasing forms with curva-

tures in two directions and diagonal grids (Figure 2). The technique has been ex-

tended to use composite sections and complex connections (Figure 3). Designers 

have managed to meet the challenges even in the very challenging conditions 

with irregular structures and unusual connections (Figure 4). 
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Figure 4: Coastland Aquatic Center (left), roof connections (right). 

3 MULTI-STORIED BUILDINGS 

In recent times there has been growing desire and attempts in general for more 

buildings with wood. The engineered materials can be produced in appropriate 

geometries with necessary strength to facilitate that. But few issues such as con-

nection details and construction techniques had to be addressed. The wood indus-

try responded through detailing and prefabrication techniques and at times 

worked with other materials to produce multistoried buildings including those 

designed for special demands e.g. seismic loading. 

 

  

Figure 5: NMIT Arts and Media Center (left), during construction (right). 

Around the middle of the last decade research on initiated in New Zealand on 

application of post-tensioning in structural members made of engineered wood 

products. The moment capacities of connections are increased due to post-

tensioning, the arrangement is self-centering at removal of load. Additional re-

placeable ductile elements are used for seismic loading which absorbs energy 

during seismic events but protects the structural members from serious damage. 

In addition it has the same advantages as other prefabricated systems. 

The first building in the world built with system is the Arts and Media Build-

ing of Nelson-Marlborough Institute of Technology in Nelson, New Zealand 
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(Figure 5), built around 2010. Since then the concept has been applied in a num-

ber of others have been structures in New Zealand, Europe and North America. 

The Trimble Navigation building in Christchurch, New Zealand (Figure 6) is a 

prime example of application of the idea in different types of connections. The 

typical frames have post-tensioning with energy dissipating elements at the 

beam-column joints. The columns have energy dissipaters connected to the foun-

dation (Figure 7). The post-tensioned walls have dissipaters at the bases in addi-

tion to U-shaped Flexural Plates between them for additional energy dissipation. 

 

  

Figure 6: Column (left) and walls with post tensioning and dissipaters (right). 

  

Figure 7: College of Creative Arts (left), post-tensioning and joint details (right). 

The post-tensioned structural system with wood has been used in some varia-

tions. One of them is in a podium structure for College of Creative Arts of Mas-

sey University in Wellington, New Zealand (Figure 4). The bottom two stories of 

the building are of concrete and the top three are made of wood. Innovative con-

nection details were used to overcome the weakness of LVL used in the column, 

wood-concrete composite system was used as floors (Figure 8). 

Variations of composite systems have also been in other structures. The St 

Elmo court building in Christchurch, New Zealand uses concrete columns with 
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wooden floor and beam systems whereas in Tait Communications building, also 

in Christchurch, wooden frames have been used in parallel to steel braced frames 

and roof (Figure 5). It should be mentioned that the post-tensioned concept is 

applicable not only to structures made of glulam or LVL but also to those with 

CLT such as the Kaikoura District Council building in New Zealand (Figure 9). 

 

  

Figure 8: Combination of wood with concrete (left), and steel (right). 

  

Figure 9: Kaikoura District Council building (left), CLT shear walls (right). 

  

Figure 10: Wooden interior with CLT stairs (left), CLT frame and roof (right). 
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4 HIGH-RISE STRUCTURES 

CLT systems are considered well suited for wooden buildings more than five 

stories tall due to their strength and the potential to achieve the required fire rat-

ing. Not surprisingly, there has been a worldwide growing trend of constructing 

tall CLT buildings, as confirmed by the recent Forestry Innovation Investment 

and Binational Softwood Lumber Council survey of international tall wood 

buildings (Perkins+Will 2014). The 10-storied Forte Apartments (Figure 8) in 

Melbourne, Australia is currently the tallest building in the world but that will be 

soon overtaken by the 14-story tall wood apartment building in Bergen, Norway. 

The Wood Innovation and Design Center (WIDC) in Prince George, Canada 

(Figure 11) is the currently the tallest wooden building in North America. A 

number of others high-rise buildings are at different stages of design and approv-

al process in United States and Canada. 

 

  

Figure 11: Forte Apartments, Melbourne (left), WIDC, Prince George, Canada 

(right). 

  

Figure 12: 30-story CLT Building (MGA, left), 42-story CLT Building (SOM, 

right). 
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In parallel with the demonstration design/ prize competitions, some consult-

ants have already designed tall buildings with CLT (Figure 12, left). Michael 

Green Architects (MGA) in association with Equilibrium Consultants, both from 

Vancouver, has designed buildings up to 30-stories tall following the “Finding 

Forest Through Trees (FFTT)” concept. Chicago-based consulting company 

Skidmore Owings and Merrill (SOM) has prepared a virtual wood design of a 42-

story concrete building built in the 1960s. The design includes CLT floors and 

framing in combination with concrete (Figure 12, right). 

5 SUMMARY 

A brief overview of some advances with engineered wood products in structural 

applications has been presented here. The developments contribute to the in-

creased popularity of wooden structures. The technology is still progressing and 

it is expected to help make wood a practical alternative for many types of struc-

tures in the near future. 
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Abstract. Unlike biodegradable waste non-biodegradable waste, such as plastic, 

remains stable for long period of time and becomes an environmental hazard. In 

2013 alone, 299 million metric tons of plastic waste has been generated all over 

the world. Managing these large quantities of non-biodegradable waste is chal-

lenging and recycling is the best possible option for that. In this study polypro-

pylene (PP) plastic has been recycled for coarse aggregate and fresh and hard 

properties of concrete with PP aggregates have been investigated. In PP con-

crete (PC), PP has been partially, 0%, 10%, 20% and 30% by volume, used to 

replace brick aggregate. Fresh values of concrete, such as workability, as well as 

hard values of concrete, like density, compressive strength, split tensile strength, 

and flexural strength have been tested and compared. Based on the results, it has 

been observed that PC can be used for structural purpose and concrete with 10% 

PC replacement has achieved higher performance compare to concrete with no 

replacement.  

Keywords: Concrete, Plastic aggregate, Compressive strength, Tensile strength, 

Density. 
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1 INTRODUCTION 

In our day to day life, plastic becomes one of the most widely used items. More 

than 299 million tons of plastics were produced in 2013 alone [1]. Although it 

has made our life comfortable but it also create a large waste disposal problem. 

Because of its non-biodegradable nature it creates congestion in ground and wa-

ter system. In Bangladesh 750 thousand tons of recycled plastic waste was creat-

ed during 2010 – 2011 [2]. Therefore, it will be tremendous benefit to the 

environment if this waste plastic can be incorporated in our construction indus-

tries where a large amount of natural aggregates are used every day, and thus 

create a sustainable environment.   

Investigations on application of plastic aggregate in concrete have been per-

formed in recent years. Ghaly and Gill [3] replaced coarse aggregate with 5%, 10% 

and 15% (by mass) of polyethylene terephthalate (PET) in concrete for w/c ratio 

of 0.42 and found that compressive strength decreases with increasing PET con-

tent. Similar trend is also observed by several other researchers [2, 4]. Mathew et 

al. [5] investigated application of partial use of plastic aggregate as coarse aggre-

gate and observed that concrete with 20% plastic aggregate had higher compres-

sive strength. However, they also concluded that with increases in plastic 

aggregate compressive strength also reduces.  

Based on the previous study, it is apparent that plastic aggregate replaced 

concrete has lower compressive strength. However, there is a potential to adopt 

waste plastic as a partial replacement for coarse aggregate and achieve higher 

strength than the regular concrete. Polypropylene (PP) is an abundant and low-

cost thermoplastic with vast applications in consumer products, textiles, automo-

tive industries and laboratory equipment. Because of its wide application it also 

create large amount of solid waste. Therefore, in this study waste PP has been 

adopted as a partial replacement (10%, 20% and 30%, by volume) of natural ag-

gregate. Fresh and hardened properties of these concrete has been investigated 

and compared with the regular concrete without any PP. 

2 MATERIALS AND MATERIAL PROPERTIES 

2.1 Cement 

Based on, ASTM C150-94, cement type I (Portland Composite Cement) were 

used as binding material. According to the manufacturer, it consists of 65 – 79% 

clinker, 21 – 35% lime stone, blast furnace slag, and fly ash.  

2.2 Fine and Coarse Aggregates 

Fine aggregate adopted in this study has been collected from Sylhet, Bangladesh, 

also known as Sylhet sand. This sand was coarser than the local river sand with a 

fineness modulus (FM) of 2.56. Particle size distribution of this sand has been 
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conducted according to the ASTM 136-05 and illustrated in Figure 1. As ob-

served from the figure, size distribution of Sylhet sand was well within the 

ASTM upper and lower limits. Sylhet sand also had relatively higher specific 

gravity but low water absorption capacity. Properties of Sylhet sand is summa-

rized in Table 1.    

Burnt clay bricks are one of most common building materials in Bangladesh, 

and thus, crushed brick chips were used as the prime coarse aggregate choice for 

this study. First bricks with first class classification were purchased from the lo-

cal market and then crushed into desired sizes. Beside, brick chips shredded pol-

ypropylene (PP) was used as coarse aggregate in this study. Preparation of PP 

aggregate had a process. At first, scrap plastic had been collected and washed, 

and then it had been melted and cooled into certain shape. Those cooled plastic 

bars can be shredded into specific sizes. For both coarse aggregate types, particle 

size distribution, specific gravity (bulk and specific) and water absorption capaci-

ty were calculated. All the test data are tabulated in Table 1. To achieve better 

similarity, FM for both brick chips and PP were selected as 6.54. Particle size 

distributions of both aggregates along with the ASTM lower and upper limits are 

illustrated in Figure 2 and it is close to lower bound of the ASTM requirement. 

However, similarities between these two aggregates end here. PP had a very low 

water absorption capacity then the brick chips. Furthermore, PP was lighter than 

the water and it had a bulk specific gravity of 0.85.  

Table1: Properties of aggregate 

Description Polypropylene (PP) Brick Chips Sand 

Maximum size   19mm 19 mm - 

Fineness modulus 6.54 6.54 2.56 

Bulk specific gravity 0.85 2.30 2.25 

Apparent specific gravity - 2.80 2.43 

Water absorption 0.80% 14.83% 3.40% 

3 PREPARATION AND TESTS OF CONCRETE SPECIMENS 

3.1 Concrete Preparation and Casting 

In this work crushed brick aggregates were replaced with polypropylene (PP). 

Replacement ratios were 10%, 20% and 30% by volume. In order to compare the 

fresh and hard properties of these PP concretes a set of control of samples with 

no PP were also considered. For the test, two water-cement ratios were consid-

ered, like 0.45 and 0.55. For mix design of concrete volume basis were chosen. 
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Mix ratio for fine and coarse aggregates was 1.5:3.0. Table 2 summarizes the mix 

design for 1 m
3
 of concrete with two water-cement ratios.  
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Figure 1: Grain size distribution of Sylhet sand used in the experiment along with 

the ASTM upper and lower limit for the fine aggregate.  
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Figure 2: Grain size distribution of PP and brick coarse aggregate along with 

ASTM upper and lower limits for the coarse aggregate.  
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Compressive tests were conducted for 7, 28 and 90 days. Therefore, curing of 

concrete cylinders was modified as required. For example, for 28 days test con-

crete cylinder was moist cured for first 24 hours, and then it was submerged in 

water for another 26 days. On 27th day after casting, it was removed for the cur-

ing tank and air dried for 24 hours before performing the test. Similar procedure 

was followed for all the other tests. Prior to test the specimens were air dried for 

24 hours. For compressive strength and split tensile tests, concrete cylinders with 

4 in diameter and 8 in height were prepared. However, for the flexural strength 

tests, concrete beams with dimension 420 mm x 140 mm x 140 mm were cast.            

Table 2: Mix design (for 1m
3
 of concrete) 

 

Designation* Water (kg) Cement 

(kg) 

Sand 

(kg) 

PP  

(kg) 

Brick 

Chips (kg) 

Water-cement ratio = 0.45 

PC45P0 153 340 539.3 - 1102.6 

PC45P1 153 340 539.3 40.5 992.3 

PC45P2 153 340 539.3 81.0 882.1 

PC45P3 153 340 539.3 121.6 771.8 

Water-cement ratio = 0.55 

PC55P0 187 340 513.8 - 1050.4 

PC55P1 187 340 513.8 38.6 945.4 

PC55P2 187 340 513.8 77.2 840.3 

PC55P3 187 340 513.8 115.8 735.3 

*PC45P0,PC45P1,PC45P2 and PC45P3 = PP concrete with water-cement ratio 

of 0.45 and 0%, 10%, 20% and 30% PP replacement, respectively.PC55P0, 

PC55P1,PC55P2 and PC55P3 = PP concrete with water-cement ratio of 0.55 and 

0%, 10%, 20% and 30% PP replacement, respectively. 

3.2 Testing of Concrete 

Concrete were tested for both fresh and hard properties. During the casting of 

concrete, slump values of the concrete mix were tested and according to ASTM 

C143. Slump values are indirect test for measuring the concretes workability. 

After concrete gain sufficient strength it becomes hard and the hard properties of 

concrete, like density, compressive strength, split tensile test and modulus of rup-

ture test of concrete were conducted. Compressive and split tensile test of con-

crete cylinders were performed according to ASTM C 39 and C 496, respectively. 

On the other hand, flexural strength of concrete was executed through ASTM C 

78, “Standard Test Method for Flexural Strength of Concrete (Using Simple 

Beam with Third-Point Loading”.   
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4 RESULTS AND DISCUSSION  

4.1 Fresh Properties of Concrete 

Slump tests of fresh concretes were conducted to gain some measure of worka-

bility. Figure 3 shows the slump values (in cm) of concrete with various PP re-

placements and w/c ratios. Slump value of concrete depends on w/c ratios, shape 

and surface roughness of the aggregate and particle size distribution. PP used in 

the experiments had rougher surface compare to brick aggregates. Therefore, PP 

replaced concrete showed lower slump values compare to concrete with no PP. 

Figure 3 also shows the fact that the slump values are higher when the w/c ratios 

are higher.  
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Figure 3: Comparisons of slump values with various PP replacements. 

 

4.2 Hardened Properties of Concrete 

Hardened properties of concrete include density, compressive strength, split ten-

sile test and flexural strength test. 

4.2.1 Density 

Density of concrete was measured at 28
th
 days after casting. After concrete cylin-

der was cured for 27 days, it was air dried for 24 hours; and just before the test 

height, diameter and weight of the cylinders were measured. By taking ratio of 

weight and volume, density of the cylinder was calculated. Figure 4 describes the 

reduction in the concrete densities with increase in PP replacements in concrete. 
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Reductions in densities are as high as 8% for the 30% PP replaced concrete. 

However, for 10% PP replaced concrete the percentage of reduction is negligible.     
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Figure 4: Change in density of concrete with two w/c ratios and various PP re-

placements. 

 

4.2.2 Compressive Strength 

Concrete cylinders were tested using a compression machine at 7, 28 and 90 days 

after casting. Figure 5 illustrates the compressive strength of concrete with vari-

ous PP replacements and w/c ratios. Except for 30% PP replaced concrete, com-

pressive strengths for w/c ratio of 0.45 is higher than the concrete with w/c ratio 

of 0.55. Furthermore, with increase in concrete ages compressive strength also 

increases. For concrete with w/c ratio of 0.55, concrete at 7 and 28 days concrete 

gain averages of 58% and 85% of 90 days strength, respectively. Exception of 

this trend is concrete with 30% replaced concrete. Similar trend is also visible for 

concrete with w/c ratio of 0.45 and PP replacement of 10%, 20% and 30% where 

compressive strength at 7 and 28 days are 46% and 89% of 90 days strength, re-

spectively. However, for concrete without any PP shows early strength develop-

ment with 7 and 28 days strength development of 60% and 97% of the 90 days 

strength, respectively.  

Prime objective this study is to investigate the performance of concrete with 

PP as a replacement of coarse aggregate. As observed from Figure 5, 10% PP 

replaced concrete achieved better strength at 28 days compare to the concrete 

with no PP for both w/c ratios. It is more prominent for concrete with lower w/c 
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ratios. However, with the increase in PP content in concrete, compressive 

strength decreases and remains below the compressive strength of concrete with 

no PP.   
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Figure 5: Comparison of compressive strength of concrete at various dates after 

casting with two different w/c ratios and four different PP replacements.  

 

4.2.3 Tensile Strength 

Although concrete is mostly used for its compressive strength its tensile strength 

is also important. Tensile strength of concrete is measured in two ways, such as 

split cylinder test and modulus of rupture. At 28 days split cylinders tests were 

conducted for tensile strength of concrete. Similarly, for flexural tensile stress 

concrete beams were tested at 28 days. Figure 6 describes the tensile and flexural 

strengths of concrete at various PP replacement condition and w/c ratios. As seen 

from the figure, both tensile and flexural strengths are higher for 10% replaced 

concrete compare to 0% PP replaced concrete at lower w/c ratio. However, at 

higher w/c ratio opposite trend is observed. With higher PP replaced concrete, 

both tensile and flexural strengths are lower compare to the 0% PP replaced con-

crete.  
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Figure 6: Tensile strengths (i) split-cylinder test (fct) and modulus of rupture (fr) 

with two w/c ratios and various PP replacements.  

 

 

5 CORRELATION BETWEEN TENSILE AND COMPRESSIVE 

STRENGTH 

Although tensile and compressive strengths of PP replaced concrete do not corre-

late well with each other a correlation exists between the tensile strength and 

square root of the compressive strength.  

The expression for split cylinder strength can be given as: 

4.75 5.5ct cf f   (1) 

The expression for modulus of rupture can be shown as: 

11.4 12.3r cf f   (2) 

Compare to the ACI code recommended range of tensile strengths, split cyl-

inder strengths range are on the lower side; whereas modulus of rupture strengths 

are on the upper side.  
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6 CONCLUSIONS  

Based on the experimental investigation of fresh and hardened properties of con-

crete without and/or with PP aggregate yield following conclusion:   

 At lower w/c ratio PP replaced concrete showed very low workability. 

However, with higher w/c ratio workability of fresh concrete increased with 

increasing amount of PP in concrete.  

 PP has a very low specific gravity. Hence, by adopting PP in concrete as 

coarse aggregate tends to reduce the self-weight of the structures. Although 

reduction in density for 10% PP replaced concrete was minimum it was 

possible to achieve 8% reduction in density for 30% PP replaced concrete.  

 A distinctive rise in both compressive and tensile strengths was visible for 

10% PP replaced concrete compare to the concrete without PP, especially at 

lower w/c ratio. However, with further increase of PP content in concrete 

both compressive and tensile strengths reduced gradually. At 30% PP re-

placement results were inconsistent.  

 Considering the experimental evidences it can be concluded that 10% PP 

replaced concrete exhibit higher compressive and tensile strengths and low-

er density compare to the regular concrete without any PP. Therefore, it can 

be adopted in structural concrete.  

REFERENCES  

[1] World watch Institute, Global Plastic Production Rises, Recycling Lags, 

http://www.worldwatch.org/global-plastic-production-rises-recycling-lags-

0 

[2] Islam, M.J, Islam, A.K.M.R and Meherier, M.S, 2015. An Investigation on 

Fresh and Hardened Properties of Concrete while Using Polyethylene Ter-

ephthalate (PET) as Aggregate. In proceeding World Academy of Science, 

Engineering and Technology International Journal of Civil, Structural, 

Construction and Architectural Engineering, 9(5). 

[3] Ghaly A. and Gill M., 2004. Compression and deformation performance of 

concrete containing postconsumer plastics. Journal of Materials in Civil 

Engineering, 16, pp. 289-296. 

[4] Siddique, R, Khatib, J, Kaur, I, 2008. Use of recycled plastic in concrete: 

A review. Waste management, 28(10), pp1835-1852. 

[5] Mathew, P, Varghese, S, Pau, T and Varghese, E, 2013.Recycled Plastics 

as Coarse Aggregate for Structural Concrete. International Journal of In-

novative Research in Science, Engineering and Technology, 2(3). 

http://www.worldwatch.org/global-plastic-production-rises-recycling-lags-0
http://www.worldwatch.org/global-plastic-production-rises-recycling-lags-0


253 

 

CICM 2015 

First International Conference on 

Advances in Civil Infrastructure and Construction Materials 

MIST, Dhaka, Bangladesh, 14–15 December 2015 

STUDY OF BOND BEHAVIOR BETWEEN STEEL BARS AND 

RECYCLED AGGREGATE CONCRETE 

S. Moallemi POUR
1
, M. Shahria Alam

2
 

1, 2 
School of Engineering, University of British Columbia, Canada. 

Email: 
1
sadaf.moallemipour@alumni.ubc.ca and 

2
shahria.alam@ubc.ca 

 

Abstract. This paper examines the behavior of deformed steel bars in different 

concrete mixes under direct push-out conditions. More than 48 specimens were 

tested where two RCA replacement percentages (i.e. 0% and 100%) and two siz-

es of deformed steel bars (i.e. 15M, and 20M) were used. In RCA concrete, the 

mode of bond failure of steel bars was found to be very similar to that of normal 

concrete. This paper reports in detail on the influence of various parameters that 

affect compressive bond strength such as diameter of the bar, concrete cover and 

strength. Results obtained show the role of the investigated parameters on bond 

stress. The bond capacity has an inverse relation with bar diameter. The slippage 

and bond strength increase with increasing concrete cover.  

Keywords: Recycle concrete aggregate, Push-out test, Bond strength. 
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1 INTRODUCTION 

The growth in production and utilization of concrete in the construction sector is 

leading to a significant increase in consumption of natural aggregate. Therefore, 

environmental preservation is becoming a major concern, and usage of sustaina-

ble materials in construction is gaining popularity all over the world [1]. Using 

crushed concrete from demolished concrete structures as aggregate in new con-

crete is one of the potential solutions for the increasing construction demand 

within the civil engineering community. Advantages of exploiting these materials 

include supplementing current natural aggregate reserves and diverting construc-

tion and demolition debris from landfills [2]. An important structural property of 

reinforced concrete is the adhesion between reinforcing steel and surrounding 

concrete named bond, which leads to transfer of axial force between these two 

materials. This study presents part of the results of an experimental investigation 

of bond behaviour between recycled aggregate concrete and deformed steel bars 

with the variables being the diameter of the deformed steel bars and concrete 

cover.  

2 EXPERIMENTAL PROGRAM 

2.1 Materials and mix proportions 

Deformed steel bars used in this research program were supplied by Okanagan 

Builders Ltd in the nominal diameters of 16 mm (15M) and 19.5 mm (20M). 

Their average yield strength was 400 MPa. Common Portland cement type GU 

conforming to the CSA A23.2 [3], sea sand and drinking water were used for the 

test specimens. Okanagan Builders Supplies Ltd provided the required RCA from 

demolished RC structures. Natural and recycled coarse aggregate was common 

crushed stone with a maximum size of 25 mm. The aggregate gradation curves of 

coarse aggregate combinations for all mixes met the CSA limits. Moreover, fly 

ash, water reducer, air entrainment and a water–cement ratio of around 0.4 was 

used to produce strengths of 35 MPa. Two concrete mixes with natural and recy-

cled coarse aggregates are used in this study. The mix proportions are given in 

Table 2. According to CSA A23.2-4C/5C[3],the initial slump values of fresh 

concrete mixes were 60+/-10 mm. Air content of fresh concrete were in the range 

of 4-6%. 
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Table 1: Physical properties of NCA and RCA 

Coarse 

aggregate 

Bulk density 

(kg/m
3
) 

Apparent specif-

ic gravity 

Water absorption 

capacity (%) 

Moisture 

content (%) 

Natural 1633 2.41 0.8 1.31 

Recycled 1389 2.63 4.35 1.91 

Table 2: Mix proportions of concrete (kg/m3) 

Coarse 

aggregates 

Cement 

(kg) 

Fly Ash 

(kg) 

Fine Aggre-

gate (kg) 

Natural 

Coarse 

Aggregate 

(kg) 

Recycled 

Coarse Ag-

gregate (kg) 

Mixing 

Water 

(ml) 

RCA 300 80 735 1030 0 148 

NCA 300 80 735 0 1030 160 

2.2 Preparation of specimens 

Due to simplification and easiness of fabrication, the push-out test was used for 

investigating the compressive bond behavior. Push-out tests provide a simple 

means of comparative study of the bond behavior for various concrete mixtures 

and reinforcing bars [4].For comparison purpose, concrete mix with coarse ag-

gregate replacement of 100% RCA were compared with the one with natural 

coarse aggregate. In order to observe the effect of the bar diameter and also cover 

to bar diameter ratio on bond stress, rebar with diameters of 15M and 20M rebars 

with embedment length to the bar diameter ratio of 5 and two different sizes of 

cylinders (Ø100×200 mm and Ø150×300 mm) were used in the test. Three iden-

tical specimens were cast for each category to ensure reliability of results. In or-

der to identify the concrete compressive strength, extra cylinders were also cast. 

Plastic molds were used to cast the push-out specimens in a vertical position and 

wooden caps were used to align the rebars vertically in the center of the concrete 

cylinder. Also, for breaking the contact between the concrete and the embedded 

rebar along the debonded length, soft plastic wrap were used. The specimens 

were demolded after 24 hours of casting, and then they were moist cured for 28 

days in the curing room. The following protocol was adopted for the sample 

identities: N-15M-4/8. The first numeral denotes either the control concrete mix 

(N) or RCA concrete mix (R). The second and third numbers denote the rebar 

size and the size of the cylinder in inches, respectively.  

2.3 Push-out test setup  

Intron stiff frame testing machine was used to apply uniform loading force which 

was increased gradually. The tests were completed in displacement control mode 

at a rate of 3 mm per min.  The test initiated by applying force and pushing the 

embedded rebar downward through the concrete. A draw wire sensor attached to 
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the bottom of the rebar determines the relative displacement of reinforcement bar 

compared to its surrounding concrete. An NI data acquisition system captured the 

sensor’s signal. The push-out tests were stopped after the surrounding concrete 

split or slippage of about 10 mm occurred. 

 

 

Figure 1: Fully assembled push out testing apparatus 

3 TEST RESULTS AND DISCUSSION 

3.1 General Description 

Splitting failure were observed in the most of the specimens. This failure mode 

appears when bond stress reduces dramatically due to cracking of concrete cover 

and splitting along the length of steel bar (see Figure 2). Specimens with normal 

and recycled aggregate concrete represent almost same pattern of bond slippage 

behavior. Figure 3ilustrates bond stress versus slip response of some of the push-

out specimens. Generally, a sharp ascending happens in the first stage of bond 

behavior where chemical adhesion is predominant. This phase continues linearly 

up to peak loads for most of the specimens. Mechanical interlock seems to have 

more contribution in bond resistance in second stage. Also, the descending 

branch of the bond behavior seems to be linear for most of the specimens. The 

specimen with larger concrete cover to diameter ratio representlarger slippage at 

failiure point. On an average, the slips corresponded to the peak loads in the 

range of 0.011 – 1.55 mm. Studies performed by Xiao and Falkner [5] and , 

Prince and Singh [6] confirmed the observed results of bond stress-slip 

relationship in this study. Furthurmore, RCA concrete mix showed 28 days 
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compressive strength of 32 Mpa which is very close to the target strength while 

control mix had 40 Mpa strength. 
 

 

Figure 2: Failure of samples 

 

 

 

Figure 3: Bond stress versus slip response in 200 mm concrete cylinder 

3.2 The Effect of Influencing Factors on Bond Strength 

The average bond strength can be determined by equation (1) based on the as-

sumption that the bond stress has uniform distribution along the embedment 

length of rebar in concrete:  

             ⁄         (1)  

Where   is the average bond strength in MPa is,      is maximum push-out 

load in N.   and   denote the embedded bar length and the diameter of the bar in 

mm, respectively.  

Results show that specimens with larger bar diameter had lower bond 

capacityunder equivalent concrete mix proportions. When the diameter increase, 
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the amount of bleed water trapped between the bar surface and concrete increases. 

This causes increase in the voids and reduction in the contact area. Therefore, the 

average bond stress transferred to surrounding concrete decreases. 

Moreover,cylinder specimens with larger diameters demonstrate better bond 

resistance due to higher confinement. Regarding the test results, majority of 

push-out specimens show similar trend. Similar findings were reported in the 

literature [2], [4]. The effect of different factors on the bond behavior of concrete 

made of RCA is the same as conventional concrete. A previous study based on 

push-out tests carried out by Deeks and Su  [4] presented similar factors that 

affect the bond strength in conventional concrete.  

 

Figure 4: Relationship between bond strength and bar diameter 

 

Figure 5: Relationship between bond strength and concrete cover with 30% 

RCA 

     The test results ilustrate that specimens made of concrete mixes 100% RCA 

replacement representthe same bond behavior in comparison with control 

samples. Thus, the usage of RCA will have minor effect on the bond resistance 

than what is expected for regular concrete. Figure 6confirms that on average, 
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among the specimens with the same size, the concrete mix of 100% RCA 

replacement have close bond capacity compared to control mix. As a concusion, 

the replacement of natural aggregate with recycled concrete aggregate can result 

in noticeable bond capacity that is comparable to regular concrete. Similar results 

can be foundin previous studies [6], [7].  

 

Figure 6: Relationship between bond strength and aggregate type 

4 CONCLUSIONS  

The major conclusions from this study can be summarized as: 

 The overall bond properties including general shape of the load versus 

slip curve between recycled aggregate concrete and steel rebar is similar 

to the one for normal concrete and steel bars. Beside the acceptable com-

pressive strength of green concrete with RCA, their bond resistances are close 

to normal concrete.   

 Under the condition of the equivalent mix proportion and similar to that of 

normal concrete, the bond capacity has an inverse relation with bar diameter. 

The slippage and bond strength increase with increasing concrete cover.  

 Similarity in overall bond capacity and behavior of concrete mixes made of 

RCA and normal aggregate portrays the possibility of using recycled concrete 

aggregates in structural application. 
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Abstract. At the age of 21th century, the developments in the application of 

concrete technology have led to a conspicuous interest in investigation of 

mechanical properties of the concrete. Apart from traditional use of concrete, 

Lightweight concrete is now one of the popular materials in the construction 

field due to its lightness, versatility and its low cost potentials. Different methods 

are available in producing lightweight concrete, yet construction of Foam-

concrete is comparatively a newer technique in the field. By reducing self-weight 

using foam concrete construction has enormous potentials where strength plays 

insignificant role. Lightweight concrete obviously means low strength. Although 

some researchers have been conducted research on the characteristic of foam 

concrete, yet much of properties and the behavior of foamed concrete are limited. 

This paper focuses mainly on the experimental investigation on the mechanical 

properties of lightweight foam concrete. The present study primarily deals with 

elementary analyses like the compressive strength test, water absorption test and 

unit weight test. The primary analysis and comparative result with traditional 

concrete indicate that Foam-Concrete may be used where volume not the 

strength is significant. Out of many fields of use, Foam concrete seemed useful 

and economic in respect to time and cost; examples may be filler materials, 

insulators, partition walls etc. However, the overall aim of this paper is to 

produce foam concrete and study the effect constituents, to find materials, 

methods of production, and application of foam concrete vis-a-vis to study 

properties of foam concrete including its mechanical strength. 

 

 

Keyword: Lightweight, Mechanical properties, Comparison, Absorption, unit 

weight. 
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1 INTRODUCTION 

With the introduction of new technologies the construction industry is becoming 

extremely challenging day by day. The introduction of the use of light-weight 

foam concrete has added a new dimension in the construction sector. In 

comparison to the normal concrete the aerated concrete shows greater 

homogeneity due to the absence of coarse aggregates in it [1]. Based on the pore-

formation process the aerated concrete can be classified as gas concrete and 

foamed concrete [2]. Self-weight reduction by using foam concrete has a 

remarkable benefit in construction work. Significant portions of loading imposed 

on the structures are due to the self-weight of component member. It would be 

highly commodious if the concrete density can be reduced [3].  

The overall aim of this research the experimentally investigate the mechanical 

characteristic of light-weight foam concrete. The compressive strength test, water 

absorption test and unit weight determination tests were conducted and it was 

found that the ultimate strength of the material is very low and thus can be used 

for the non-load bearing member construction.  

2 EXPERIMENTAL PLAN AND DATA ACUQUISITION 

The study mainly focused on methodology for preparing the Lightweight Foamed 

Concrete (LFC) and later to investigate the mechanical properties and 

recommendation on practical implementation of lightweight foam concrete base 

on results. Initial preparation of investigating the mechanical properties of LFC 

started with preparing standard sample according to the standard codes of ASTM 

and as per requirements. 

2.1 Sample Preparation 

2.1.1    Materials 

Main ingredients for constructing foam concrete we used: Cement, Polystyrene 

bubbles or Styrofoam, Admixture (Litho Foam) and Controlled water. As binder 

materials PCC (Portland Composite Cement) was used. In normal concrete 

aggregate which are used is replaced by Polystyrene bubbles in LFC (Figure 2). 

Polystyrene is an aromatic polymer of styrene which is synthetic in nature. 

Chemically it is a hydrocarbon of long chain where aromatic ring of benzene are 

attached with phenyl group (C8H8)n. The chemical reaction is showed in Figure 1. 

Polystyrene is very light (density 0.96–1.04 g/cm3) and good thermal insulators 

(thermal conductivity 0.033 W/(m•K)). So application of this cause lighter 

density of concrete and make it a good insulator. Litho-Foam [4] is used as 

admixture which generally is a protein based foaming agent (Figure 3). Its 

enzymatic component reacted by diluting in water with compressed air in foam 
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generator and produce qualitative foam. Superfluous external material being less 

causes fewer disturbances in concrete. Water application is controlled by a 

mechanical device in the mixing machine during operation automatically. 

 

Figure 1: Chemical reaction of polystyrene (Source: Wikipedia [5]) 

 
(a) 

 
(b) 

Figure 2: Polystyrene Bubble Sample (a) used in experiment [6] and (b) available 

in world-market. 

  

Figure 3: Litho-Foam. 
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2.1.2    Mix proportion 

The mix proportions for LFC depend upon the requirements for a particular job, 

in terms of strength, workability, and so on. Several procedures for proportioning 

LFC mixes are available, which emphasize the workability of the resulting mix. 

However, there are some considerations that are particular to LFC. The water-

cement ratio was 0.5 to maintain the workability of the mixture. As no aggregate 

was used so the mix ratio was between polystyrene and cement of 1:16.67 and 

1:23.33 was used in terms of weight for two different variations of mixture. Total 

12 cylinders and 8 blocks were prepared. Admixture Litho-Foam foam was used 

in 1:100 ratios with water in terms of volume.  

The control specimen we used is normal concrete with mix ratio 1:2:4. The 

water cement ration was kept 0.5.Coarse aggregate (Stone) was of 1 in passing 

and 3/4 in retain (50%) and 3/4 in passing and 1/2 in retain (50%). Fine aggregate 

had a FM of 2.65. 

2.1.3    Specimen 

Total 12 cylinders and 8 blocks were prepared. The cylindrical specimen were of 

standard size (4”dia& 6”height) and the block was of production size in the 

market (20"x10"x5") (Figure 4). Cylinder were prepared for mix ratio of 1:16.67 

and tested at 7,14 and 28 days for compression test whereas block were prepared 

of both mix proportion. Aside from compression test these specimen was used 

for water absorption test also. 

 

(a) 

 

(b) 

Figure 4: Sample preparation (a) cylinder and (b) block. 

2.1.4    Mixing Machine 

A special type of mixing machine had been used during preparation of sample 

(Figure 5). It contains a turbine inside which rotate by external force and thus 
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conducting the mixing process. It has an outlet from which the mixed ingredients 

pumped out. In this machine water is controlled by automatic mechanical way so 

that required amount of water in available during mixing. The capacity of the 

machine is 1 m
3
 and production capacity 10 m

3
 per hour. 

  

Figure 5: Mixing Machine [6]. 

2.1. 5    Casting & Sampling 

At first water is stared to be poured in the machine and it’s continued throughout 

the mixing time. Then the admixture is added. Other ingredients cement and poly 

styrene then added continuously. Then mixture drew out by pressure through an 

outlet pipe, which again poured in the mixture for proper mixing. When the 

slurry is thoroughly prepared then it is poured into the mould or used for casting. 

2.2 Testing Procedure 

The evaluation process for determining the mechanical properties of LFC was 

mainly focused on the following tests for both type of sample (cylinder and 

casted block) due to the choice of application of our certain type of LFC - 

Compressive strength test, Water Absorption test &Unit Weight of LFC. 

The compressive strength is evaluated according to ASTM: C 39/C 39M – 05 [7]. 

Compression-testing machine and Digital universal testing machine (UTM) both 

were used for determining the compressive strength. Test apparatus was 

calibrated to execute the compressive strength test on each specimen. The load 

rate was 1mm/min. 

For water absorption the test method ASTM C642 [8] was used where the 

sample was submerged in a bath tab and the weight of saturated specimen was 

taken. Then the oven dry weight was taken and the absorption of water is 

calculated. 
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3 EXPERIMENTAL RESULTS AND DISCUSSIONS 

The strength and absorption mainly varies with water cement ratio and the mix 

proportion of ingredients. In our case study water cement ratio was constant so 

all the results vary only due to the mixing ratio. The strength of concrete is 

increased with increasing age of concrete. We have conducted the compression 

test in Compression-testing machine for determining the strength for 7 day, 14 

days and 28 days. 

3.1 Results for Compression Test 

In foamed concrete, the polystyrene bubbles can be considered as aggregates 

having no resistance against loading. So, as the amount of polystyrene bubbles 

increases, the strength of concrete decreases. The variation of strength has been 

seen for the mix ratio of concrete. The control specimen that we use has a 

compressive strength of 3961psi. Comparing the test result with our prepared 

specimen it was observed to be very less as all the aggregate is replaced by the 

bubbles. This reduction is very excessive for 1:16.67 mix ratio and increased for 

1:23.33 mix ratios. But as our main focus was to reduce self-weight, we get a 

better result in this parameter. 

The comparison of compressive strength of control specimen and foam 

concrete of mix ratio 1:23.33 of 4 specimen are given in Figure 6. 

 

Figure 6: Compressive strength comparison of LFC and Control Specimen 

Figure shows 4 specimen blocks have varying compressive strength with a 

reduction of strength are 76.77%, 76%, 74.5% & 63.14%. This test data shows 

that these specimens can’t be used as structural materials. These materials can be 

used as non-structural member mainly partition wall. For mix ratio 1:16.67 the 

result is more drastic. But for being good insulator it can be used as heat insulator 
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in building and as filler materials. In our case for mix ratio 1:16.67 the density 

was very less than expected that it was floating. So this concrete can be used as 

floating concrete and if permeability is less the can be used in floating 

agriculture. 

3.2 Results for Specific Strength 

The ratio of a material's strength to its density is the specific strength. As 

polystyrene is of very low density, it decreases the concrete density with increase 

in proportion and that gives the structure a reduction self-weight. It is the main 

advantage of LFC. The specific strength at different ages is given in Figure 7. 

Structural efficiency improvement causes load reduction for both structure and 

substructure. Due to a reduction of load the size of the member and of 

reinforcements also reduces, that results in having more accommodation and 

usable space in the building and that increases the flexibility for absorbing strains 

and thermal properties is improved. It also minimizes the differential 

temperatures in building and thus results in energy conservation. 

 

Figure 7: Specific Strength of LFC at different Ages 

3.3 Results of Water Absorption 

Water absorption of LFC is also less than the general concrete and brick that also 

give the LFC to be cracking resisting, less permeable. Thermal effect has less 

contribution in LFC. So it can be frequently used in areas and seasons of higher 

moisture content. 
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Figure 8: Water absorption of different structural materials 

4 CONCLUSION 

The key advantage of using foam concrete is that it is quite capable of filling 

void spaces with a rigid indurate formation and at the same time providing a 

material with lower density which will lessen the critical loading intensity. It 

ensures better thermal and insulation characteristics but might not be the best 

resolution in terms of cost consideration. This research documents an elementary 

research of the mechanical properties of the light-weight foam concrete. 

In this study, a few parameters were selected and tested in the laboratory. It 

was found that the capability of foamed concrete is very low, so it cannot be used 

for compression member construction. But it can be very effective in case where 

the self-weight reduction of the structure is required. The compressive strength of 

the material shows a proportional increase with density, which implies with the 

increase of density it is more likely to take more compression. The light-weight 

material can be used effectively as partition wall as well as filler materials in 

appropriate places. The lower water absorption ensures that there will be less 

formation of cracking. Water absorption has inverse relation with water 

resistance. It indicates that lesser water absorption will make the foamed concrete 

structure more water resistant and as a result it can be very fecund in floating 

structure construction. 

The findings of the study pave the way for future research activities. A 

permeability test can be conducted to assess the water penetrability of foam 

concrete.   
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Abstract. Railway sleeper is an important component of a railway track. Sleep-

ers maintain track performance and safety. Concrete sleepers make up the ma-

jority of sleepers around the world. Curing of concrete governs the properties of 

the sleepers. Due to the temperature variation in the winter and summer in 

Christchurch region, selection of appropriate curing method of the sleepers pos-

sesses a challenge to the manufacturers. High Early Strength (HE) cement is of-

ten used to achieve desirable strength in such unfavorable condition. The 

compressive, flexural and pull-out tests were carried out on the concrete speci-

mens. The results suggest that HE cement provided average compressive strength 

of 83 MPa. The concrete compressive strength in the winter was found lower 

compared to warmer months. The pull-out tests showed that the theoretical bond-

ing strength of the concrete according to current literature, derived from com-

pressive strength, align with experimental bonding strength.  

Keywords: Railway sleepers, HE cement, Mechanical properties, Cold weather 

concreting. 
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1 INTRODUCTION 

The railway track is made up of rails, pads, sleepers, fasteners, ballast, sub ballast 

and subgrade. Railway sleeper enables the structure to support trains carrying 

freight and/or passengers by distributing the loads onto the sub-structure. It also 

plays a major role in track performance and safety [1, 2]. This function can be 

further defined as maintaining the rails at the designed gauge length, preserving 

the rail and providing the rail with support [3]. Concrete sleepers now making up 

the majority of sleepers used around the world [4]. This type of sleeper has been 

adopted because concrete is strong in compression while weak in tension. 

Whereas steel is strong in tension. The anchoring capacity as bonding is im-

portant, to transfer the service loadings [5].  

Concrete cures through the hydration of cement when added with water. Gen-

erally, a low water-cement (w/c) ratio is necessary to ensure higher strength in 

concrete [6]. However, the hydration process requires that there to be adequate 

water to hydrate the cement. If there is not enough water, the hydration process 

will stop leaving un-hydrated cement. Adhesion, friction and mechanical action 

determine the bond strength within the railway sleeper [5]. Hence, the adhesion 

of the concrete and steel would be affected by the curing of concrete as the ce-

ment paste makes up this adhesion. Therefore, sufficient curing should be main-

tained for superior performance of the sleeper. 

Canterbury region in New Zealand experiences lower temperature, which af-

fects curing of concrete. In recent years, industries in New Zealand producing 

railway sleepers have experienced issues in the quality of their concrete sleepers. 

Steam curing is considered as one of the solutions of this problem. However, au-

toclaving and steam curing can attract considerable cost. This led to look for us-

ing High Early Strength (HE) cement in the production of the concrete sleepers. 

This study investigates the compressive, flexural and bonding properties of con-

crete made of HE cement. A comparison of theoretical prediction pull-out 

strength and experimental tests is also carried out. 

2 EXPERIMENTAL INVESTIGATION 

The concrete mix used had a water content (w/c) of 0.323 and was made up of 

HE cement, Rapidcem
®
. Due to commercial confidentiality, composition of the 

cement in not provided in this article. Where the proportions of the mix were 

19.2% cement, 6.2% water, 41.9% coarse aggregate and 32.7% sand by weight. 

Sika ViscoCrete 2100
®
, a super plasticiser was also added to this mix before the 

samples were poured.  

The moulds for the pull-out samples were assembled from plywood and held 

together by screws as shown in Figure 1. These moulds were constructed so that 

the concrete could be poured into the moulds from the top. Each of the moulds 

were 400 mm by 150 mm by 150 mm with an 8 mm 7 wire strand inserted down 
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the middle. The steel strand extended 700 mm above the concrete and 67 mm 

below the concrete for allowing sufficient grip for the test fixture. 20 specimens 

were tested for bonding properties.  

A total of 323 Compressive specimens were prepared over a duration of one 

year in accordance with the New Zealand Standard NZS3112: Part 2
7
. Five test 

samples were made up to test the flexural tensile strength of the concrete. The 

moulds for the samples were made up at the factory as shown in Figure 1(b). 

These test samples were cuboid in shape with the planned dimensions of 150 mm 

by 150 mm by 600 mm.  

 

 

Figure 1: Typical specimen preparation for (a) bonding, and (b) flexural speci-

mens. 

The data analysis of the pull-aout samples was carried out in two different 

ways. Firstly, pull-out loads were determined experimentally and then the theo-

retical pull-out load was also calculated and compared. To calculate the theoreti-

cal pull-out load, the equation found in Arel and Yazici
8
 was used. This equation 

is given as: 

      (1) 

Where  was the 28 day splitting tensile strength of concrete,  was the 

28 day compressive strength of concrete,  was the 28 day modulus of elas-

ticity and t was the concrete cover provide from in by the samples. The 28 day 

splitting tensile strength and modulus of elasticity were calculated using the fol-

lowing equations
9
.  

       (2) 

       (3) 
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Pull-out tests were carried out using an Avery machine. The machine worked 

by applying a load onto the concrete part of the sample with the sample being 

clamped in place at the top of the steel strand. Each sample was manually loaded 

into the Avery machine. Each sample was then clamped into place by the steel 

teeth of the Avery machine and the sample was moved into the correct position 

for testing, as shown in Figure 2. A dial gauge measuring movement of steel was 

attached to the end of the steel below the concrete. This gauge was magnetic but 

was held in place by a U shaped clamp to provide extra support. This gauge was 

zeroed at the beginning of each test. Load was applied to the sample at a constant 

rate of increase of 15 kN/min. For a crack located in the middle third of the sam-

ple the flexural tension strength was calculated using the equation given by New 

Zealand Standard NZS3112: Part 2 [2].  Four-point bending test was thus carried 

out on the flexural specimens, which can be seen in Figure 2(b). 

 

Figure 2: Testing of (a) compressive, (b) pull-out, and (c) flexural specimens 
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3 RESULTS AND DISCUSSION 

3.1 Compressive Properties 

Figure 3 shows the results for the 28 day concrete compression strengths. It 

shows that the majority of the compressive strengths are between 70 and 90 MPa. 

It also shows there are some samples which had compressive strengths either 

higher or lower than normal with the highest compressive strength being 113.4 

MPa and the lowest being 46.1 MPa. These results showed that the overall varia-

tion between the highest and lowest compression strength was large at 67.3 MPa. 

The average of these samples was 82.6 MPa and he overall standard deviation 

was 9.29 MPa. The concrete compression strength data showed that there was a 

range in the compression strength over the time period. Where the majority of the 

results were within the expected distribution curve for the data. The deviations in 

the compressive strengths for some specimens, either below or above the average 

value, were caused by variance in the materials and mixing over a period of 12 

months including winter and summer months and/or curing, hence was naturally 

expected. This warranted the investigation of seasonal distribution of the strength 

of the specimens, which is presented later in this section.  

 

 

Figure 3: 28 compressive strength of the cylindrical specimens 

The compression strength of concrete was further investigated to determine if 

there was a seasonal difference which needed to be considered in the manufactur-

ing of the prestressed concrete sleepers. Figure 4 show the results of the com-

pression tests when the results are separated into two sets of data, the warmer 

months and the colder months of the year.  The first lot of data, as seen in figure 

4(a) shows the compression loads of the samples which were cast over the colder 

6 months of the year between 16 April and 15 October. This figure shows the 
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majority of test results were between 70 and 90 MPa. The average compressive 

strength during this period was 81 MPa with a standard deviation of 8.7 MPa. 

Figure 4(b) shows the compression loads of the samples which were cast over the 

warmer 6 months of the year between 16 October and 15 April. This data shows 

the majority of the compressive strength tests were between 75 and 95 MPa. The 

mean compressive strength during this period was 83.8 MPa with a standard de-

viation was 9.6 MPa.  

 

 

Figure 4: Distribution of compression strength with overall distribution curve 

superimposed for (a) winter, and (b) summer 

This was seen clearly in the difference between the distributions of the sum-

mer and winter data sets where the colder months skewed lower. The results of 

the compression strength in the summer (warmer months) were more than those 

from the winter (colder) months. The difference in the compression strength be-

(a) 

(b) 
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tween summer and winter was therefore due to temperature variations. This be-

havior was also found that concrete compression was affected by the variation in 

temperature [10].  

3.2 Flexural Properties  

The results of the flexural tensile strength tests are shown in Table 1. The table 

shows that the flexural tensile strength as tested was between 4.18 MPa and 4.51 

MPa. The average strength was 4.35 MPa with a standard deviation of 0.17 MPa. 

Table 1: Summary of flexural properties 

Specimen ID Flexural Strength (MPa) 

1 4.18 

2 4.51 

3 4.35 

3.3 Bond Properties 

Figure 5 shows the maximum loads at which the pullout test samples failed com-

pletely. The figure shows that the maximum load achieved by any of the samples 

was 75.41 kN with the lowest being 45.6 kN. The average load was 54.6 with a 

standard deviation of 7.43 kN. Figure 5 also shows the comparison between pre-

dicted and experimental pull-out load. The prediction was carried out using an 

average compressive strength, 82.6 MPa of concrete, which resulted in a pull-out 

load of 57.8 kN. The average loads from the tests were found 54.6, which is 

5.5% lower than expected. Hence, it is reasonable to consider that they agree 

with the previous findings [8]. 

 

Figure 5: Comparison of experimental and predicted pull-out load. 
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4 CONCLUSIONS 

A HE cement was used to produce concrete that can be used for railway sleepers. 

The compressive, flexural and pull-out tests were carried out on the specimens. 

The following conclusions can be drawn:  

 The average compressive strength was 83 MPa with the highest value of 

113 MPa.  

 The compressive strength in the colder months were between 70 and 90 

MPa with an average of 81 MPa, whereas the wormer months provided a 

strength range between 75 and 95 MPa with an average of 84 MPa. 

 The average flexural strength with four point bending configuration was 

4.35 MPa.  

 The average load from the pull-out tests were found 54.6 kN, which was 

close to the predicted 57.8 kN considering the average compressive strength.  
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Abstract. A Central Effluent Treatment Plant composed of reinforced concrete 

structures is being constructed in Savar. This raises the question of durability of 

these reinforced concrete structures against the aggressive nature of tannery 

wastewaters. This paper focuses on the possible detrimental effects of reactive 

agents which are present in tannery wastewater on the exposed concrete. Tan-

nery wastewater is composed of sulphate, chloride, ammonium, sulfide and many 

other chemicals which are reactive with cementitious materials. For instance, 

reaction with sulphate generates expansive products which lead to spalling and 

disintegration. It is important to study both the individual and combined effects 

of all such chemicals when these are present in concentrations similar to that in 

tannery wastewater. It is also important to understand the long term effect of all 

these reactions occurring simultaneously on the concrete structures. This paper 

compiles information from literature which can give a guidance regarding the 

extent, nature, and severity of the damages caused by those chemicals which are 

the dominant constituents of tannery wastewater. Such information will be vital-

for conducting strength and durability studies in future on concrete exposed to 

tannery wastewater.  

Keywords: Tannery wastewater, Chemicals, Cementitious materials, Damages, 

Durability. 
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1 INTRODUCTION 

The tanneries in Hajaribag, Dhaka, process about 60,000 tons of raw hides 

and skins every year which are not managed in the most efficient ways. This 

sluggish waste management process has put the environment and human lives in 

serious jeopardy. The ecosystem of the Hajaribag area has already been severely 

blemished. With a view to terminate this cycle of environmental pollution, the 

Government of Bangladesh has ventured a project to relocate all tanneries from 

Hajaribag to Savar, along with the construction of a Central Effluent Treatment 

Plantin Savar for management of tannery waste. However, the treatment facility 

is composed of reinforced concrete structures, which poses a new question: will 

these structures be durable against the aggressive nature of tannery wastewaters? 

An average of 30–35 m
3
 of wastewater is produced per ton of raw hide. Acids, 

alkalis, chlorides, ammonium salts, chromium salts, tannins, solvents, sulfate, 

sulfides, dyes, auxiliaries, and many others compounds which are used in the 

transformation of raw or semi-pickled skins into commercial goods, are not com-

pletely fixed by skins and remain in the effluent. [1] When these chemicals will 

come in contact with the concrete structures in the treatment facility, several 

chemical reactions will take place that may lead to degradation of the concrete. 

This paper focuses on the possible detrimental effects on concrete due to being 

exposed to four chemicals which are present in tannery wastewater, namely, so-

dium sulfate, ammonium nitrate, sodium chloride, and sodium sulfide. 

2 SULFATE ATTACK 

Cements have long been known to undergo deterioration in sulfate rich service 

environments. The end result of sulfate attack can be excessive expansion, sur-

face area loss, cracking, and loss of strength [2].Sulfates are a component of tan-

nery effluent, emanating from the use of sulfuric acid or products with a high 

(sodium) sulfate content. Many auxiliary chemicals contain sodium sulfate as a 

by-product of their manufacture. For example, chrome tanning powders contain 

high levels of sodium sulphate, as do many synthetic retanning agents. [3] 

2.1 The Chemistry of Sulphate Attack 

There are three key chemical reactions between sulfate ions and hardened cement 

pastes. These reactions are: 

Recrystallisation of ettringite 

In the presence of the calcium hydroxide formed in cement paste, when the latter 

comes in contact with sulfate ions, the alumina containing hydrates are converted  
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to the high sulfate form ettringite. It has been agreed upon that these ettringite 

crystals are expansive [4]. 

Formation of gypsum 

The formation of gypsum as a result of cation exchange reactions is also capable 

of causing expansion but is normally linked to loss of mass and strength [4]. 

Decalcification of the main cementitious phase (C-S-H) 

This reaction, with more gypsum formation, leads to both strength loss and ex-

pansion. Blended cements with lower initial calcium/silica (C/S) ratios in the C-

S-H gel are shown to be less susceptible to this type of attack [4]. 

2.1  Sodium Sulfate 

The alkali sulfates can react with the monosulfates to form ettringite. The calci-

um necessary for its formation is provided by Portlandite [Ca(OH)2], or when the 

Portlandite is exhausted, by the C-S-H gel. As the calcium of the C-S-H gel is 

consumed, decreasing its CaO/SiO2 ratio, mechanical properties are adversely 

affected. Portlandite is dissolved and reacts with the sulfate ions to form ettring-

ite and at higher concentrations, above 1 or 2mg/l, solid secondary gypsum [5,6]. 

The reactions are as follows:

)1(222.2)()( 24

)(
2

422

2


Solution

Gypsum
Secondary
Solid

OH

SolutionSolid

OHNaOHCaSoSONaOHCaOHCa  

)2(26.).()(26..)(2 2341226

2

241224

2
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EttringiteeMonosulfat

OHSOOHAlCaCaOHSOOHAlCaSO  

)3(2)( 2

2   OHCaOHCa  

 

     The initial action of the alkali sulfates may result in increase in strength be-

cause of the filling of pores with newly formed ettringite. However, the process 

is physically expansive and stress is created. When the stress exceeds the tensile 

strength of concrete, cracking and spalling occur. A scaly surface is often pro-

duced because of the local ettringite formation or crystallization of gypsum or 

both. [2] 

     It is generally agreed [7] that the main cause of spalling under exposure to 

sulfate solution and wet-dry cycles is due to crystallization pressure. There are 

several theories of how crystallization pressure develops. According to Flatt [7], 

a crystal will grow in all directions until its surface attains a local weighted mean  
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curvature that is in equilibrium with the concentration of the solution. There exist 

large repulsive forces between the crystal and the surface of the pore. Due to this, 

the crystal will stop growing towards the pore surface. Scherer [8] also showed 

that large forces are required to overcome the surface tension and hence direct 

contact between the crystal and the surface of the pore is not possible. A thin film 

exists between the crystal and pore wall and the concentration of the thin film is 

not in equilibrium with the radius of the pore. As a result, the tip of crystal grows 

in the opposite direction of the pore and eventually causes stress within the ma-

trix. 

2.3 Sulfide Attack 

The sulfide content in tannery effluent results from the use of sodium sulfide and 

sodium hydrosulfide, and the breakdown of hair in the unhairing process. [3] 

     Oxidation of sulfides in aggregates results in additional sulfate being pro-

duced that can induce formation of ettringite in the post-hardening stage [2]. The 

suspect aggregates have particles of pyrite or pyrrhotite, or both, that are slowly 

oxidized, liberating sulfate that reacts with the cement components, including any 

remaining calcium monosulfoaluminate, to form ettringite [2]. 

     If the sulfide is oxidized somehow, there is a possibility of ettringite for-

mation. The oxidation products may also react to form gypsum once the potential 

for ettringite formation is exceeded. Therefore, presence of sodium sulfide in 

tannery effluent may increase the aggressiveness of sulfate attack. 

3 AMMONIUM ATTACK 

Of the factors that can degrade concrete, ammonium salts are the most aggressive 

[9,10]. Ammonium nitrate is mostly the outcome of the deliming process, with 

comparatively small volumes being produced from liming and unhairing 

[3].Damage observed on concrete structures in contact with ammonium nitrate is 

of two types, depending on the environment [2]: 

 

i) A very large increase in porosity with a weakening of mechanical 

properties in concrete continuously immersed in a solution of ammo-

nium nitrate. 

ii) Very notable swelling with occurrence of cracks linked to the for-

mation of expansive crystals in concrete in contact with the air or 

subjected to wet-dry cycles. 
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3.1 Chemistry of Ammonium Nitrate Attack 

Chemical attack by ammonium nitrate leads to a very soluble calcium nitrate, a 

slightly soluble calcium nitro aluminate, and release of ammonia gas. This pro-

cess mainly induces total leaching of calcium hydroxide and rapid decalcification 

of C-S-H [2]. 

     Ammonium salts are hygroscopic and highly soluble in water. They decom-

pose in water according to: 

)4(3434 
 NONHNONH  

     In a basic environment, ammonium ions (weakly acidic) are transformed to 

aqueous ammonia with the formation of H
+
 ions according to the following equa-

tion: 

)5()()(34 aqHaqNHNH 
  

     Ammonium ions react according to an exchange reaction, 2NH4
+
Ca

2+
.  The 

calcium salt produced (calcium nitrate) is highly soluble and this leads to the 

progressive dissolution of the all calcium bearing cement phases.  Moreover in 

the presence of cementitious material (pH between 12 and 13.5) the equilibrium 

of equation (5) is strongly moved to the right, i.e. aqueous NH3 and H
+
 ions are 

dominant. This release of H
+
 ions decreases the pH and accelerates the successive 

dissolution of calcium bearing phases. Portlandite, C-S-H, and aluminates AFt 

("alumina, ferric oxide, tri-sulfate")and AFm("alumina, ferric oxide, mono-

sulfate")are dissolved according to the following equations [2]: 
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https://en.wikipedia.org/wiki/Ferric_oxide
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      Nitrate ions can react with calcium ions to form very soluble calcium nitrates. 

Aluminates can also react with nitrate ions to form a less soluble calcium nitro 

aluminate salt, 3CaO.Al2O3.Ca(NO3)2.10H20 [11]. Similarly in the presence of 

sulfates, the possibility of the formation of a double salt 

CaSO4.(NH4).2SO4.2H2O has also been mentioned [12]. 

     When cementitious materials are immersed in ammonium nitrate solution, the 

calcium ions diffuse to the exterior without any formation of calcium salts in the 

material as the solubility of Portlandite increases significantly in these solutions. 

In this case the degradation is defined by a diffusion mechanism and its kinetics 

can be explained by Fick’s law, relating the degraded thickness to the square root 

of immersion time in the aggressive solution[13].Also, the weight loss of the ce-

ment samples increases continuously with time during the leaching process [14]. 

If the concrete is subjected to drying, swelling related to the precipitation of salts 

of calcium nitro-aluminates, can be observed. In all cases, degradation reactions 

related to ammonium nitrate solutions are swift and severe.[15] 

4 CHLORIDE ATTACK 

Chlorides can attack thehydration phase of cement paste in concrete, primarily 

leading to lowering the alkalinity of concrete [2] and also cause other forms of 

concrete deterioration like corrosion of reinforcing steel pitting [16].Chloride is 

introduced into tannery effluents as sodium chloride usually on account of the 

large quantities of common salt used in hide and skin preservation or the pickling 

process [3]. 

 

4.1 Sodium Chloride Attack On Concrete  

Sodium chloride has been shown to leach calcium hydroxide and cause chemical 

changes in Portland cement, leading to loss of strength, as well as attacking 

the steel reinforcement present in most concrete.When concrete is stored in a 

chloride solution, chloride ions diffuse into concrete, and the diffusion speed is 

dependent of the salt, in which the chloride is a part. In salts, the chloride ions 

diffuse much more rapidly than the metal ions so the chloride ions penetrate con-

crete more rapidly than the metal ions [15].     

     According to the "mutual diffusion theory", the hardened cement paste will 

lose an amount of hydroxide ions, OH
-
, corresponding to how much the amount 

of chloride ions exceeds the equivalent amount of corresponding metal ions. This 

mechanism could explain the loss of calcium hydroxide in concrete, stored in a 

strong chloride solution [16]. Sodium chloride forms calcium chloro-aluminate 

hydrate and attack tetracalcium aluminate ferrite, as given in the equations be-

low: 
 

http://en.wikipedia.org/wiki/Sodium_chloride
http://en.wikipedia.org/wiki/Calcium_hydroxide
http://en.wikipedia.org/wiki/Rebar
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where, F stands for Fe2O3 (ferric oxide). 

5 CONCLUSION 

In this paper, the effects of those constituents of tannery effluent have been dis-

cussed which pose significant threats to concrete. The chemistry between differ-

ent constituents and concrete, as described here, is of great importance for 

understanding the behavior of concrete under such harsh conditions.The effects 

of other constituents are not as detrimental as these. Both sulfates and ammonium 

salts have considerable adverse effects on cement paste. Sodium chloride has the 

effect of leaching calcium hydroxide, which could reduce the strength of con-

crete. The chloride may eventually attack the embedded steel reinforcement. The 

effect of sodium sulfide may be dependent on the oxidation of sulfide into sul-

fate, after which the produced sulfate can attack the cement paste. The oxidation 

of sulfide into sulfates may in turn depend on a number of factors, which could 

be explored through further studies. The exact composition and concentration of 

the chemicals present in tannery wastewater may vary depending on local prac-

tice, extent of treatment, sensitivity of treatment process etc.Also, there are no 

definitive recommendations for concrete under such conditions. Therefore, a 

comprehensive parametric study is required to establish guidelines for mitigation 

of possible damages and increase the durability of concrete exposed to tannery 

wastewater. 

 

REFERENCES 

[1] B.I. Islam , A.E Musa ,E.H. Ibrahim , Salma A.A Sharafa , and Babiker M. 

Elfaki (2014) “Evaluation and Characterization of Tannery Wastewater”, 

Research Article 141, Journal Of Forest Products & Industries 

[2] E. Menendez, T. Matschei, F.P. Glasser (Chapter 2, Part I), Gilles Esca-

deillas (Chapter 5, Part I), Yuan Q, M Santhanam (Chapter 13, Part III) 

&A. Chatterjee, A. Goyns (Chapter 16, Part IV) (2013), Performance of 

Cement Based Materials in Aggressive Aqueous Environments, STAR 

211-PAE, Springer. 

[3] M. Bosnic, J. Buljan and R. P. Daniels (2000) “ Pollutants in tannery ef-

fluents”,9 august 2000, us/ras/92/120, Regional Programme for Pollution 

Control in the Tanning Industry in South-East Asia, United Nations Indus-

trial Development Organization (UNIDO) 

[4] QCL Group Technical Note, 1999. Sulphate Attack and Chloride Ion 

Penetration: Their Role in Concrete Durability. 



 

Sinha Lamia Sultana, Samira Mahmud and Tanvir  Manzur 

___________________________________________________________ 
286 

 

[5] J. Skalny, J. Marchand, I.Odler (2002) Sulfate attack on concrete. Spon 

Press, Taylor & Francis Group, London 

[6] P.W. Brown (1981) An evaluation of the sulfate resistance if cement in a 

controlled environment. Cement and Concrete Research 11(5-6): 719-727 

[7] R.J. Flatt (2002) Salt Damage in Porous Materials: How High Supersatura-

tion in Generated. Journal of Crystal Growth 242:434-454. 

[8] G. Scherer (1999) Crystallization in pores. Cement and Concrete Research 

29 (8): 1347-1358. 

[9] F.M. Lea (1965) The action of ammonium nitrate salts on concrete, Maga-

zine of Concrete Research 17 (52):115-116 

[10] I. Biczok (1972) Concrete corrosion and concrete protection, Akademiai 

Kiado, Budapest 

[11] V. Ukraincik, D. Bjegovic, A. Djurekovic (1978) Concrete corrosion in a 

nitrogen fertilizer plant. In: Proceedings of the First International Confer-

ence on the Durability of Building Materials and Components, Ottawa, 

Canada, 397-409 

[12] A. Mohr (1925) Uber die Einwirkung von Ammoniumsalzlosungen auf 

Beton. Der Bauingenieur 6(8):284-293 (in German) 

[13] V.H. Nguyen , H. Colina, J.M. Torrenti, C. Boulay, B. Medjar(2007) 

Chemo-mechanical coupling behavior of leached concrete-Part 1: Experi-

mental results, Nuclear Engineering And Design 237 (20-21):2083-2089 

[14] S.Y. Xie, J.F. Shao, N. Burlion (2008) Experimental study of mechanical 

behavior of cement paste under compressive stress and chemical degrada-

tion, Cement and Concrete Research 38 (12):1416-1423 

 

[15] KejinWanga, E. Daniel, Nelsena and W. A. Nixon, "Damaging effects of 

deicing chemicals on concrete materials", Cement and Concrete Compo-

sites Vol. 28(2), pp 173-188 

[16] Srrolczyk, G. Heinz(1968) "Chemical Reactions of Strong Chloride-

Solutions with Concrete." Proceedings ofThe Fifth International Symposi-

um on the Chemistry of Cement, Tokyo (1968).  

 

 

 

 



287 

 

CICM 2015 

First International Conference on 

Advances in Civil Infrastructure and Construction Materials 

MIST, Dhaka, Bangladesh, 14–15 December 2015 

EFFECT OF SPECIMEN SIZE ON COMPRESSIVE STRENGTH 

OF CONCRETE 

Belal Hossen
1
, Md. A. Islam

2 
and Rawson Jadid

3
 

1
Presidency University, Dhaka, Bangladesh 

Email: jabed.buet@gmail.com 

2, 3 
Bangladesh University of Engineering and Technology, Dhaka, Bangladesh. 

Email: 
2
aziz.buet@gmail.com and 

3
rowshonjadid@yahoo.com 

 

Abstract. It is well known that strength of any tested materials like concrete or 

mortar is affected by the specimen size; therefore it is important to consider the 

effect of specimen size when estimating the compressive strength of such materi-

als. This study aims to assess the effect of specimen size on compressive strength 

of cylinder and core and establish a relationship between 150mm diameter cylin-

der to smaller diameter cylinder. Four different sizes of cylinder and three differ-

ent sizes of cores are used with a constant mixed proportion (1:1.5:3) to obtain 

the conversion factors from 50mm or 100mm cylinder strength to 150 mm cylin-

der strength. Some best fit relationships that relate this compressive strength of 

different diameter are presented in this study although it cannot be generalized 

due to the fact that the presented results are based on limited number of test 

specimens with constant mix proportion and height to diameter ratio.  

Keywords: Compressive strength, Size effect, Core strength, Conversion factor. 
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1 INTRODUCTION 

The standard specimen size for testing the compressive strength of concrete is 

150mm x300mm cylinder. As the smaller specimen than the standard size save 

construction materials & transportation cost significantly and also smaller speci-

mens are easy to handle, an effort has been taken to investigate the effect of 

smaller specimen size on compressive strength of concrete. This investigation 

showed that the compressive strength of concrete cylinder increases with the de-

crease of specimen sizes. On the other hand, 100mm x 200mm core is recom-

mended by ASTM to measure the in-place strength of concrete. However, it is 

very difficult to obtain a 4 inch clear space between rebar. Also, smaller cores 

make the cutting operation easier and ensure greater structural safety as well. 

Therefore, this study adopted a test scheme to observe the effect of smaller core 

specimen on in-place compressive strength of concrete. It was found that the 

compressive strength of core specimen decreases with the decrease of core diam-

eter.  

     Several researchers have compared measured strengths achieved with differ-

ent sizes of cylindrical specimens for high strength concrete. For cylindrical 

specimens, comparisons were usually made between the compressive strength of 

150x 300mm cylinders and that of 100x 200mm cylinders. Carrasquilloetal(1981) 

reported that the average ratio of compressive strength of150x 300mmto 100x 

200 mmcylinderswas0.9regardless of strength and test age [1]. A contradiction to 

this finding was later reported by Carrasquilloetal (1988) in which he reported 

that compressive strength of 100x200 mm cylinders were 7 percent lower than 

those of 150x 300 mm cylinders [2]. French et al. (1993) observed in their study 

that on average 100x 200 mm cylinders tested showed6percenthigherstrengththan 

thatoftheircompanion150x300mmcylinders [3].Aitcin et al. (1994) reported that 

larger cylinder sizes gave rise to lower apparent compressive strength, and that 

compressive strength is not sensitive to cylinder size for very high strength con-

crete [4].  

     In this paper, a comparison of compressive strength of concrete for different 

sizes of cylinder and core strength was made and suitable conversions factors or 

strength factors were proposed which can be multiplied with the smaller diameter 

of cylinder and core specimen than the standard sizes to predict the approximate 

concrete strength of standard specimen. Finally, two empirical correlations were 

suggested to predict the strength factors for any diameter of cylindrical specimen 

and core respectively. 
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2     MATERIALS AND METHODOLOGY 

2.1 Materials  

The use of locally available materials from different sources in Dhaka area was 

emphasized in this study. For the cases where locally available materials were 

not attainable, commercially available materials were used. The followings are 

the details for the materials used in the laboratory mixes. 

2.1.1    Cement 

Commercially available Portland cement Type 1 conforming to ASTM C 150 

specification [5] was used in this study. The Properties of the cement are shown 

in Table 1. 

Table 1: Properties of Binding Material (Cement) 

Properties Characteristic Values 

Specific Gravity 3.15 

Normal of cement consistency 22% to 30% 

Absorption, percent  0.8032% 

Initial setting time 34 minutes 

Final setting time 250 minutes 

2.1.2    Coarse Aggregates 

Locally available 20mm downgraded stone chips were used as coarse aggregates. 

2.1.3    Fine Aggregates 

Natural Sylhet sand was used in the overall studyits FM was 2.52. The sand was 

washed with water and air dried before being used to obtain Saturated Surface 

Dry (SSD) condition.Properties of Coarse aggregate and fine aggregate are 

shown in Table 2. 
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2.1.4    Mixing Water 

Drinking tap water was used for both mixing and curing. The temperature of the 

used water throughout the experiment period ranged between (20~27ºC) 

2.2     Test Program 

To study the effects of specimen size on the compressive strength of concrete, it 

was proposed to prepare three specimens for each size. Cylinders were casted in 

different sizes (50mm, 75mm, 100mm & 150mm) using steel and UPVC pipe 

molds according to ASTM C 192 [6]. Fresh concrete was prepared with mixing 

ratio 1:1.5:3 (by weight) with hand mix. The fresh concrete was placed in the 

mold in four layers and compacted by using 16mm (5/8") diameter and 600mm 

(24") in length tampering rod with hemispherical tip. In all cases, the numbers of 

tamping were randomly 25; 25; 18 and 12 per layer. Proper compaction was en-

sured over the cross-section of the mold through uniform distribution of the 

temping strokes. Then, the specimen was stored undisturbed for 24 hours in such 

a way that it prevents moisture loss and maintained the specimen within room 

temperature. In this study weight batching has been used for measuring the mate-

rials. After  (28)  days  of  standard  curing  in  saturated  water  at (23ºC+3ºC) , 

specimens is then placed between the  two platens of a testing machine and the 

load is applied at a defined rate until failure. The compressive strength tests were 

performed according to ASTM C 39 [7].For core strength test, a 2100mm x 

250mm x 250mm column shutter was made using wooden shutter. Similar con-

crete was used for column casting. After 24 hours, the shutter was removed from 

the column and curing was started until 28 days. After completing curing for 28 

days 3 NOs of 75mm diameter, 3 NOs of 50 mm diameter cores and 3 NOs of 

100 mm cores were cut using core cutting machine. For making level edge, 

grinding machine was used.  

Table 2: Physical Properties of Coarse and Fine Aggregate 

Properties Coarse Aggregate Fine Aggregate 

Fineness Modulus (FM)  2.52 

Maximum Size Aggregate, mm 20  

Dry Unit Weight, lb/ft
3
 100 103 

Absorption, percent  0.8032% 2.6% 

Bulk Specific Gravity (S.S.D) 2.74 2.64 

Bulk Specific Gravity (oven-dry) 2.63 2.64 
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3 TEST RESULTS AND DISCUSSION 

To develop a relation among different sizes of cylinder and compressive strength 

of concrete, four sets of cylinder were prepared in which cement content, water 

content, fine aggregate content and coarse aggregate content were same. The av-

erage 28-day compressive strength for 50x100 mm, 75x150mm, 100x200mm, 

150x300mm are shown in the Table 3. The observed strength factors with respect 

to 150mm diameter cylinder are also shown in the Table 3. 

Table 3: Comparison of the compressive strength of cylinder with diameter for 

mix ratio of 1:1.5:3 

Exp. 

No 

Dia. 

(mm) 

Height 

(mm) 

Load 

(lb) 

Average Crushing 

strength (psi) 

Strength Factor 

w.r.t. 150 mm dia. 

Strength 

Exp-1 50 100 8986.80 2861.62 1.60 

Exp-2 75 150 17598 2490 1.39 

Exp-3 100 200 30705 2444.67 1.37 

Exp-4 150 300 50550 1788.10 1 

 

 

Figure 1: Decreases of compressive       

strength with the  increase of diameter 
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Figure 2: Strength Factor (w.r.t. 150 

mm cylinder) vs cylinder diameter 

      From Figure 1 and Figure 2, it can be concluded that the compressive 

strength of concrete decreases linearly with the increase of cylinder diameter. 

This also confirms the presence of a size effect where the nominal compressive 

strength at  
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failure decreases with the specimen size increases [8].  From figure 2, the follow-

ing empirical equation can be proposed: 

y = -0.0057x + 1.8769     (1) 

     Where, y = the ratio of the given sample strength to 150 mm cylinder strength 

x = the diameter (in mm) of cylinder. 

     For the core strength test, two cylindrical core sizes (50mm diameter x 

100mm and 75mm diameter x 150mm) were cut from the casted column. The 

results of the compressive strength test are given in Table 4. 

Table 4: Comparison of the compressive strength of core with diameter for mix 

ratio of 1:1.5:3 

Exp. No 
Dia. 

(mm) 

Height 

(mm) 

Load 

(lb) 

Avg. Crushing 

strength (psi) 

Strength Factor 

w.r.t.150mm dia. 

Strength 

Exp-1 (core) 50 100 6182 1967.25 0.70 

Exp-2 (core) 75 150 15511 2197.15 0.78 

Exp-3 (core) 100 200 30110 2396.10 0.85 

Exp-4 (cylin-

der) 
150 300 79807 2821.30 1 

 

 

Figure 3: Variation Core strength 

with core diameter 
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Figure 4:Strength Factor(w.r.t.100 mm 

core) vs core diameter 
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From figure 3 it is observed that core compressive strength decreases with the 

increase of specimen diameter. This is probably due to fact that micro crack 

forms during drilling operation. As small sized specimen has significant cracking 

effect, its compressive strength is found lower. For core strength test, the 

equation that relates the conversion factors or strength factors with the 

core diameter according to figure 4 is given below: 

y = 0.003x + 0.5529    (2) 

     Where, y = the ratio of the given sample strength to 150 mm cylinder strength 

x = the diameter (in mm) of the core sample. 

4 CONCLUSION 

From this investigation the following conclusion can be made: 

 The strength of the cylinder specimens increases with the decrease of 

specimen sizes of same aspect ratio due to end frictional effect. 

 The strength of the core specimen decreases with the decrease of core 

sizes of same aspect ratio due to formation of cracking during drilling 

operation. 

 The reduced size of cylinder and core may be used in the test purposes 

with suitable conversion factors suggested by this study. 

 REFERENCES  

[1] R. Carrasquillo, A. Nilson and F. Slate, 1981. Properties of hugh strength 

concrete subjectedd to short term loads. ACI Journal, 78(3), pp 171-178. 

[2] P.M. Carasquillo and R.L. Carrasquillo, 1988. Evaluation of the high 

strength concrete practice in the production of high-strength concrete. ACI 

Materials Journal,85(1), pp 49-54. 

[3] C.W. Frenchand A. Mokhtarzadeh, 1993. High strength concrete: effects 

of material, curing and test procedures on short-term compressive strength. 

PCI Journal,38(3), pp76-87 

[4] P.C. Aitcin, W. D. Cook and D. Mitchell, 1994. Effects of size and curing 

on cylinder compressive strength of normal and high-strength concretes. 

ACI materials Journal,91(4), pp 349-354. 

[5] ASTM C 150, 1997. Standard Specification for Portland Cement. Annual 

Book of the ASTM Standards. American Society for Testing and Materials. 

 



 

B. Hossen, M. A. Islam and R. Jadid 

 

294 

 

[6] ASTM C 192, 1995. Standard Practice for Making and Curing Concrete 

Test Specimens in the Laboratory. Annual Book of the ASTM Standards. 

American Society for Testing and Materials. 

[7] ASTM C 39, 1996. Standard Test Method for Compressive Strength of 

Cylindrical Concrete Specimens. Annual Book of the ASTM Standards. 

American Society for Testing and Materials. 

[8] S. Sener, 1997. Size effect tests of high strength concrete. Journal of Ma-

terials in Civil Engineering,9(1),pp 46-48 

 



295 

 

CICM 2015 

First International Conference on 

Advances in Civil Infrastructure and Construction Materials 

MIST, Dhaka, Bangladesh, 14–15 December 2015 

KINETIC MODEL FOR MORTAR EXPANSION 

Mohammad S. Islam
1
, Abdulazziz Allessa

2
, Mumtasirun NAHAR

3 

 

1, 2 
University of Tabuk, Tabuk, Saudi Arabia 

Email: 
1
shahidul92@hotmail.com 

 
3 
Military Institute of Science and Technology, Dhaka 

Email: mumtasir.mist2006@gmail.com 

 
 

 

Abstract. This study predicts the ultimate expansion of mortar bars (UME) due 
to alkali-silica reactivity (ASR). The aggregates utilized in this study were ob-
tained from two previous studies. The experimental expansion data over the test 
duration of 28 days was fitted with the existing proposed decay model to predict 
the UME and time required to reach at 50%, 75% and 90% of UME. Finally, 
aggregates susceptible to alkali-silica reactivity were determined based on the 
existing proposed limit of ultimate mortar expansion, and were compared with 
the results obtained by the aggregate geology and expansion limits at the test 
durations of 14 and 28 days. The study showed that the ultimate mortar expan-
sion and time required reaching various percentages of UME varied on aggre-
gate mineralogy. 
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1 INTRODUCTION 

Alkali-silica reaction (ASR) is one of the most deleterious chemical phenomena 

in concrete structures, and is a major concern in many countries of the world [1-

4]. ASR can cause significant expansion and cracking in concrete [4-8].Among 

all the standard test methods to determine the ASR reactivity of an aggregate, [9-

10] is the most widely used testing method due to its short test duration.  

Since ASR is a kinetic type reaction, [3, 11-12] demonstrated that a kinetic 

model can be implemented to predict the ASR-induced expansion characteristic. 

Most recently, concrete at the nuclear power plants has shown to be decayed re-

sulting a great concern for nuclear safety authorities [13]. Most recently, Islam [3] 

proposed the ASR decay model (ADM), shown in Eq. (1), to determine the ulti-

mate mortar expansion (UME) and time to reach at the UME. The utilization of 

ASR decay model to predict the ultimate mortar expansion was very limited in 

the post studies. It is a vital topic that needs to be addressed. 

 

         (   )                      (1) 

Where, ε0 is the ultimate mortar expansion; t is the test duration in days; εr is the 

residual expansion at t days; λ is the first order rate constant, which has a unit of 

1/t. 

 

2 RESEARCH SIGNIFICANCE  

The utilization of ASR kinetic model (ADM) in predicting the ultimate expan-

sion of mortar bar is a unique technique, which can widely be used by the field 

engineers and researchers to reduce the test duration.  Finally, the ASR evalua-

tion of the aggregates was determined using the existing limit of the ultimate 

mortar expansion, and was compared with the results generated from the aggre-

gate geology and the expansion limits at the test durations of 14 and 28 days. 

 

3 EXISTING EXPERIMENTAL DATA 

The experimental data utilized in this study was compiled from the two existing 

research investigations, conducted by [4-5]. The raw materials utilized in this 

study consisted of ten aggregates (five from [4] and the remaining five from [5]. 

The identification and rock type of the investigated aggregate groups were shown 

in Table 1. The aggregate susceptibility due to the alkali-silica reaction was then 

determined according to the geological nomenclature, as described in the studies 

conducted by [2, 5, 8]. The results are also shown in Table 1. The expansion 

reading of mortar bar was taken at the test durations of 0, 4, 6, 10, 14, 21 and 28 

days. 
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Table 1:  Identification, rock type and ASR potential of the investigated aggre-

gate groups 

 

Previous Studies Aggregate  

Id  

Rock Type Potential ASR Reac-

tivity 

Touma (2000) 

A1-WY Rhyolite Innocuous 

A9-NE Granite Innocuous 

B4-VA Quartz Reactive 

C2-SD Quartz Reactive 

D2-IL Dolomite Innocuous 

Islam (2010) 

SN-A Dolomite Innocuous 

SN-C Dolomite-Limestone Reactive 

SN-D Dacite Reactive 

NN-B Andesite Reactive 

NN-C Basaltic-andesite Reactive 

4 RESULTS AND DISCUSSIONS 

4.1  Mortar Expansion Over the Test Duration 

The development of mortar expansion of the investigated five aggregate groups, 

obtained from the research study conducted by [5] is shown in Fig.1. As can be 

seen, the mortar expansion increased with an increase in test duration, and the 

expansion rate was extensive and faster for the reactive aggregates as compared 

to that of innocuous aggregate groups.  
 

 

Figure 1: Progression of mortar expansions obtained the study conducted by Is-

lam (2010)  

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

0 7 14 21 28 35

M
o
rt

ar
 E

x
p
an

si
o
n

 (
%

)

Test Duration (Days)

SN-A

SN-C

SN-D

NN-B

NN-C



Mohammad S. Islam, Abdulaziz Allessa and Mumtasirun Nahar  

 

298 

 

4.2 ASR Decay Model 

The mortar expansion of the aggregates over the 28-day test duration was fitted 

with Eq. (1), and the values of coefficient ε0 and λ, their Prob(t), Prob(F) and R
2
 

were determined. Finally, time needed in reaching at 50%, 75% and 90% of ulti-

mate mortar expansions was evaluated. The results are documented in Table 2. 

As can be shown, a strong correlation existed with R
2
values of 0.848~0.993 with 

an average of 0.944. Additionally, another reliable parameter for multiple regres-

sion models (R
2
adj) was shown very close to the R

2
 values for the respective ag-

gregate group. The Prob(t) for all regression coefficients, and Prob(F) were 

shown to be close proximity to 0.0000. Moreover, the standard errors of the esti-

mate for each aggregate were shown to be very small. 

Time required to reach various percentages of UME of the investigated ag-

gregate groups is shown in Fig. 2. It can be shown, the 50%, 75% and 90% of the 

UME of the investigated ten aggregates occurred from 4.70 to 11.77 days with an 

average of 8.71 days, from 9.40 to 23.54 days with an average of 17.42 days, and 

from 15.61 to 39.09 days with an average of 28.93 days, respectively. 

4.3    ASR Classifications of the aggregates 

Table 3 shows the ASR classifications of the aggregates based on the aggregate 

geology and expansion limits at the ages of 14 and 28 days. Additionally, the 

results obtained by the failure limit of ultimate mortar bar were also evaluated, 

and were presented in Table 3. 

 

Table 2:  Statistical analysis of ADM model (Eq. (1)), ultimate mortar expansion  
(  ) and time required to reach 50%, 75% and 90% of    

 

Agg.  

ID 

Regression  

Coefficients (RC) 

t-ratio of  

RC 

Prob(F) R
2
 R

2
adj t1/2

a
 

(Days) 

t3/4
b

 

(Days) 

t9/10
c
 

(Days) 

λ    Λ    

A1-WY 0.0921 0.3703 -22.58 -24.41 0.0000 0.993 0.992 7.53 15.05 25.00 

A9-NE 0.0781 0.4245 -8.92 -9.48 0.0007 0.957 0.947 8.88 17.75 29.48 

B4-VA 0.062 0.3053 -11.14 -6.78 0.0025 0.920 0.900 11.18 22.36 37.14 

C2-SD 0.0679 0.2952 -12.63 -8.20 0.0012 0.944 0.930 10.21 20.42 33.91 

D2-IL 0.1475 0.0418 -8.70 -4.72 0.0092 0.848 0.810 4.70 9.40 15.61 

SN-A 0.083 0.0498 -61.41 -19.41 0.0000 0.990 0.987 8.35 16.70 27.74 

SN-C 0.0712 0.5475 -6.44 -8.68 0.0010 0.950 0.937 9.74 19.47 32.34 

SN-D 0.0589 0.1168 -23.22 -7.27 0.0019 0.930 0.912 11.77 23.54 39.09 

NN-B 0.0988 1.8678 6.20 -11.19 0.0004 0.969 0.961 7.02 14.03 23.31 

NN-C 0.0897 1.7226 4.26 -8.02 0.0013 0.941 0.927 7.73 15.45 25.67 
a
Time (days) required to reach 50% of ultimate mortar expansion; 

b
Time (days) required 

to reach 75% of ultimate mortar expansion; 
c
Time (days) required to reach 90% of ulti-

mate mortar expansion 



Kinetic model for mortar expansion 

 

299 

 

 
a) Islam (2010) 

 

b) Touma (2000) 

Figure 2: Time required reaching percent of ultimate mortar expansion 

 

The 14-day failure criteria of the ASTM C 1260 resulted in some innocuous ag-

gregates as reactive. As compared to the results obtained at 14 days, the limit at 

the extended age of 28 days showed more liable. Finally, the ultimate expansion 

limit underestimated some reactive aggregates as innocuous. The reason can be 

stated that the mortar expansion data up to the 28 testing period was not suffi-

cient for the ADM model to predict the ultimate mortar expansion. The expan-

sion data at the extended testing period of at least 56 days would better predict 

the UME of aggregates, and hence, the ASR classifications of the aggregates can 

be improved.  

5 CONCLUSIONS  

This study showed that the ASR decay model was well suited with the mortar 

expansion over the testing duration of 28 days. The ultimate mortar expansion 

(UME) and time needed in reaching at 50%, 75%, and 90% of the UME varied 
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mainly on the geology of the investigated aggregate group. When compared to 

the 14-day expansion limit, the proposed failure criteria of ultimate mortar ex-

pansion showed better correlations with the findings obtained from the previous-

ly suggested 28-day the expansion limit in evaluating alkali–silica reactivity of 

the investigated aggregates. 

 

Table 3:  ASR classifications based on the expansion limits of mortar bars 
 

Agg. ID Aggregate  

Mineralogy 

14-Day 28-Day UME 

0.64%
c
 (0.10%)

a
 0.28%

b
 

A1-WY Innocuous 0.034 (I) 0.050 (I) 0.3703 (I) 

A9-NE Innocuous 0.118 (R) 0.233 (I) 0.4245 (I) 

B4-VA Reactive 0.272 (R) 0.502 (R) 0.3053 (I) 

C2-SD Reactive 0.055 (I) 0.117 (I) 0.2952 (I) 

D2-IL Innocuous 0.044 (I) 0.067 (I) 0.0418 (I) 

SN-A Innocuous 0.465 (R) 0.620 (R) 0.0498 (I) 

SN-C Reactive 0.161 (R) 0.277 (I) 0.5475 (R) 

SN-D Innocuous 1.098 (R) 1.610 (R) 0.1168 (I) 

NN-B Reactive 0.940 (R) 1.472 (R) 1.8678 (R) 

NN-C Reactive 0.186 (R) 0.322 (R) 1.7226 (R) 

I: Innocuous; R: Reactive; 
a
Expansion limit suggested by ASTM C 1260 (2007) 

b
Failure limitrecommended by Islam (2010); 

c
Failure limitsuggested by Islam (2015) 
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Abstract. In Bangladesh, there exists a rising energy demand in proportion with 

the growth of its population. Electrical power being the main source of energy 

and national economy, Bangladesh government has made a mega plan to reach a 

capacity 40,000MW of electricity by 2030, half of which will be generated from 

coal. Electricity can be generated from many sources, such as fossil fuel oil, coal 

and natural gas. Bangladesh has got substantial natural gas reserve and signifi-

cant amount high quality coal resource. But the most hazardous waste of coal 

burnt power plant is fly ash, bottom ash and liquid ash which contain hazardous 

and radioactive metals like arsenic, lead, mercury, nickel, vanadium, beryllium, 

barium, cadmium, chromium, selenium and radium. Ash is found dumped in sur-

rounding locations often polluting the environment which could be used in ce-

ment factories and brickfields. The experimental program was planned to study 

the effect of replacement of OPC with Bangladeshi fly ash on the strength and 

durability characteristics of hardened concrete. Two different grades of concrete 

M28 and M38 made with seven different cement replacement levels (10, 20, 30, 

40, 50, 60 and 70%) with fly ash were used for the experimental program. Rapid 

chloride penetration resistance and compressive strength of concrete was deter-

mined up to 365 days of curing. Among all the concretes studied, the optimum 

amount of cement replacement is reported to be around 30 to 40%, which pro-

vides around 15% higher compressive strength and 55% higher rapid chloride 

penetration resistance as compared to OPC concrete. 

Keywords: Cement, Concrete, Fly ash, Rapid chloride penetration resistance, 

Compressive strength. 
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1 INTRODUCTION 

Bangladesh government has launched a mega plan to reach 40,000MW capacity 

of electricity generation by 2030, half of which will be generated from coal. Coal 

is a valuable and plentiful natural global resource. Coal, a fossil fuel, is the larg-

est source of energy for the generation of electricity, worldwide. Coal-fired pow-

er plants currently fuel 41% of global electricity. Besides natural gas, Bangladesh 

has significant coal reserve. Coal reserves of about 3.3 billion tons comprising 5 

deposits at depths of 118-1158 meters have been discovered so far in the north-

western part of Bangladesh. The name of these deposits are-Barapukuria, 

Phulbari and Dighipara coal field in Dinajpur district, Khalashpir in Rangpur dis-

trict and Jamalganj in Joypurhat district. Out of which 4 deposits (118-509 me-

ters) are extractable at present. The depth of Jamalganj coal deposit is 640-1158 

meter with 1053 Million Tones in-situ coal reserve where production may not be 

viable by present day’s technology due to the huge depth of the deposits. So far, 

only Barapukuria coal field is under production. DinajpurBarapukuria coal fired 

power plant is the first coal based power plant with capacity of 250MW. Target 

for power generation in Bangladesh is shown in following bar diagram. 

     Coal is first milled to a fine powder which increases the surface area and al-

lows it to burn more quickly. There is already a 250MW coal-based power plant 

at Barapukuria in Dinajpur. Coal for this power plant is supplied from Barapuku-

ria Coal Mining Company Limited. Adjacent to the Barapukuria Power Plant, 

another 250MW plant of the Power Development Board is supposed to be set up. 

Another coal fired power plant is going to build at Matabari, Cox’s Bazar. The 

1200 MW power plant will be built using ultra super critical technology with the 

funding from both the Bangladesh government and Japan International Coopera-

tion Agency (JICA). In addition 1320 MW coal fired power plant, “Maitree Su-

per Thermal Power Project” at Rampal, Khulna is going to be established. The 

project is being implemented as a joint venture between India and Bangladesh. 

Bangladesh has recently signed a memorandum of understanding with China 

Huadian Hong Kong Co. Ltd for setting up a coal-fired power plant of 1320-MW 

capacity at Maheshkhaliisland in the southeastern coast of the country under a 

joint venture agreement. BPDB and China Huadian will set up a joint venture 

company soon for implementing the project on a build-own-operate (BOO) basis 

by 2019. Bangladesh government has planned to install one of the plants at 

Mawa of Munshiganj with a capacity of 522MW, while two others with the total 

capacity of 566MW in Khulna region, all of which are coal based.  

     Now in Bangladesh 250 MW coal based power plant is in running condition. 

Additional 5250 MW coal based power plant is going to be installed. According 

to the EIA report, 28.1 million tons of coal will be burnt to produce the estimated  

 

http://www.thefinancialexpress-bd.com/2014/05/18/34615
http://www.thefinancialexpress-bd.com/2014/05/18/34615
http://www.theindependentbd.com/index.php?option=com_content&view=article&id=213473:chinese-co-to-set-up-1320mw-power-plant&catid=129:frontpage&Itemid=121
http://www.theindependentbd.com/index.php?option=com_content&view=article&id=213473:chinese-co-to-set-up-1320mw-power-plant&catid=129:frontpage&Itemid=121
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5500 MW of electricity at the proposed power plant. Considering 10% ash gen-

eration, it will produce around 2.8 million tons of fly ash. These ashes compris-

ing of fly ash, bottom ash and liquid ash which are extremely hazardous contain 

hazardous and radioactive metals like arsenic, lead, mercury, nickel, vanadium, 

beryllium, barium, cadmium, chromium, selenium and radium. The EIA report 

again becomes evasive by stating that the fly ash will be filtered before discharg-

ing through the chimney. If some ash may release to the atmosphere, it would not 

only fatally affect the forest, but also cause a range of lung diseases including 

pneumonia to the people living nearby. About managing the waste, the EIA re-

port states that the fly ash “could” be used in cement factories and brickfields. 

Neither the report has an explanation of this statement, nor does the reality reflect 

in this view of the report. Taking Barapukuria as an example, it produces more 

than 300 metric tons of fly ash in one day, none of which has been ever used in 

cement factories and brickfields. Rather, they are found dumped in surrounding 

locations which is spirally affecting the environment. Depending on the location 

of each power plant, the unused fly ash is disposed at the ponds, lagoons or land-

fills. The unused fly ash and bottom ash disposed from coal combustion power 

plants, makes major negative environment effects such as air pollution and 

groundwater quality problem due to leaching of metals from the ashes, specially 

unused fly ash which has very small particle size [1].  

     Portland cement substitution by supplementary cementitious materials also 

called mineral admixtures or mineral additives such as natural pozzolana, slag, 

coal fly ash, silica fume, rice husk ash and wood fly ash is one of viable alterna-

tives to reduce the amount of cement requirement [2]. Fly ash is one of the most 

common pozzolan and is being used quite extensively. Fly ash contains high 

amount siliceous and aluminous compounds and has high potential to be used as 

pozzolanic material to partially replace cement in concrete [3]. Through poz-

zolanic activity, fly ash chemically combines with water and calcium hydroxide, 

forming additional cementitious compounds which result in denser, higher 

strength concrete. The calcium hydroxide chemically combined with fly ash is 

not subject to leaching, thereby helping to maintain high density [4]. The conver-

sion of soluble calcium hydroxide to cementitious compounds decreases bleed 

channels, capillary channels and void spaces and thereby reduces permeability 

[5]. With the help of these admixtures, less permeable and a denser calcium sili-

cate hydrate (C–S–H) concrete can be obtained as compared with Portland ce-

ment. Fly ash replacement in concrete would be remarkable cement saving as 

well as cost minimizing steps for the construction of concrete structures without 

sacrificing the strength of concrete [6]. The aim of this research is to evaluate and 

explore the suitability of the use of Bangladeshi fly ash in structural concrete and 

its efficiency in enhancing concrete durability performance as well as strength 

characteristics through improvement of the concrete microstructure.  
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2    EXPERIMENTAL PROGRAM 

The experimental program was planned to study the effect of replacement of ce-

ment with supplementary cementing material fly ash collected from Boropukuria 

Power Plant, Bangladesh, on the strength and durability characteristics of hard-

ened concrete.  

2.1 Materials used 

(a)     Cement: Ordinary Portland cement (ASTM Type-I) was used as binding 

material. Chemical compositions of OPC are given in Table1. 

(b)     Fly ash: ASTM Class F Fly ash collected from Boropukuria Power Plant, 

Bangladesh was used as supplementary cementitious material. Chemical analysis 

of the fly ash conducted using X-ray fluorescence study is shown in Table1. 

(c)     Aggregate: Locally available natural sand with fineness modulus 2.58 and 

specific gravity 2.61 was used as fine aggregate.The coarse aggregate was 

crushed stone with a maximum nominal size of 12.5 mm with fineness modulus 

6.58 and specific gravity 2.70.  

2.2 Mix design 

Two different grades of concrete namely M38 and M28 were used in the program. 

Seven different mix proportions of cement fly ash (90:10, 80:20, 70:30, 60:40, 

50:50, 40:60, 30:70) were used as cmentitious material. Cement fly ash mix ratio 

of 100:0 i.e. plain concrete specimens were also cast as reference concrete for 

comparing the properties of fly ash concrete. Fly ash concrete means the concrete 

made by using cement and fly ash as cementitious material with sand, stone chips 

and water. Relevant information of different concrete mixes is given in Table2. 

Concrete specimens were designated as per grade of concrete and amount of fly 

ash as a percentage of total cementitious material. Thus M38FA30 concrete 

means grade of concrete is M38 and cement fly ash mix ratio is 70:30. 

2.3 Test Conducted 

(a)     Compressive Strength Test 

Compressive strength of 100 mm cube concrete specimens was tested at the ages 

of 3, 7, 28, 56, 90, 180 and 365 days in accordance with the BS EN 12390-

3:2009. The reported strength is taken as the average of three tests results. 
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Table 1: Chemical composition of OPC and FA 

Composition OPC Fly Ash 

CaO 65.18 8.6 

SiO2 20.80 59.3 

Al2O3 5.22 23.4 

Fe2O3 3.15 4.8 

MgO 1.16 0.6 

SO3 2.19 0.1 

Na2O -- 3.2 

LOI 1.70 -- 

IR 0.6 -- 

Table 2: Mix proportions of fresh concrete 

Constituent  
Grade  

M28 M38 

Cement (kg/m
3
) 435 500 

Water (kg/m
3
) 218 218 

Sand (kg/m
3
) 545 520 

Stone Chips 

(kg/m
3
) 

1150 1120 

w/(c+fa) 0.50 0.44 

Slump (mm) 68 60 

Air content % 1.3 1.1 

 

(b)     Rapid Chloride Penetration Test 

Cylindrical specimens of 100 mm diameter and 200 mm height were prepared in 

accordance with ASTM C39. After specific curing period they were cut into 50 

mm thick slices. All specimens were epoxy coated around the cylindrical surface. 

At the ages of 28, 56, 90, 180 and 365 days, the prepared cut cylinders were test-

ed using the procedures described in the ASTM C1202. The average result of 

three test specimens was taken as the representative data.  

3 RESULTS AND DISCUSSIONS 

3.1 Compressive strength  

Compressive strength of OPC and fly ash concrete of two different grades M38 

and M28 has been graphically presented in Fig.1 and Fig.2. Relative compressive 

strengths are plotted in Fig.3 and Fig.4. At early ages of curing, OPC concretes 

achieve relatively higher compressive strength as compared to fly ash concrete. 
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Test result shows that 7 days compressive strength for OPC concrete is around 

7%, 15%, 23%, 41%, 50% and 64% higher than M28FA10, M28FA20, 

M28FA30, M28FA40, M28FA50 and M28FA60 concrete respectively. At initial 

age of curing upto 56 days, compressive strength is seen to decrease with the in-

crease of fly ash content in concrete when compared with no fly ash concrete. 

For relatively longer period of curing, compressive strength of the fly ash con-

crete specimens up to 40% replacement level are higher than that of OPC con-

crete for all grade of concrete. 180 days compressive strength of OPC concrete of 

M28 grade is lower by around 4%, 5%, 9% and 6% respectively than M28FA10, 

M28FA20, M28FA30 and M28FA40 concrete. Cement normally gains its maxi-

mum strength within 28 days. During that period, lime produced from cement 

hydration remains within the hydration product. Generally, this lime reacts with 

fly ash and imparts more strength. For this reason, concrete made with fly ash 

will have slightly lower strength than cement concrete at early ages of curing and 

higher strength at the later ages of curing. At the end of 365 days of curing, 20%, 

30% and 40% cement replaced fly ash concrete shows around 9%, 15% and 11% 

higher strength gaining as compared to OPC concrete. 

     Rate of strength gaining for different types of concrete is observed to vary 

with the grade of concrete and is higher for the higher grade of concrete. Among 

all the concrete studied, 365 days compressive strength is increased by about 2%, 

4%, 10% and 6% for concrete M28FA10, M28FA20, M28FA30 and M28FA40 

respectively as compared to OPC concrete; whereas the same value is increased 

by around 9%, 14%, 20% and 16% for concrete M38FA10, M38FA20, 

M38FA30 and M38FA40 respectively compared to the strength of no fly ash 

concrete. At the end of 365 days curing period, the overall strength gaining for 

M38 grade concrete is around 10% higher as compared to M28 grade concrete. 

So it can be concluded that strength gaining is relatively faster for higher grade 

concrete as compared to lower grade concrete. 
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Fig.1: Compressive strength - exposure period relation for
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Fig.2: Compressive strength - exposure period relation for

           M28 fly ash concretes
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3.2      Rapid chloride penetration 

Rapid chloride penetration value for OPC and fly ash concrete at 28, 56, 90, 180 

and 365 days curing period are graphically presented in Fig.5 and Fig.6. At the 

initial age of curing RCPT values are higher for fly ash concrete compared to 

OPC concrete. In case of OPC concrete, amount of passing charge is observed as 

4240 and 6295 coulombs for M38 and M28 grade concrete; whereas the similar 

value for fly ash concretes of cement replacement level of 20%, 30%, 40% and 

50% are 4512, 4621, 4766 and 5280 coulombs for M38 grade concrete and 7295, 

7465, 7870 and 8013 coulombs for M28 grade concrete respectively at the curing 

age of 28 days. But for longer age of curing, fly ash concrete shows better re-

sistance against chloride ion penetration. After 365 days of curing, rapid chloride 

penetration values are respectively 31%, 27%, 23%, 18%, 15% for M38FA10, 

M38FA20, M38FA30, M38FA40, M38FA50 concretes and 34%, 32%, 31%, 

26%, 29% for M28FA10, M28FA20, M28FA30, M28FA40 and M28FA50 con-

cretes as compared to the 28 days RCPT values of OPC concrete of similar grade. 

Fly ash concrete has relatively better resistance against chloride ion penetration 

and hence the use of fly ash in structural concrete may inhibits the risk rebar cor-

rosion. At the end of 365 days of curing, 20%, 30% and 40% cement replaced fly 

ash concrete shows around 38%, 45% and 54% lower RCPT value as compared 

to OPC concrete.    

     Relative RCPT values of fly ash concrete compared to OPC concrete are ob-

served to vary with the grade of concrete and replacement level of fly ash with 

cement. At an age of 180 days of curing, RCPT values for 20%, 30%, 40%, 50% 

cement replaced concrete are respectively 45%, 50%, 57%, 66% lower for M38 

grade concrete and 22%, 34%, 37%, 33% lower for M28 grade concrete as com-

pared to OPC concrete of similar grade. This is happened due to high fineness of 

fly ash. Fly ash can react with the products liberated during hydration, forming 

secondary C-S-H gel that fills all the pores inside concrete and makes it more 
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Fig.4: Relative compressive strength - exposure period relation for

           M28 fly ash concretes

    M28FA0     

    M28FA10

    M28FA20  

    M28FA30      

    M28FA40

    M28FA50     

    M28FA60       

    M28FA70

Exposure Period (days)

R
e
la

ti
v
e
 C

o
m

p
r
e
ss

iv
e
 S

tr
e
n

g
th

  

0 30 60 90 120 150 180 350 360 370

10

20

30

40

50

60

70

80

90

100

110

120

130

Fig.3: Relative compressive strength - exposure period relation for

           M38 fly ash concretes
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impermeable. The study result also shows that as the amount of fly ash in con-

crete is increased, charge flow through the concrete specimens is decreased. It 

was also observed that at the end of 365 days curing period, the overall RCPT 

values for M38 grade concrete was around 9% lower as compared to M28 grade 

concrete. 

 
 

4 CONCLUSIONS  

Based on the results of the investigation conducted on different fly ash concrete 

made with various level of cement replacement for various curing period up to 

365 days, the following conclusions can be drawn:      

     (1) At early ages of curing, the rate of gain in compressive strength of fly ash 

concrete specimens is lower as compared to the corresponding OPC concrete. 

However, at later age of curing (after 56 days), fly ash mix concrete exhibited a 

higher rate of strength gain than OPC concrete. 

     (2) The optimum fly ash content is observed to be 30% of cement from the 

compressive strength point of view. Fly ash concrete with 30% cement replace-

ment shows around 15% higher compressive strength than OPC concrete after 

365 days curing.  

     (3) Chloride penetration resistance for fly ash concrete is observed to be im-

proved as compared to OPC concrete. Fly ash concretes with 30% cement re-

placement shows around 45% lower RCPT value compared to OPC concrete. 

     (4) Higher grade concrete showed around 10% higher gain in strength and 9% 

lower RCPT value as compared to lower grade concrete. 

     (5) The use of fly ash in cement production will reduce CO2 emission to the 

environment and the problem of its disposal, saving the valuable fertile lands. 
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Fig.5: Rapid chloride penetration - exposure period relation for

           M38 fly ash Concretes

 
90 1805628

Exposure Period (days)

R
a
p

id
 C

h
lo

r
id

e
 P

e
n

e
tr

a
ti

o
n

 (
C

o
u

lo
m

b
)

   M38FA0

   M38FA10

   M38FA20

   M38FA30

   M38FA40

   M38FA50

   M38FA60

   M38FA70

0

1000

2000

3000

4000

5000

6000

7000

8000

9000

Fig.6: Rapid chloride penetration - exposure period relation for

           M28 fly ash Concretes
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Abstract. Due to environmental issues, the use of waste materials in concrete is 

gaining popularity. Waste materials, such as oil palm shell (OPS) and palm oil 

clinker (POC) from the Malaysian palm oil industry are being used in various 

researches to produce lightweight concrete. Concrete containing only OPS 

shows more ductility and less compressive strength, while POC concrete shows 

less ductility but higher compressive strength. Combination of OPS and POC 

may exhibit improved compressive strength and ductility behaviour. In this ex-

perimental study, normal coarse aggregate is replaced by a mixture of OPS and 

POC aggregates in the lightweight concrete. The proportion of OPS and POC in 

the concrete mix varies from 40% to 70%. The results indicate that if a mixture of 

OPS and POC are used in producing lightweight aggregate concrete, better per-

formance in terms of compressive strength and ductility can be achieved. Fur-

thermore, through the utilization of waste materials, the proposed lightweight 

concrete helps to mitigate the negative impact on the environment. 

Keywords: Oil palm shell, Palm oil clinker, Lightweight concrete, Compressive 

strength, Displacement ductility. 
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1 INTRODUCTION 

Nowadays, lightweight concrete is a popular choice in the construction industries. 

The use of lightweight concrete (LWC) has many advantages over normal weight 

concrete, such as a reduction in the size of the structural elements, increase in 

building height and a greater span-depth ratio for beams in pre-stressed concrete 

construction [1]. In designing a structural element, the compressive strength is 

desirable along with acceptable ductility under heavy loading to ensure adequate 

deflection [2]. Satisfactory ductility is a very important factor for reinforced con-

crete structures in high seismic areas because less ductile reinforced concrete ex-

periences many serious complications when subjected to compression and torsion. 

Currently several researchers have worked on lightweight concrete using 

waste materials, as recycling the solid wastes from the agricultural and manufac-

turing industries is long overdue [3-5]. Malaysia is the second largest palm oil 

producing country in the world producing more than half of the world’s palm oil 

[6]. The residue of palm oil industry includes OPS and POC. Several investiga-

tions have shown that lightweight concrete with OPS or POC aggregate can be 

produced with a compressive strength ranging from 17 to 53 MPa [7, 8].LWC is 

still not a common material in the construction industry and there has been some 

reticence concerning its use in concrete structures. Even the displacement ductili-

ty of lightweight concrete has rarely been studied in the earlier literature.  

The objective of this study is to produce lightweight concrete from a mixture 

of OPS and POC aggregates. This lightweight concrete is named as palm shell 

and clinker concrete (PSCC). This research also investigates the compressive 

strength, stress-strain curves and ductility behaviour of PSCC. The ductility char-

acteristics have been studied by the displacement ductility index. 

2 MATERIALS 

2.1  Cement 

In this study, ordinary Portland cement with a specific gravity of 3.14 g/cm3 and 

fineness of 3510 cm2/g was used as the binder material in the concrete. This ce-

ment was collected from a local Malaysian company named Tasek Corporation 

Berhad. The compressive strengths of the cement were 34.2 and 45.9 MPa, at 7 

and 28 days, respectively. 

2.2  Fine Aggregate  

Local mining sand with specific gravity, fineness modulus, water absorption and 

maximum grain size of 2.68, 2.65, 1.17% and 4.75 mm, respectively, was select-

ed as the fine aggregate in the concrete mix.  
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2.3  Coarse Aggregate 

Two types of coarse aggregates were used in the concrete mix for this study, 

which were collected from the local palm oil factory in Malaysia as waste mate-

rials. Figure 1 shows the selected coarse aggregates for producing lightweight 

concrete. The OPS aggregate is shown in Figure 1 (a). After collecting the OPS 

from the local palm oil industry, it was washed and crushed using a stone-

crushing machine in the laboratory. The flakiness of OPS decreases significantly 

upon crushing, which improves the performance of the coarse aggregate and 

yields higher compressive strength[9]. Subsequently, crushed OPS aggregate was 

sieved using a 5 mm-sieve to remove the aggregate less than 5 mm in size. 

 

Fig.1. Coarse aggregate (a) OPS aggregate (b) POC aggregate 

Another type of coarse aggregate, POC aggregate is presented in Fig. 1 (b). 

This POC was also collected from the local palm oil industry in Malaysia. In a 

similar fashion to OPS, the clinker was crushed and sieved using a 5 mm-sieve. 

As the larger size aggregate has a greater value under the abrasion test, POC re-

tained on the 5 mm sieve was considered to be coarse aggregate. 

2.4  Superplasticizer (SP)  

For this experimental program, SikaViscocrete 2199, which was collected from 

Sika Kimia, Malaysia, was employed as the chloride free Super plasticizer, in 

accordance with EN 934-2, and mixed in the concrete at 2.0% of cement weight 

to facilitate the workability. 

3 TEST METHODS 

3.1  Mix Proportions 

By and large, the LWAC mix design is determined by trial mixes [10]. Most of 

the previous studies used 480-550 kg/m
3
 cement with a water cement ratio of 0.3-
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0.4 to obtain concrete with a compressive strength of 30-44 MPa [11]. In this 

study, to obtain concrete with a compressive strength of 45 MPa, 450 kg/m
3
 ce-

ment content with a water cement ratio of 0.35 was selected for the trial mix. 

Therefore, unlike some previous studies, this study designed the trial mixes with 

the less cement content to get high strength lightweight concrete (LWC) Four 

trial mixes were conducted in the laboratory to obtain grade 45 concrete with a 

moderate workability. Each and every mix had an identical water/cement ratio. 

To achieve workability, SP was added to all the mixes. Sieved local mining sand 

fills the place of fine aggregate. To attain the high strength ductile concrete, a 

mixture of OPS and POC was used as coarse aggregate in different proportions in 

the four trial mixes. In mix TM-1, the total volume of coarse aggregate was di-

vided into two parts: 70% for the OPS and 30% for the POC. The corresponding 

quantities of OPS and POC in the TM-2, TM-3 and TM-4 mix were 60% & 40%; 

50% & 50%; and 40% & 60%, respectively. The details of the concrete mixes 

with the proportions of ingredients are shown in Table 1. 

Table 1: Concrete mix proportions in kg/m3 

3.2  Samples Preparation and Data Collection 

During preparation of the concrete mixing procedure, cement, sand, OPS and 

POC were blended into a pan mixer for 5 min. Subsequently, the mixture of SP 

and about 80% of the water were added into the pan mixture. After 5 minutes of 

mixing, the remaining 20% of the water was added into the pan mixture and the 

mixing continued for a further 10 min. The concrete specimens were cast in steel 

moulds, and the specimens were compacted using the vibration table. The casting 

of all the specimens followed BS 1881 [12]. The specimens were remoulded after 

24 hours and cured in water at 30 ± 2°C until the test days. Three specimens from 

each category were prepared for obtaining the average value. 

Initially the slump tests were carried out for the selected mixes. The com-

pressive strengths of the specimens were determined on the 1
st
, 3

rd
, 7

th
 and 28

th
 

day. In addition, the modulus of elasticity was measured on the 28
th
 day. The 

tests were carried out in accordance with BS 1881: Part 116 [12] using a univer-

Mix ID Cement Water 
W/C 

ratio 
SP Sand 

OPS 

(% by 

vol.) 

POC 

(% by 

vol.) 

Slump 

(mm)  

TM - 1 450 158 0.35 2% 1013 248 (70%) 141 (30%) 60 

TM - 2 450 158 0.35 2% 1025 212 (60%) 187 (40%) 65 

TM - 3 450 158 0.35 2% 1158 148 (50%) 195 (50%) 40 

TM - 4 450 158 0.35 2% 1048 142 (40%) 281 0%) 70 



Ductility performance of high strength OPS and POC lightweight concrete 

 

315 

 

sal compression testing machine of 3000 KN capacity with a rate of loading con-

troller. 

4 RESULTS AND DISCUSSION 

4.1   Compressive Strength 

Table 2 shows the 28 days compressive strength development for all the trial 

mixes. The test results show that if the percentage of OPS increases in the com-

bination of coarse aggregate, the 28 days compressive strength decreases. Again, 

having a POC content of more than 50% also decreases the compressive strength. 

With the largest proportion of OPS content, TM-1 exhibits the lowest value for 

the 28-day compressive strength. TM-3, with a POC content of 50% in the mix-

ture of coarse aggregate, shows the highest value for the 28-day compressive 

strength. In TM-4, the POC content was increased to 60%, resulting in a 9% fall 

in the compressive strength from TM-3. This weakening can be attributed to the 

round and plain surface texture of OPS, which imparts poor bondage to the con-

crete if its presence is excessive. On the other hand, the POC aggregate, which is 

rough and porous, imparts strong bonding with the cement paste. Furthermore, if 

OPS and POC coarse aggregate are mixed in a 50% ratio (TM-3), the 28-days 

compressive strength increases to 46.5 MPa, which is the maximum among all 

the mixes. However, POC aggregate is porous in nature, which enables some of 

the cementing material to enter the pores, that, eventually, decreases the overall 

bonding strength [13]. 

Table 2: Development of the compressive strength of PSCC 

Mix ID Compressive Strength (MPa) 

  1 day 3 day 7 day 28 day 

TM-1 18.44 31.39 35.43 38.28 

TM-2 29.46 33.7 36.01 38.57 

TM-3 28.9 39.95 44.64 46.47 

TM-4 30.7 36.23 40.13 42.35 

4.2  Stress-Strain Behavior 

Fig. 2 shows the stress-strain curves of all the tested samples containing different 

percentages of OPS and POC. Both vertical and lateral strains are plotted against 

the increase in the compressive load applied. The vertical displacement is shown 

in the positive X-axis and the lateral displacement in the negative X-axis in Fig. 2. 

The stress-strain curves of the PSCC samples softens towards a rounded peak in 

the post-yield stage with a very slow dropping tendency after the post yield, 

which is mainly because the PSCC concrete has a good interlocking [13] and bi-
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linear ductile [14] stress-strain behaviour. The experimental results show that the 

PSCC concrete specimen can undergo larger deformation before failure, and that 

such a failure is ductile and gives warning of the impending failure similar to 

steel. For TM-3 and TM-4, the strains at maximum stress were measured in the 

range of 0.0028 and 0.0034, respectively showing less value than that for TM-1 

and TM-2, which were 0.0035 and 0.004, respectively; this is close to the range 

for lightweight concrete elements [15], 0.026–0.003. With the increase in the 

POC aggregate in the concrete, the strain at maximum stress exhibits a lower 

value, and, vice versa, with an increase in OPS aggregate. It is also observed that 

concrete with POC aggregate only shows brittle behaviour with the maximum 

stress value whereas OPS concrete reveals the maximum ductile behaviour with 

the minimum stress value. After combining the OPS and POC in the concrete, a 

higher stress value is found with moderate ductile behaviour. 

 
Fig.2. Stress-strain curves for vertical and lateral displacement 

4.3  Displacement Ductility 

The mechanical properties (compressive strength and modulus of elasticity) and 

ductility indices of PSCC obtained from the laboratory results are presented in 

Table 3. The ductility of any structural element is usually specified as ‘the capac-

ity of the structural element to undergo load still experiencing extra distortion 

beyond the maximum load stage’ [2]. This definition is qualitative and to meas-

ure the displacement ductility of compression critical elements. The ratio of the 

area under the stress-strain curve up to 5εo to the area up to εo for displacement is 

defined as the ductility index (μ). The displacement ductility values stated in this 

study are the strain ductility of the compression-critical member. Here, εo is the 

strain at peak stress (σmax) for the concrete element. The evaluation of the struc-

tural parameters of the displacement ductility index is illustrated in Table 3 for 

the different mix ratios. Existing literature shows that POC concrete exhibits little 

ductility [13]. After mixing OPS with POC in this study, all the trial mixes show 
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an adequate ductility index. TM-3 shows the maximum ductility among the trial 

mixes. 

Table 3: Displacement ductility indices of PSCC for different mixture 

Mix ID 

Elastic 

modulus 

(GPa) 

Displacement ductility 

Stress Strain μ 

TM - 1 6.8 24.00 0.00408 3.02 

TM - 2 6.9 24.57 0.00422 2.87 

TM - 3 10.16 28.92 0.00338 3.56 

TM - 4 10.38 26.60 0.00324 2.96 

5 CONCLUSIONS  

 The PSCC samples show ductile behaviour. The ductility index decreases 

with the increase of porous POC aggregate content in the concrete mixes. 

 The strains at maximum stress of the PSCC samples are in good agreement 

with the recent study of lightweight aggregate concrete. 

 PSCC can be produced with a 28-day compressive strength of 46 MPa, 

which is higher than the structural requirement of 15MPa. 

 In this study, the use of 50% OPS and 50% POC coarse aggregate seems to 

give the optimum mix, which produces grade 45 concrete with adequate 

ductility. It requires 450 kg/m3 cement to produce grade 45 concrete, which 

is the lowest among the recent studies. 
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Abstract. There is worldwide trend in the construction industry to use high 

strength steel reinforcement in concrete structures. ACI-318-14 permits use of 

Grade 80 steel in flexural members which are not part of special seismic struc-

ture. Advantages of using high-strength steel are manifold; besides economy, the 

other benefits include reduction of congestion, ease in placement of concrete, 

reduction of time and labor for fabrication and so forth. These advantages can 

deal with a number of practical problems concerning to reinforced concrete 

structures. Flexural members are the major component of RCC structures. The 

sensitive issues regarding the use of high strength steel in RCC flexural members 

are ductility and serviceability. Although deflection is an important serviceability 

criteria, but literature related to comparing experimental deflection with theoret-

ical one using high strength reinforcement is not very common. An experimental 

investigation on behavior of reinforced concrete beams with Grade 80 and 

Grade 60 rebars has been conducted at BUET. The program involved testing of 

30 half scale beams having dimensions 6'' × 9.5'' × 8' (150mm × 237.5mm × 

2400mm). This research program is conducted to evaluate serviceability perfor-

mance (deflection) at service load level. Experimental data has been compared 

with theoretical predictions available in the literature. It has been observed that 

at service load level beams with Grade 80 rebars show comparable serviceability 

performance with that of Grade 60 steel. The strength and ductility features of 

the beams with Grade 80rebars also compare favorably with those reinforced 

using conventional Grade 60 rebars. 

Keywords: Beam deflection, Grade 80 and 60 steel, Reinforced concrete, Effec-

tive moment of inertia. 
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1 INTRODUCTION 

Deflection of a beam is an important criterion regarding the serviceability of 

RCC structures. Limited deflection is desirable not only from aesthetic point of 

view but also ensuring safety of nonstructural partition members. In recent ACI-

318-14, it is stated in Chapter 9 that, for non prestressed beams reinforcing bar 

yield strength( fy) less than or equal to 60,000 psi and not supporting or attached 

to partitions or other construction likely to be damaged by large deflections, 

overall beam depth h shall satisfy the limits in Table 1, 

Table 1: Minimum depth of non prestressed beams [ACI 318-14] 

Support condition Minimum h 

Simply supported ℓ/16 

One end continuous  ℓ/18.5 

Both ends continuous  ℓ/21 

Cantilever ℓ/8 

 

For fy other than 60,000 psi, the expressions in Table 1 shall be multiplied by 

(0.4 + fy/100,000).The modification for fy is approximate, but should provide con-

servative results for typical reinforcement ratios and for values of fy between 

40,000 and 80,000 psi [ACI-318-14]. 

For calculation of deflection of beams, several theories are available. A study 

from Kalkan [8] suggests that, the major issue associated in this case, is the cal-

culation of in-plane bending stiffness (EIx) of a beam which is the product of two 

variables: (1) the in-plane second moment of area (the in-plane moment of inertia 

Ix), reflecting the cross-sectional resistance to loading; and (2) the modulus of 

elasticity (E), reflecting the material resistance to loading [8]. However, in con-

crete beams, both variables are subject to change during the course of loading 

(Kalkan 2013).The inelastic stress-strain behavior of concrete beyond the elastic 

limits causes the deviation in the modulus of elasticity with the increasing load, 

while on the other hand, the deviation in the moment of inertia is linked with the 

cracking of concrete which occurs when the tensile strains are greater than the 

cracking strain of concrete. Cracking of concrete declines the resistance of a RC 

beam to loading, leading to larger deformations in the beam while the load in-

crement is marginal. This decrease in the second moment of area of a concrete 

beam throughout the course of loading is balanced by the effective moment of 

inertia approach. Branson (Branson 1965) proposed the following effective mo-

ment of inertia expression: 

   (
   

  
)       *  (

   

  
)
 
+         (1) 
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Where, Ma is the Maximum moment in the beam  

Cracking moment,    
     

  
 (yt is the vertical distance of the extreme tension 

fibers from the neutral axis)  

Modulus of rupture,        √  
  (  

   is the concrete compressive strength of 

28 days cylinder specimen in psi) 

Gross moment of inertia,    
 

  
      

Uncracked moment of inertia,      
 

  
          (   

 

 
)
 
 

(   )   (    )
 
 

Cracked moment of inertia,     
 

  
           (   )  

(band h are the width and height of the beam, respectively; y’ is the depth of the 

centroid of the transformed uncracked cross-section from the compression face; n 

is the modular ratio of steel to concrete; c is the neutral axis depth of the fully-

cracked section, As is the total cross- sectional area of the longitudinal rein-

forcement; and d is the effective depth of the tension reinforcement) 

Moreover, Al-Shaikh and Al-Zaid (Al-Shaikh and Al-Zaid 1993) showed that 

the value of m reduces with increasing reinforcement ratio (ρ). Therefore, they 

proposed the following equation for m: 

          
The effective moment of inertia expression (Equation 1) proposed by Branson, 

which actually averages the moments of inertia of the uncracked and fully-

cracked segments of a RC beam, was adopted by ACI 318 many years ago and is 

still part of ACI 318-14. 

Another study from Bischoff (Bischoff 2005) proposed the following effec-

tive moment of inertia expression based on weighted average of the flexibilities 

of the uncracked and cracked portions of a RC beam: 
 

  
 (

   

  
)
 

 
 

    
 *  (

   

  
)
 
+  

 

   
    (2) 

m=2 was proposed in Equation (2), derived from the deflection equation spec-

ified in Eurocode 2. The use of m=2 guarantees that the tension-stiffening contri-

bution in the model is just dependent on the applied load level (Ma/Mcr), as 

explained by Bischoff (Bischoff 2005 and Bischoff 2007)thoroughly. Therefore, 

the tension-stiffening model turns out to be independent from the gross-to-

uncracked moment of inertia ratio (Ig/Icr) and the reinforcement ratio (ρ) of the 

beam. 

The deflection prediction in the European structural concrete code, Eurocode 

2 (CEN 2002), is derived from the calculation of the curvatures and deflections 

of a RC beam equivalent to its uncracked and fully-cracked states. According to 

this code, the following equation is used for the calculation of the deflections (δ) 

of a RC beam loaded at cracking load level: 
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  [   (
   

  
)
 
]        (

   

  
)
 
       (3) 

Where δll and δl are the deflection values equivalent to the fully cracked and 

uncracked states of the beam, respectively; and β is a coefficient related to the 

duration of loading or of repeated loading on the average strain. β is taken 1.0 for 

a single short-term loading (immediate deflections) and 0.5 for sustained loads 

(long-term  deflections) or many cycles of repeated loading. β is taken 1.0 in the 

present study. Eurocode 2 (CEN 2002) uses the concept of averaging the flexibil-

ities of the uncracked and cracked segments of the beam rather than averaging 

the stiffnesses. 

2 RESEARCH SIGNIFICANCE  

There is lack of studies on comparison of the actual deflection with the predicted 

one. The present study aims at contributing to the topic. Moreover, the deflection 

equations were used to predict deflections of RCC beams reinforced with Grade 

60 rebars. Available equations have never been used to verify the deflection of 

beams with reduced steel percentages likely to be resulted for Grade 80 rebars. 

Other variables like reinforcement ratio, concrete compressive strength etc. were 

used to enhance the scope of comparison. Satisfactory deflection estimates for 

reinforced concrete beams was the outcome of the study. 

3 EXPERIMENTAL SETUP 

Thirty half scale beams having dimensions 6''X9.5''X8' (150mm X 237.5mm X 

2400mm) were tested in a two point loading system. All the specimens were 

loaded at a constant rate by a UTM up to failure. Fig. 1 illustrates the experi-

mental program. Eighteen of the specimens were designed with Grade 80 rebars 

and other twelve specimens were designed using conventional Grade 60 rebar. 

To ensure flexural failure, all specimens were adequately designed for shear and 

shear reinforcements were provided more than required.  

 
 

Figure 1: Experimental setup 
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A mechanical deflectometer was placed below the midpoint of the specimens 

which was used to take deflection readings and strain gauges were used on ten-

sion reinforcements to take strain data. Table 2 summarizes the details of the 

specimens tested. 

Table 2: Details of Beam Specimens  

A. Grade 80 specimens: 

S
p
ec

im
en

 I
D

 

(F
o

r 
8

0
 g

ra
d

e)
 

  
  

(p
si

) 

B
o

tt
o

m
  

R
ei

n
fo

rc
em

en
t 

T
o

p
 

R
ei

n
fo

rc
em

en
t 

E
ff

ec
ti

v
e 

D
ep

th
, 

d
(i

n
) 

ρ
 

 
 

 
 
 

 
 

  
 

M
o

d
u

lu
s 

o
f 

E
la

st
ic

it
y
 o

f 
 

C
o

cr
et

e,
 E

c 

(k
/f

t2
) 

M
o

d
u

lu
s 

o
f 

ru
p

tu
re

, 
f r

 

(k
/f

t2
 )

 

T- 1,2,3 3990 
One #3 

Two #4 
Two #3 8.20 0.0102 0.0135 0.0025 518535.16 68.23 

T- 4,5,6 3990 
Three 

#3 
Two #3 8.24 0.0067 0.0135 0.0025 518535.16 68.23 

T- 7,8,9 3900 Two #5 Two #3 8.12 0.0126 0.0132 0.0025 512260.75 67.40 

T-10,11,12 3900 Two #4 Two #3 8.18 0.0080 0.0132 0.0025 512260.75 67.40 

T-13,14,15 5640 
One #5 
Two #5 

Two #3 8.16 0.0143 0.0173 0.00282 616420.25 81.11 

T-16,17,18 5640 
One #4 

Two #3 
Two #3 8.22 0.0085 0.0173 0.00282 616420.25 81.11 

B. Grade 60 specimens: 
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XT- 1,2,3 4120 
One 

#4,Two 

#5 

Two #3 8.14 0.0166 0.0185 0.0033 527104.44 69.36 

XT- 4,5,6 4120 
One #4 

Two #3 
Two #3 8.22 0.0085 0.0185 0.0033 527104.44 69.36 

XT- 7,8,9 6270 
Three 

#5 
Two #3 8.12 0.0189 0.0243 0.00398 649677.59 85.48 

XT- 
10,11,12 

6270 
One #3 
Two #4 

Two #3 8.20 0.0102 0.0243 0.00398 649677.59 85.48 
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4 RESULTS 

Deflection readings were taken for all specimens. Later they were compared with 

the theoretical predictions by Branson (1965), Bischoff (2005) and Eurocode 2, 

CEN (2002). Service load was calculated corresponding to steel stress level of 

0.67 fy. Table 3 and Fig. 2 to Fig. 5 explain the results. Table 3 presents compari-

son of the observed deflection value and theoretically predicted value (Branson 

1965, Bischoff 2005 and Eurocode 2, CEN 2002) at service load level for all the 

tests. Complete load deflection responses are compared for selected tests in Fig. 

2 to Fig. 5. 

  

    

(a) Complete experimental result (b) Enlarged view 

Figure 2: Comparison of the experimental and theoretical predictions of load 

deflection values for specimen T-6, 80 Grade sample, (  =0.0067), fc’=3990 psi 

From Table 3, it can be seen that theoretical predictions from Branson (1965), 

Bischoff (2005) and Eurocode 2, CEN (2002), have estimated deflection quite 

satisfactorily at service load level. Fig. 2 to Fig. 5 represents the comparison of 

observed deflections from four experimental results and theoretically predicted 

deflections from the three references as mentioned above. Out of these four tests 

two tests represent beams with Grade 80 reinforcements and the rest two repre-

sent beams with Grade 60 reinforcements. From the figures it can be seen that 

beams with both the grades behaved more closely with the predictions given by 

Bischoff (2005). But for Grade 80 samples the predicted and observed deflec-

tions are even closer. 
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Table 3: Comparison of Observed and Predicted deflection at Theoretical Service 

Load Level 

 

Spe. 

ID 

fs=0.67fy fs=0.67fy fs=0.67fy fs=0.67fy fs=0.67fy 

Calc. ser-

vice load 

(kN) 

Observed 

deflec-

tion 

(mm) 

Predicted 

deflection 

(Branson 

1965) (mm) 

Predicted 

deflection 

(Bischoff 

2005) (mm) 

Predicted deflec-

tion (Eurocode 2, 

CEN ,2002) (mm) 

T-1 53.03 9.8 8.95 9.05 8.71 

T-2 53.03 9.25 8.95 9.05 8.71 

T-3 53.03 9 8.95 9.05 8.71 

T-4 36.43 6.8 6.37 7.16 5.49 

T-5 36.43 6.4 6.37 7.16 5.49 

T-6 36.43 6.5 6.37 7.16 5.49 

T-7 61.89 9.5 10.78 10.77 10.63 

T-8 61.89 9.3 10.78 10.77 10.63 

T-9 61.89 9 10.78 10.77 10.63 

T-10 42.32 8.3 7.61 8.07 7.62 

T-11 42.32 8.7 7.61 8.07 7.62 

T-12 42.32 8.9 7.61 8.07 7.62 

T-13 73.87 10 9.54 9.5 9.58 

T-14 73.87 10.3 9.54 9.5 9.58 

T-15 73.87 9.3 9.54 9.5 9.58 

T-16 46.47 6.6 6.46 6.97 6.44 

T-17 46.47 8 6.46 6.97 6.44 

T-18 46.47 8.3 6.46 6.97 6.44 

Spe. ID 

fs=0.67fy fs=0.67fy fs=0.67fy fs=0.67fy fs=0.67fy 

Calc. 

service 

load (kN) 

Observed 

deflec-

tion 

(mm) 

Predicted 

deflection 

(Branson 

1965) (mm) 

Predicted 

deflection 

(Bischoff 

2005) (mm) 

Predicted de-

flection (Euro-

code 2, 

CEN ,2002) 

(mm) 

XT-1 62.17 8.2 7.77 7.70 7.41 

XT-2 62.17 8.5 7.77 7.70 7.41 

XT-3 62.17 8.3 7.77 7.70 7.41 

XT-4 34.51 7.5 4.75 5.12 4.45 

XT-5 34.51 5.8 4.75 5.12 4.45 

XT-6 34.51 6 4.75 5.12 4.45 

XT-7 73.69 9.5 7.77 7.7 5.88 

XT-8 73.69 8.2 7.14 7.7 5.88 

XT-9 73.69 7.5 7.14 7.7 5.88 

XT-10 42.50 5 4.92 4.04 5.4 

XT-11 42.50 5.7 4.92 4.04 5.4 

XT-12 42.50 5.8 4.92 4.04 5.4 
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It can be seen from Fig. 2 to Fig. 5 that test specimens behaved similarly with 

theoretical predictions up to yielding. It is known that up to yielding RCC mem-

bers behave almost linearly and after that they behave in nonlinear manner. The 

post yield behavior is beyond the scope of the theoretical predictions discussed 

here. For this reason, enlarged view of test results were shown to mark the differ-

ences of experimental results clearly from theoretical predictions. 

 

(a) Complete experimental result  (b) Enlarged view  

Figure 3: Comparison of the experimental and theoretical predictions of load 

deflection values for specimen T-3, 80 Grade sample, (  =0.0102), fc’=3990 psi 

(a) Complete experimental result  (b) Enlarged view 

Figure 4: Comparison of the experimental and theoretical predictions of load 

deflection values for specimen XT-6, 60 Grade sample (  =0.0085), fc’=4124 psi 
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Figure 5: Comparison of the experimental and theoretical predictions of load 

deflection values for specimen XT-3, 60 Grade sample, (  =0.0166), fc’=4124 psi. 

5 CONCLUSIONS 

A comparison of experimental and theoretical deflection of RCC beams rein-

forced with Grade 80 and Grade 60 rebars has been made in this paper. Based on 

the results presented, the following conclusions are drawn:  

 The methods proposed by Branson (1965) and Bischoff (2005) close-

ly estimate the load- deflection behavior of both Grade 80 and Grade 

60 specimens. 

 The method proposed by Bischoff (2005) provides a slightly better 

correlation with the actual load- deflection curves of both Grade 80 

and Grade 60 specimens. 

 The effective moment of inertia and the analytical load-deflection 

curves corresponding to it are highly dependent on the cracking mo-

ment used in the effective moment of inertia expression.  

 The cracking moment estimates based on the modulus of rupture ex-

pression in Eurocode 2 (CEN 2002) are in closer agreement with the 

actual cracking moments of the specimens, compared to the methods 

given in ACI 318-14. 

 Grade 80 specimens undergo higher deflections than that of Grade 60 

specimens at service load level. But, it is to be noted that service load 

level was much higher for Grade 80 specimens. 
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Abstract. Evaluating in- place compressive strength of concrete by em-

ploying non-destructive testing method is a cardinal approach to assess 

concrete strength in present condition. But strength cannot be measured 

because non-destructive tests are relative in nature. So, indispensability 

arises for establishing experimental relation between the property being 

measured by a given test and the strength of the specimen. Concrete 

strength increases with time due to curing but when its use being started, 

environmental exposure may also deteriorate its strength. To assess the 

concrete strength in present condition of a structure ultrasonic pulse ve-

locity method is used among all other non-destructive methods in order to 

find a correlation with concrete compressive strength. Therefore, to derive 

such correlation and evaluating its reliability using local material and 

local condition is important for judging the concrete. Finally, further ob-

servations are made on effect of concrete age and coarse aggregate which 

are known to be the most important parameters that affect the correlation. 

Keywords: Ultrasonic pulse velocity, compressive strength, saturation 

condition. 
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1 INTRODUCTION 

For inspection, operations and monitoring of concrete structures the UPV meth-

ods have been used. UPV test is also used for the measurement as well as to con-

trol a series of basic parameters in order to ensure the quality of concrete. The 

matters of concern are interpretation of these test results and for that proper 

knowledge about the influential factors are necessary [1]. As per IS number 

13311 in part one in 1992 The underlying principle of the test is the method con-

sists of measuring the time of travel of an ultrasonic pulse passing through the 

concrete being tested; comparatively higher velocity is obtained when concrete 

quality is good in terms of density, uniformity, homogeneity etc. Concrete tech-

nologist has been working for decades in order to determine the properties of 

concrete using nondestructive tests. Many test methods have been proposed for 

laboratory test specimens using vibrational methods beginning in the 1930s. 

Powers, Obert, Hornibrook, and Thomson were the first to conduct extensive 

research using vibrational techniques such as the resonant frequency method 

[2].World War 2 accelerated research regarding nondestructive testing using 

stress wave propagation methods. The development of the pulse velocity method 

began in Canada and England at about the same time. In Canada, Leslie and 

Cheesman development an instrument called the soniscope. While in England, 

jones developed an instrument called the ultrasonic tester. In principle, both the 

soniscope and the ultrasonic tester were quite similar, with only minor differ-

ences in details. Since the 1960s, pulse velocity methods have been moved out of 

laboratories and to construction sites. Malhotra has compiled an extensive list of 

papers published on this subject. Many nations have adopted standardized proce-

dures to measure pulse velocity in concrete [2]. 

2 EXPERIMENTAL DETAILS 

2.1 Materials 

Cubes of different grades of concrete M15, M20 and M35 were casted out of the 

concrete matrix during construction. To improve workability of concrete, water 

reducing admixture was added into each grade of concrete to control the slump 

and to prevent the occurrences of bleeding and segregation. Materials Used for 

making specimen includes cement, fine aggregate, coarse aggregate and water 

reducing admixture. For each type of aggregate different strength combinations 

were used. 

Tests were conducted on different specimens. The mixture contained cement 

and four types of coarse aggregates such as stone, brick, recycled brick, recycled 

stone. Specimens with different strength and mixing ratio were casted. The spec-

imens were allowed to gain strength on 3, 7, 14, 28, 56, 90, 107, 114, 120 days in 
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achieving the required strength of concrete, it is needed to specify a proper mix 

design with appropriate mix proportion of water, cement, fine aggregate and 

coarse aggregate for trial mix. Hence for the concrete in this context with 

strength several mix design need to be analyzed before coming up with a most 

suitable mix design. This is to configure the proportional content of concrete, 

which could also affect the ultrasonic pulse velocity. 

2.2 Mix Design 

Mix design was performed in accordance to BS 5328-1997 with the BRE (Build-

ing Research Establishment) concrete mix design-British method (1988) to de-

termine the mix proportion of the materials used in casting of concrete. 
 
 

 Type of free cement Total Fine Coarse  

 concrete water content Aggregate Aggregate Aggregate  

  content (kg) Content Content content  

  (kg)  (kg) (kg) (kg)  

 S10 14.41 17.84 127.67 51.06 76.60  

 S20 14.41 22.65 123.55 49.42 74.13  

 S35 15.44 30.28 114.89 42.50 72.38  

 B10 14.41 17.84 127.67 51.06 76.60  

 B20 14.41 22.65 123.55 49.42 74.13  

 B35 15.44 30.28 103.22 38.19 65.03  

 RS10 14.41 17.84 127.67 51.06 76.60  

 RS20 14.41 22.65 123.55 49.42 74.13  

 RS35 15.44 30.28 110.42 40.85 69.57  

 RB10 14.41 17.84 127.67 51.06 76.60  

 RB20 14.41 22.65 123.55 49.42 74.13  

 RB35 15.44 30.28 105.96 39.20 66.75  

3 EXPERIMENTAL RESULTS AND DISCUSSION 

3.1 Effect of Coarse Aggregate 

Among different influential factors the effect coarse aggregate is most important 

in terms of correlation between the ultrasonic pulse velocity and concrete com-

pressive strength. For analyzing coarse aggregate effect brick, recycled brick, 

stone, and recycled stone aggregate are chosen. Data are taken up to 28days.The 

coarse aggregate effect is shown in figure 1. 
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Figure 1: Compressive strength vs. ultrasonic pulse velocity (Coarse aggregate 

effect) 

From the figure 1 it can be observed that the ultrasonic pulse velocity of recy-

cled brick is lower than the brick. This is because the difference in density be-

tween two aggregate. Recycled brick has low density than the brick aggregate 

due to pores in recycled aggregate. That’s why the UPV is higher in brick aggre-

gate. Due to the similar reason the UPV in stone is higher than the UPV in recy-

cled stone. 

Table 1: Equation and co-efficient of determination for different coarse ag-

gregate 

Type of aggregate             Equations Co-efficient of 

determination 

Brick y = -69.395 + 0.023268x = 0.9552 

Recycled brick y = -32.315 + 0.012657x = 0.515 

Stone y = -100.08 +0.026246x = 0.615 

Recycled stone y = -60.689 + 0.018328x = 0.697 
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3.2 Effect of Concrete Age 

3.2.1    Correlation between Compressive Strength and UPV for Saturated 

Condition 

Correlations between compressive strength and ultrasonic pulse for brick, recy-

cled brick, stone and recycled stone are find out using the data up to 28 days. 

Linear relation between compressive strength and ultrasonic pulse velocity 

for brick aggregate are shown below where continuous lines represent the linear 

relation between compressive strength and ultrasonic pulse velocity. 
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Figure 2: Correlation between compressive strength and ultrasonic pulse velocity 

for brick, recycled brick recycled stone, stone aggregate. 

It can be inferred from the graph that with increase in ultrasonic pulse veloci-

ty compressive strength also increases. For brick aggregate the linear equation is 

y= -69.395 + 0.023268x                                                (1) 

                 R=0.97735, R
2
= 0.955 
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Where, y= Compressive strength, x= Ultrasonic pulse velocity and the value 

of coefficient of determination is R
2
.Similarly for recycled brick, stone and recy-

cled stone aggregate. 

Correlation between compressive strength and UPV are find out. For recycled 

brick, stone, recycled stone aggregate data are taken for 3, 7, 14, 28 days. Sum-

mary of results and correlation between concrete compressive strength and UPV 

are shown in table 2. 

3.2.2 Correlation between Compressive Strength and UPV for Air Dry Condi-

tion 

Correlations between compressive strength and ultrasonic pulse for brick recy-

cled brick, stone and recycled stone are find out using the data after 28 days. For 

brick aggregate 35, 60 days data are taken. For recycled brick data of 90, 120, for 

stone 60, 90 and for recycled stone 90,107,120 days are taken. Summary of re-

sults and correlation between concrete compressive strength and UPV are shown 

in table 3 
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Figure 6: Correlation between compressive strength and ultrasonic pulse velocity 

for brick,recycle brick aggregate. 
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Figure 7: Correlation between compressive strength and ultrasonic pulse velocity 

for stone, recycle stone aggregate. 
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From the ACI committee report we know that at early maturities a given in-

crease in compressive strength results in a relatively large increase in pulse ve-

locity while at later maturity the velocity increment is smaller for the same 

strength increase. Analyzing the graphs and co-relations we found a concrete va-

lidity of that report. 

Table 2: Summary of statistical analysis of ultrasonic pulse velocity for 

saturated condition 

Aggre-

gate type 

Pearson 

coefficient 

(t) 

 

Co-efficient of 

determination 

 

Equation Sig-F Correlation 

Brick 0.977 = 0.955 y= -69.395 + 

0.023268x 

0.000 Strong 

Recycled 

brick 

0.718 =0.515 y= -32.315 + 

0.012657x 

0.000 Strong 

Stone 0.783 = 0.613 y= -100.09 + 

0.026148x 

0.000 Strong 

Recycled 

stone 

0.835 = 0.697 y= -60.689 + 

0.018328x 

0.000 Strong 

 

Table 3: Summary of statistical analysis of ultrasonic pulse velocity for air 

dry condition 

 

Aggregate 

type 

Pearson 

coefficient 

(t) 

Co-efficient 

of determina-

tion, 

 

Equation Sig-F Correlation 

Brick 0.739 = 0.544 y= -95.576 + 

0.034022x 

0.000 Moderate 

Recycled 

brick 

0.906 =0.821 y= -121.87 + 

0.043461x 

0.000 Strong 

Stone 0.739 = 0.546 y= -61.19 + 

0.022659x 

0.000 Moderate 

Recycled 

stone 

0.518 = 0.268 y= -29.775 + 

0.014517x 

0.006 Moderate 
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4 CONCLUSION 

The concrete is a heterogeneous material and the interpretation of relation be-

tween compressive strength and ultrasonic pulse velocity is complex. The at-

tempts are made for estimating the strength and other properties of concrete for 

getting more reliable and dependable information of the quality of concrete with-

out crushing. The study may contribute towards the development of a guideline 

to determine compressive strength using ultrasonic pulse velocity. Based on the 

extensive experimental works and studies, the following conclusions are drawn: 

The study indicates that the variation of the age and aggregate type can gener-

ate effects those are sensible in the UPV. With the increasing age, the velocity 

also increases .At early age the increasing rate is rapid. Among different types of 

aggregates used in the study, it has been seen that for a particular strength recy-

cled stone aggregate gives lower UPV than stone aggregate concrete and similar 

case is happening to recycle brick and brick aggregate. So further research works 

can be done based on these aggregate properties by incorporating some other im-

portant parameters like porosity, moisture content etc. 
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Abstract. Severe earthquakes in recent time have imposed tremendous threat to 

humanity. Seismic risk assessments of the existing buildings are gaining more 

attention to assess correctly the degree of risk to which such critical structures 

may be subjected to in the event of an earthquake. Various seismic vulnerability 

assessment procedures can be found in the literature based on building plan, 

foundation, structural system, structural and non-structural components, and 

structural performance. Such vulnerability assessment procedures would show 

realistic performance of a building if the building was built according to the 

proper building design code and architectural features. The assessment of the 

seismic vulnerability of the existing medium to low-rise Reinforced Concrete (RC) 

buildings of Dhaka City, which are not built according to the standard building 

code has gained significant attention in recent years. A detailed survey has been 

carried out in the Dhaka city to assess the earthquake vulnerability of existing 

medium to low-rise reinforced concrete buildings. Two seismic vulnerability as-

sessment techniques, Turkish method and Japanese method are considered in the 

current study. The main objective of this study is to compare the two seismic risk 

assessment methods for existing buildings of Dhaka city. A brief discussion on 

the performance score and seismic performance indices predicted by the two 

methods is also presented in this paper. Results show that, Japanese method 

might provide more reliable assessment compared to the Turkish method for the 

existing medium to low-rise buildings of Dhaka city. 

Keywords: Japanese method, Turkish method, Seismic vulnerability assessment, 

Reinforced concrete building 

mailto:ni5867@mun.ca
mailto:ksr037@mun.ca
mailto:kamrul1@ualberta.ca
file:///C:/Users/naveel/Dropbox/MUNRESEARCHWORKS/Paper%20Drafts/Conference%20paper%20CICM%202015/Comp/fatema.mist09@gmail.com
file:///C:/Users/naveel/Dropbox/MUNRESEARCHWORKS/Paper%20Drafts/Conference%20paper%20CICM%202015/Downloads/mimranhossain09@gmail.com


N. Islam, K. S. Roy, K. Islam, M. I. Hossain and F. T Zohora 

 

338 

 

1 INTRODUCTION 

Seismic vulnerability assessment or seismic risk assessment methodologies are 

followed almost all over the earthquake prone countries of the world for various 

forms of structure. This increased awareness against earthquake aroused due to 

some of the severe damage caused by the recent earthquakes (Turkey, 2015; Af-

ghanistan and Pakistan, 2015; Nepal, 2015; Japan, 2011; New Zealand, 2010 & 

2011; Mexico, 2011, Indonesia, 2010 & 2011; China, 2010; Haiti, 2010). As 

mentioned in the field reports and documented cases, the devastations in some 

cases were more severe because of the tilting of the buildings, bridges, dams and 

similar man-made structures. Various analytical, experimental, and hypothetical 

models from realistic data have been developed to assess the seismic vulnerabil-

ity of existing structures. Dhaka is the world’s 16
th
biggest city, and the capital of 

8
th
most populous country. According to the July, 2015 study by Demographia [1] 

its 15,414,000 inhabitants live within 134 square miles, giving the city a suffocat-

ing density of 115,000 inhabitants per square mile. Dhaka has been named as the 

worlds’ densest metropolitan area by Demographia where the abrupt growth of 

low-to medium rise reinforced concrete (RC) buildings due to improper planning 

as made the city extremely vulnerable to natural disasters like earthquake. Alt-

hough the city lies in the moderate earthquake zone but the movement of tectonic 

plates over the boundary of the country has shaken the city over a number of 

times in the past two decades. Moreover few incidences of major structural 

cracks in RC buildings were reported in the past which might lead to consequen-

tial casualties in major portions of the city. Researchers and urban planners are 

deeply concerned to resolve and minimize the effect to some extent adopting var-

ious methodologies. Building codes are being revised and extended portions of 

the cities are pre-planned to accustom the current mitigation measures. As a re-

sult, effective seismic vulnerability assessment methodologies have become a 

very important issue to assess the sustainability of buildings in Dhaka City.  

Researchers have been trying to implement an effective seismic vulnerability 

methodology for Dhaka city for quite a long time. But due to the lack of a proper 

seismic risk assessment code except the National Building Code, almost all the 

studies regarding seismic vulnerability were based on methodologies and reports 

developed in other countries. But recent research works [2-16] shows that some 

of these methodologies can be directly implemented to the major cities of Bang-

ladesh (i.e. Dhaka) in accordance to identical soil conditions, building category 

and earthquake movement. A brief segment of identical approaches are presented 

in the following sections of the paper. Authors through their previous studies [11-

16] have checked the adequacy of the two prominent methodologies in various 

portions of Dhaka city through detailed survey procedure. In this paper, emphasis 

will be given to provide a brief summary of the various seismic vulnerability as-

sessment procedures that might be applicable to Dhaka city. A detailed survey is 
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conducted on the existing medium to low-rise buildings located at some major 

portions of Dhaka city to compare two seismic vulnerability assessment proce-

dure, Turkish method and Japanese method. This paper focuses on the major re-

sults obtained from the survey.  

2 SESIMIC RISK ASSESSMENT PROCEDURES 

Most of the seismic vulnerability assessment procedures found in the literature 

are based on screening i.e. street surveys for low- to mid-rise reinforced concrete 

and masonry buildings. These procedures mainly rely on the data collected 

through visual investigations on each building. For example, New Zealand meth-

od [17] is basically a two-stage process consisting of the initial evaluation proce-

dure (IEP), intended as a coarse screen followed by the detailed assessment. 

However, the Canadian method [18] is based on identifying the main features of 

any building affecting risk of seismic hazards. The importance of the building is 

determined by its use and occupancy. The European Code [18, 22], is based on 

appropriate actions and possible modified safety-factors. This has been 

developed for smaller uncertainty with respect to dead loads, smaller ex-

isting life span and for properties of existing materials. These are used for 

seismic analysis of the building. Calculation is based upon both non-

seismic and seismic actions for an existing building. The assessment is for 

the period of its intended lifetime. In case of Italian procedure [18], the detec-

tion of eleven (11) parameters, as well as the score assignment for each of them 

is the result of the post-earthquake surveys. In U.S. method [17], each building 

is assigned a basic score first. This is then modified for the building height 

along with the presence of any structural weaknesses, the soil type, and 

whether the building is designed according to a seismic code. This helps in 

providing a final score for the buildings. The Indian method [16] is a modifi-

cation of the U.S. method and provides additional building types including four 

different types of unreinforced masonry (URM) buildings and modified values of 

related parameters. The ASCE 31 [19] standard includes procedures for Life 

Safety and Immediate Occupancy Performance Levels. This methodology evalu-

ates the seismic resistance of buildings consisting of a three-tier approach. The 

first tier is the screening phase, the second tier is the evaluation phase, and the 

third tier is the detailed evaluation phase. This standard is later modified to form 

the ASCE 31-03 [20], which is the last step in the development of a standard for 

seismic evaluation of existing buildings. Major changes to this process include a 

reorganization of the nonstructural checklist and a rewrite of the URM special 

procedure. It also embodies the latest efforts in the development of performance-

based analysis techniques. ASCE 41-13 [21] combines seismic evaluation and 

retrofit into one document and brings consistency to the process.  The Tier 1 

Screening is essentially the same as it was in ASCE 31-03 [20], with some reor-
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ganization and technical changes to the checklists. But the specific Tier 2 analy-

sis procedures and ASCE 31-03 m-factors were eliminated. Other seismic vul-

nerability assessment procedures include but not limited to the Hybrid Method 

[22], which consists of FEMA 154 (2002), FEMA 310 (1998), Euro Code 8, New 

Zealand Guidelines (NZSEE 2000, 2003) and NRC Guidelines (NRCC 1993). 

FEMA 154 (2002) is a relatively quick procedure in developing a list of poten-

tially risky buildings without the expensive detailed seismic analysis of individu-

al buildings. FEMA 310 (1998) is presented as an advanced seismic evaluation 

procedure for existing buildings that describes a three-tiered procedure of in-

creasing details and reducing margin of safety for the seismic evaluation of exist-

ing buildings. NRC Guidelines (NRCC 1993) consists of both structural and non-

structural hazards, and the importance of the building is determined from the use 

and occupancy classes. Indexing method requires the acquisition of extensive 

data on building materials, site conditions and structural systems and involves 

vast analytical efforts. Fuzzy logic is applied to seismic vulnerability assessment 

procedure in case of Fuzzy Rule based modeling where it is used to integrate de-

scriptive (linguistic) judgment and numerical data and make approximate reason-

ing algorithms to propagate the uncertainties[15,23].  

Seismic vulnerability of unreinforced masonry walls was assessed by con-

ducting a numerical study on the interaction of axial and lateral resistance [24]. 

The walls were modeled in an Abaqus environment using a plastic damage mode. 

Centrifuge modeling method [25] describes an investigation on the performance 

of shallow foundations susceptible to seismic liquefaction, considering the par-

ticular vulnerability that this type of foundation has shown in the field during 

past earthquakes. Ranking method [26] requires only the dimensions of structure 

as input and is based on defining the position of a building on a two dimensional 

plot using the wall and column indices. Likewise, GIS-based extension [4, 9, 27] 

provides users with a familiar environment to estimate and observe the probable 

damages and fatalities of a deterministic earthquake scenario. Statistical method 

[28] which is an improvement on the methodology of the National Group for 

Earthquakes Defense (GNDT-SSN 1994) based on the vulnerability assessment 

methodology is also considered for the seismic vulnerability evaluation of ma-

sonry buildings. A schematic and sequential representation of a large variety of 

seismic assessment methodologies can also be found in [29]. 

3 METHODOLGIES OF INTEREST 

Due to economic availability of building raw materials; Reinforced Concrete 

Frame buildings are most common in Dhaka city [5]. Authors are primarily inter-

ested in two of the prominent methodologies (Turkish and Japanese) that cover 

reinforced concrete building frames and have been used by previous researchers 

for Dhaka City [5,11-16]. Both of the methodologies do not require strong exper-
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tise in the field but involve works in both visual screening and structural detailing 

surveys.  

3.1 Turkish Method of Seismic Vulnerability Assessment  

According to the opinion of a German earthquake expert Dorka [31], Turkish 

method of seismic risk assessment can be considered for a developing country 

like Bangladesh, where standard building codes are not followed properly. Au-

thors through their previous studies [11-13] checked the suitability of Turkish 

Method by conducting detailed Level 1 and Level 2 surveys for buildings in 

densely constructed portions of the city. Turkish method is a multiple-level seis-

mic vulnerability assessment methodology for the existing reinforced concrete 

(RC) buildings. The Turkish method includes two-level evaluation: (i) level one 

– walk down evaluation and (ii) level two measurements at ground level and 

basement. The walk down evaluation procedure consists of taking notes of dif-

ferent external features of the building. Buildings are then described as belonging 

to ‘safe’, ‘intermediate’ or ‘unsafe’. After level one survey, buildings that fall 

into the moderate and high risk levels can be subjected to more detailed level two 

survey to determine their performance scores. Once the vulnerability parameters 

of a building are obtained from two-level surveys and its location is determined, 

the seismic performance scores for survey levels 1 and 2 are then calculated [30].  

A general equation for calculating the seismic performance score (PS) can be 

formulated as follows: 

PS = (Initial Score) - Σ (Vulnerability parameter) x (Vulnerability Score) (1) 

The detailed calculation for vulnerability scoring can be found atSucuoglu et 

al. [30] and authors’ previous studies [11-13] and is not repeated here. However, 

a sample calculation is shown in Table 2.0. 

3.2 Japanese Method of Seismic Vulnerability Assessment  

The Japanese seismic vulnerability assessment is based on both site inspection 

and structural calculation to represent the seismic performance of existing medi-

um and low–rise reinforced concrete buildings in terms of seismic performance 

index of structure, Is. Three levels of screening procedure, namely the first, the 

second, and the third level screening, have been used for the seismic evaluation. 

Any level of the screening procedures may be used in accordance with the pur-

pose of evaluation and the structural characteristics of the building [32]. Building 

inspections are conducted to check the structural characteristics of the building, 

which are necessary to calculate the seismic index of structure, Is. Appropriate 

methods for inspection i.e. site inspection, collection of design drawings, and/or 

material test are selected in accordance with the screening level. In case, design 

drawings of the building are not available, inspections on the structural dimen-

sions, diameters and arrangements of reinforcing bars need to be examined on 
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site, which are necessary for seismic evaluation of the building in accordance 

with the screening level [32]. The seismic performance index of structure (Is) is 

evaluated by the following equation at each storey and to each direction, 

Is= E0 * SD* T(2) 

Where, 

E0= Basic seismic index of structure, 

SD= Irregularity index  

and T = Time index 

Seismic safety of structure is judged by the following equation, 

Is≥ Iso (3) 

Where,  

Is= Seismic index of structure and Iso= Seismic demand index of structure 

If Equation (3) is satisfied, the building is assessed as ‘Safe - the building 

possess the seismic capacity required against the expected earthquake motions’. 

Otherwise, the building is assessed as ‘Uncertain’ in seismic safety.  

The thorough procedure can be found in the authors’ previous publications 

[15,16] and in Otani [33], which was formulated based on the standard for seis-

mic evaluation and guideline for seismic retrofit of existing reinforced concrete 

building revised from the general outline given by Umemura [34] and by Japan 

Building Disaster Prevention Association in 1990 [32]. The details of the calcula-

tions are not the scope of the present study. However, a sample calculation is 

shown in Table 2.0 for clarification. 

4 SURVEY DETAILS 

Four major locations: Mirpur, Mohammadpur, Dhanmondi and Jhigatola that 

cover parts of the major crowded portions of Dhaka City with high densities of 

residential buildings are chosen. Zone II where the Dhaka City lies is considered 

to be the most vulnerable city for a major form of earthquake. The expected in-

tensity of earthquake for Dhaka city is around VIII (Modified Mercalli Intensity 

Scale) which may be assumed to correspond to a peak ground acceleration (PGA) 

in a range of 0.2g to 0.25g. According to current seismic zoning map of building 

code, for Dhaka city (Zone II) the PGA is around 0.15g on very firm soil, con-

sidering site effects it can be 0.20g or more [11, 35-36].Altogether, thirty (30) 

buildings with six stories from a set of sixty (60) surveyed buildings are random-

ly selected for the present study. The distribution of the buildings in the study 

areas is shown quantitatively and qualitatively in Figure 1.0 (a) and Figure 1.0 (b) 

respectively. Note that, detailed survey results of the sixty (60) buildings will be 

published in authors’ future publications. 
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Figure 1.0 (a) Quantitative Distribution of 

Buildings within the study areas 

Figure 1.0 (b) Map showing 

the locations of the study area 

5 RESULTS 

Both of the methodologies are considered for the analysis of the surveyed build-

ings in the study areas. Figure 2.0 shows the distribution of performance score 

(calculated based on Equation 1) with building inventory, where the survey areas 

are highlighted beneath the building numbers representing the study locations. 

Two horizontal lines at PS (Low) and PS (High) for PS 70 and PS 50 are consid-

ered which divide the zone of PS in three segments namely, SAFE, 

INTERMEDIATE and UNSAFE. Depending on the sub divisions the qualitative 

safety assessments are shown in Figure 4.0 (a) and (b) for Level 1 and 2 respec-

tively. Likewise, analysis is considered for the same buildings by Japanese 

Method of assessment, whereas the seismic indices (calculated as per equation 2) 

are plotted against the building inventory as shown in Figure 3.0. Equation 3.0 

provides the degree of safety for Japanese Method. For the locations of Dhaka 

City, Iso is calculated as 0.68 [16, 34]. The horizontal line represents Iso which 

again subdivides the plot area into two segments SAFE and UNCERTAIN (indif-

ferent from Turkish Method).From Figure 3.0 it can also be seen that, Is<Iso for 

only the values for IsY where Y represents the shorter directions of the building. 

The qualitative safety assessment in Figure 4.0 (c) shows the zone of 

UNCERTAIN for the five (5) buildings out of the thirty (30) surveyed buildings 

in the study locations. 
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Figure 2.0 Performance Score from 

Turkish Method with Building In-

ventory 

Figure 3.0 Seismic Indices by Japa-

nese Method with Building Invento-

ry 

 

 (a)                                         (b)                                             (c) 

Figure 4.0 Qualitative safety assessment based on the survey in the study loca-

tions by (a) Level 1 Assessment by Turkish Method (b) Level 2 Assessment by 

Turkish Methods and (c) Japanese Method 

6 COMPARISON BETWEEN THE RESULTS 

The two seismic vulnerability assessment methodologies used in the present 

study has been used by previous researchers to provide considerable results. But 

substantial variations on the results may cause dilemma in providing proper 

judgments regarding the overall safety of the buildings. Considering Figure 2.0- 

4.0, it can be seen that, Japanese Method which is a more extensive and detailed 

method [15,32] shows less damage susceptibility in buildings compared to results 

obtained by Turkish Method. The overall safety assessment of the surveyed 

buildings can be more clearly viewed in Table 1.0. As mentioned in Table 1.0, 

only a single building is assessed to be completely unsafe from both the methods.  
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Whereas, majority lies in the zone where the level of safety is assessed to be 

SAFE from Japanese method, but INTERMEDIATE from Turkish method. A 

detailed stepwise calculation for both Turkish and Japanese methods for building 

number 1 (circled in Figures. 2.0 & 3.0) is presented in Table 2.0.  

Table 1.0 Itinerary of the Buildings Based on Safety Assessment comprising both 

Turkish and Japanese Method 

 

7 SAMPLE CALCUATION FOR A SURVEYED BUILDING  

In the following Table 2.0 the sample calculation for a surveyed building is pre-

sented for both the seismic vulnerability methods. The building is marked in both 

Figures 2 and 3. The details of the parameters mentioned in the calculation can 

be found in authors’ recent publication in Islam et al.  [15].  

Table 2.0 Sample Calculation for Survey Building 

Building Location 
Mirpur 11, 

Dhaka 
Building ID 1 ( Circled in Figs. 2 & 3) 

Number of Storey 6 Floor Area 1415.13 ft2 

Assessment by Turkish Method Assessment by Japanese Method 

 
Presence of soft storey Yes Compressive Strength of Concrete 

 

20 N/mm2 

 Heavy Overhanging No Column clear height 
 

2438.4 mm 

 Apparent Building Quality Moderate Column depth 
 

279.4 mm 

 Presence of Short Columns No Thickness of wall 
 

127 mm 

 
Pounding Between Adjacent 
Building 

No Length of wall along longer direction 
 
788.52 m 
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Topographic Effect No Length of wall along shorter direction 

 

593.96 m 

 
Plan Irregularity No 

Total Cross sectional area of storey 

concerned 

 
27251.56 

mm2 

 
Normal Redundancy Ratio 

2.8513 (Re-

dundant) 

Strength Index of Walls along longer 

direction 

 

126.95 

 
Strength Ratio 

1.1326 

(Strong) 

Strength Index of Walls along shorter 

direction 

 

95.63 

 

Strength Index of Columns 
 

1.209 

Strength Index of extremely short 

columns 

 

2.591 

 

Performance Score from Level 

1 survey 
50 

Basic Seismic Index of the structure 

along longer direction, EoX 

 

21.3 

 

Performance Score from Level 

2 survey 
55 

Basic Seismic Index of the structure 

along shorter direction , EoY 

 

16.08 

  
Irregularity Index, SD 

 
0.8 

 

Assessment from Level 1 sur-

vey 
Intermediate Time Index, T 1 

 

Assessment from Level 2 sur-

vey 
Intermediate 

Seismic Index of the Structure for longer 

direction  , IsX 
17.08 

 

Seismic Index of the Structure along 

shorter direction , IsY 
12.89 

Basic Seismic demand Index 0.8 

Zone Index 0.85 

Usage Index 1 

Ground Index 1 

Seismic Demand Index 0.68 

Judgement of seismic safety: SAFE (The building 

possesses the seismic capacity required against the 

expected earthquake motion) 

8 CONCLUSIONS 

The paper aimed to introduce a generalized comparison between two seismic 

vulnerability assessment procedures (Turkish and Japanese methods) by conduct-

ing a detailed survey in densely populated portions of Dhaka city. Results show 

that Japanese method might be more applicable to Dhaka city compared to the 

Turkish method. Attempts were also made to introduce a number of highlighted 

seismic vulnerability assessment procedures that are currently being followed all 

over the world. This paper focuses part of a detailed survey and comparison of 

various seismic vulnerability assessment procedures that might be applicable to 

densely populated cities like Dhaka city. A detailed discussion on the comparison 
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and complete survey including the implementation of more vulnerability methods 

(along with widespread surveys) that could provide more convincing reliability 

parameters for existing buildings of Dhaka city and other major urban cities of 

Bangladesh will be shown in authors’ future publications. 

REFERENCES 

[1] Demographia World Urban Areas Report; 11th Edition, 2015:01. 

[2] M. H. Ansary, and M. A. Noor, 2004. Vulnerability assessment of existing 

engineered and non-engineered structures of Dhaka city using RVS and 

NDT Techniques. Third International Symposium on New Technologies 

for Urban safety of Mega Cities in Asia, Agra, India. 

[3] M. Z. Ahmed, M. K. Islam, R. Ahsan, and G. Ozcebe, 2007. Seismic vul-

nerability assessment methods: a possible application to Bangladesh. First 

Bangladesh Regional Science Association (BRSA)Conference, Dhaka 

[4] M. J. Alam, M. A. R. Khan, and A. Paul,2009.Seismic vulnerability as-

sessment of existing RC buildings in GIS Environment. Earthquake Engi-

neering Research Center (EERC), Dept. of Civil Engineering, Chittagong 

University of Engineering & Technology (CUET), Bangladesh. 

[5] M. R. Sadat, M. S. Huq, M. A. Ansary, 2010. Seismic Vulnerability As-

sessment of Buildings of Dhaka city. Journal of Civil Engineering, Inst. of 

Engineers, Bangladesh. 38 (2), 159-172. 

[6] R. P. Ishita and S. Khandaker, 2010.Application of analytical hierarchical 

process and GIS in Earthquake vulnerability assessment: case study of 

ward 37 and 69 in Dhaka City. Journal of Bangladesh Institute of Planners, 

3:103-112. 

[7] M. Ahmed, K. M. Khaleduzzaman, N. A. Siddique and S. Islam, 2012. 

Earthquake vulnerability assessment of schools and colleges of Sylhet, a 

North-eastern city of Bangladesh. SUST Journal of Science and Tech., 

19(5): 27-34. 

[8] M. A. Rahman, M. S. Ullah, 2013. Seismic vulnerability assessment of RC 

Structures: A Review. Asian Transactions on Eng., 02(06). 

[9] M. M Ahmed, I. Jahan and M. J. Alam, 2014.Earthquake vulnerability as-

sessment of existing buildings in Cox’s -Bazar using Field Survey & GIS. 

International Journal of Eng. Research & Technology (IJERT), 3 (8). 

[10] A. Sarraz, M. K. Ali and D. C. Das, 2015. Seismic vulnerability assess-

ment of existing building stocks at Chandgaon in Chittagong city, Bangla-

desh. American Journal of Civil Engineering, 3(1): 1-8. 

[11] M. Z. Ahmed, K. Islam, K. S. Roy, M. S. Arafat, and T.M. Al-Hussaini, 

2010. Seismic vulnerability assessment of RCF Buildings in Dhaka City. 

Proceedings of the 3rd International Earthquake Symposium (IESB-3), 

Dhaka, Bangladesh. 



N. Islam, K. S. Roy, K. Islam, M. I. Hossain and F. T Zohora 

 

348 

 

[12] K. S. Roy, K. Islam and M. S. Arafat, 2010. Seismic risk assessment of ex-

isting low-rise buildings in unplanned urban regions of Dhaka City. Pro-

ceedings of the 2nd International Conference on Construction in 

Developing Countries (ICCIDC-2), Cairo, Egypt. 

[13] K. S. Roy, K. Islam and M. S. Arafat, 2011. A novel statistical approach 

for investigating the significant factors that influence the Performance 

Score of the Turkish Method. Proceedings of International Conference on 

Geotechnique, Construction Materials and Environment (GEOMAT-2011), 

Tsu City, Mie, Japan. 

[14] K. S. Roy, M. J. Hassan, K. Islam and N. Islam, 2015. Application of 

fuzzy set theory to seismic vulnerability assessment. Fifth International 

Conference on Geotechnique, Construction Materials and Environment, 

Osaka, Japan. 

[15] N. Islam, K. S. Roy, K. Islam, M. Imran and A. Hoosain. 2015. Seismic 

vulnerability assessment of existing Reinforced Concrete residential build-

ings by Japanese Method. First International Conference in Advances in 

Civil Infrastructure and Construction Materials (CICM 2015), MIST, Dha-

ka, Bangladesh. (In Press)     

[16] N. Islam, K. S. Roy, and K. Islam, 2015. Use of design of experiment in 

seismic vulnerability assessment for existing RC Buildings by Japanese 

Method. Fifth International Conference on Geotechnique, Construction 

Materials and Environment, Osaka, Japan. 

[17] H. Mahmood and J. M. Ingham, 2011.Seismic vulnerability assessment of 

Pakistan unreinforced masonry buildings at a National scale. Seismologi-

cal Research Letters, 82(5), 676-685. 

[18] R. P. Nanda and D. R. Majhi, 2013.Review on rapid seismic vulnerability 

assessment for bulk of buildings. Journal of the Institution of Engineers 

(India), Series A, 94(3), 187-197. 

[19] B. Kehoe, 2004.Standardizing seismic evaluation of existing buildings, 

13th World Conf. on Earthquake Engineering, Vancouver, B.C., Canada.  

[20] D. B. Hom and C. D. Poland, 2004.ASCE 31-03: Seismic Evaluation of 

Existing Buildings, In Structures 2004Building on the Past, Securing the 

Future, ASCE, 1-9. 

[21] R. Pekelnickyand C. D. Poland, 2012.ASCE 41-13: Seismic Evaluation 

and Retrofit of Existing Buildings, SEAOC 2012 Convention Proceedings. 

[22] N. Alam, M. S. Alam, and S. Tesfamariam, 2012.Building’s seismic vul-

nerability assessment methods: a comparative study. Natural hazards 62(2), 

405-424. 

[23] S. Tesfamariam and M. Saatcioglu, 2010.Seismic vulnerability assessment 

of reinforced concrete buildings using hierarchical fuzzy rule base model-

ling. Earthquake Spectra, 26(1), 235-256. 



A comp. study of seismic risk assessment procedures for existing res. buildings of Dhaka city 

 

349 

 

[24] B. H. Al-Gohi, C. Demir, A.Ilki, M. H. Baluch and M. K. Rahman, 2014. 

Assessing seismic vulnerability of unreinforced masonry walls using elas-

to-plastic damage model, In Seismic Evaluation and Rehabilitation of 

Structures, Springer, 95-114. 

[25] D. S. Marques, A. S. P. De Figueiredo, P. A. L. Coelho, S.Haigh and G. 

Madabhushi, 2014.Centrifuge modeling of liquefaction effects on shallow 

foundations. In Seismic evaluation and rehabilitation of structures, Spring-

er, 425-440. 

[26] A. F. Hassan and M. A. Sozen, 1997.Seismic vul. Assess. of low-rise 

buildings in regions with infrequent earthquakes. ACI Struc. Journal, 94(1). 

[27] M. Hashemi and A. A. Alesheikh, 2012.Development and implementation 

of a GIS-based tool for spatial modeling of seismic vulnerability of Tehran. 

Natural Hazards and Earth System Science, 12(12), 3659-3670. 

[28] F. Neves, A. Costa, R. Vicente, C. S. Oliveira and H. Varum, 

2012.Seismic vulnerability assessment and characterization of the build-

ings on Faial Island, Azores, Bulletin of Earthquake Engineering, 10(1), 

27-44. 

[29] G. M. Calvi, R. Pinho, G. Magenes, J. J. Bommer, L. F. Restrepo-Vélez 

and H. Crowley, 2006. Development of seismic vulnerability assessment 

methodologies over the past 30 Years. ISET Journal of Earth. Technology, 

43(3), 75-104. 

[30] H. Sucuoglu and U. Yazgan, 2003.Simple survey procedures for seismic 

risk assessment in urban building stocks, Seismic Assessment and Rehabil-

itation of Existing Buildings, 97-118, NATO Science Series, IV/29, Edi-

tors: S.T. Wasti and G. Ozcebe, Kluwer. 

[31] Dorka, U. 2005.Personal Communication. 

[32] Standard for Seismic Evaluation and Guidelines for Seismic Retrofit of 

Existing Reinforced Concrete Buildings, 2001 (English Edition), Japan 

Building Disaster Prevention Association. 

[33] S. Otani, 2000.Seismic vulnerability Assessment Methods for Buildings in 

Japan. Earthquake Engineering and Eng. Seismology, 2 (2): 47-56. 

[34] H. Umemura, 1980.A guideline to evaluate seismic performance of exist-

ing medium and low rise RC buildings and its application, Proc. of The 7th 

World Conf. on Earthquake Eng., Istanbul, Turkey, 4: 505-512. 

[35] Y.M. Wu, T.L. Teng, T.C. Shin and N.C. Hsiao, 2003.Relationship be-

tween Peak Ground Acc., Peak Ground Velocity and Intensity in Taiwan. 

Bulletin of the Seismology Society of America, 93(1), 386–396. 

[36] N. Islam, M. J. Alam, A. S. M. F. Hossain. 2015. One Dimensional 

Ground Response Analysis at Distinctive Locations of Bangladesh. First 

International Conference in Advances in Civil Infrastructure and Construc-

tion Materials (CICM 2015), MIST, Dhaka, Bangladesh. (In Press) 
 



350 

CICM 2015 

First International Conference on 

Advances in Civil Infrastructure and Construction Materials 

MIST, Dhaka, Bangladesh, 14–15 December 2015 
 

PERFORMANCE ASSESSMENT OF EXISTING RC GARMENT 

MANUFACTURING FACTORY BUILDING: CASE STUDY IN 

THE CONTEXT OF BANGLADESH 

A. K. M. Golam Murtuz1, Khadiza B. Jalal2, Rifat J. Priti3, Kamrul Islam4 

and M. Shahria Alam5 

1, 2, 3, 4 Department of Civil Engineering, Military Institute of Science and Technology, 

Dhaka, Bangladesh. 

E-mail: 1golam.murtuz.bd@gmail.com, 2nishi_vnsc@hotmail.com, 
3rifatjabin11@gmail.com, 4kamrul1@ualberta.ca 

5School of Engineering, The University of British Columbia, Canada  

Email: shahria.alam@ubc.ca 

 

Abstract. The objective of the present study is to assess the performance of 

the readymade garment manufacturing factory buildings under service 

loading and under natural hazards like earthquake, extreme wind loading 

etc. For this purpose, five garment manufacturing factory buildings were 

chosen randomly based on the availability of the design data. All the 

buildings were then primarily assessed by the rapid screening method to 

determine the vulnerability and level of vulnerability imposed by probable 

earthquake threats. Three rapid screening methods namely the Turkish 

method, Japanese method and ASCE 31-03 method were used and result 

shows a good correlation between Turkish and ASCE 31-03 methods. 

Initial assessment shows a fair to moderate level of vulnerability and 

hence a detailed analysis was performed later on the following five factory 

buildings. Static and dynamic analysis was performed to assess the 

seismic performance of the buildings. The performance of the buildings 

under service loading was investigated based on the performance of the 

column sections in the ground to first floor level. Five representative 

columns from each buildings were selected for this purpose from different 

locations like interior column, corner column and peripheral column. The 

adequacy of these column sections were then assessed using the demand 

data and axial load (P) and Bi-axial moment (MM) carrying capacity of 

the column. Analysis shows that most of the columns are not inadequate 

under existing gravity loading condition. 

Keywords: Performance Assessment, Rapid Screening, Nonlinear 

Analysis, Adequacy 
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1    INTRODUCTION 

In the last decade, Bangladesh’s economy has seen a robust expansion of 

Readymade Garments (RMG) sector with approximately 5600 garments factory 

and an estimated 4 million workers working under this sector [1]. In financial 

year 2012, Ready Made Garments (RMG) industry exported garment products of 

19.1 billion USD, which is accounted for a total of 13% of the country’s GDP 

[2]. Despite of this huge contributions, Garments sector are now being castigated 

due to the recent incident of “Rana Plaza” collapse which causes a total death of 

over 1138 workers [3]. This incident is considered as the most devastating 

accidental structural failure of the modern history based on the number of 

causalities. Such devastation have motivated researchers to concern themselves 

more with the development of suitable and sustainable technique to minimize 

vulnerability of structures subjected to various uncertainty like major 

earthquakes. 

Most of the garment manufacturing factory building are reinforced concrete 

moment resisting frame system. Lack of supervision and corruption leads to the 

construction of sub-standard buildings of this sector in order to incorporate 

maximum profit out of this. Also the violation of the design specification to 

minimize the construction cost is a major concern of vulnerability for this 

structures. Inadequate frame section, low standard material quality and lack of 

quality control are the common problems for most of the garment manufacturing 

factory buildings and thus leads to serious accidental events like “Rana Plaza”. 

Present study aims at to investigate the vulnerability of five garment 

manufacturing factory buildings in terms of factor of safety against service loads 

of various columns in the bottom storey. 

Deadliest earthquakes of last two decades causes several damage to human 

lives and also pose a great threat to worlds economy by destroying important 

infrastructures. For instance, 2010 Haiti earthquake causes fatalities of 

approximately 316000 lives and also damages 250000 residences and 30000 

commercial buildings [4]. 2004 Sumatra (India) earthquake and 2008 Sichuan 

(China) earthquake also causes a total death of 300000 lives and destruction of 

various RC structures [5, 6]. Almost 80000 people were died in Pakistan during 

the devastating earthquake of Kashmir in 2005. Approximately 400000 masonry 

and RC frame structures were severely damaged due to Kashmir earthquake 

among which 7000 were school buildings and hospitals that causes post-

earthquake evacuation and rehabilitation crisis on that region [7, 8]. Beside this, 

major earthquakes such as 1999 Kocalei and Duzec earthquake in Turkey, 1994 

Northridge, 1999 Chi-Chi, 2010 Chile, Japan 2011, New Zealand (2010, 2011), 

Mexico 2011, Indonesia (2010, 2011) have garnered the attention of researchers 

to predict the severity of damages to infrastructures as a result of natural 

disasters. Bangladesh is not also free from that kind of earthquake risk. 
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Bangladesh National Building Code (BNBC) were implemented in the year of 

1993. Many factory buildings were build prior to the development of any 

guidelines or the current codes. Lack of seismic design criteria is a serious 

concern for the existing factory buildings which are built prior to the 

establishment of BNBC, 93. Many of the factory buildings designed as per 

BNBC code might not be adequate against seismic hazard due to re-evaluation of 

the code in its most recent version. Previously divided three seismic zone are 

now further divided into four parts. The seismic zone co-efficient of Zone-II 

(previous code) is going to be increased to 0.20 from the previous zone 

coefficient of 0.15. In spite of this fact, many existing factory buildings were 

designed as residential building and then started functioning as factory. As well 

as illegal vertical extension, installation of heavy machineries, deviation from the 

original design specification, poor construction process etc. make the factory 

buildings highly susceptible to extreme events. 

2    DEVELOPMENT OF CASE STUDY 

Five factory buildings were selected for the analysis based on different 

parameters like number of storey, storey height, Floor area, infill wall condition, 

size and distribution of frame elements, number of bays and span lengths in both 

the longitudinal and transverse direction, concrete compressive strength, type of 

reinforcing steel used for shear and longitudinal reinforcement and location of 

the buildings. Different types of buildings based on the parameters mentioned 

above are selected in order to incorporate the variation of the recent construction 

practices for garment factory buildings. All the buildings are located close by the 

Dhaka city, the capital of Bangladesh. 

2.1 Description of Buildings 

The different parameters of the five garment manufacturing factory buildings are 

summarized in Table 1. Also the plan and 3d view of FB_1 is represented in 

Figure 1. 

2.2   Frame Sections 

The column sections which will be used to evaluate the factor of safety are 

selected basically on two different parameters. Dimensional variation and the 

distribution of the column sections are taken into account as the selection criteria. 

Since the vulnerability of the columns are highly dependent on the section size 

especially for axially loaded column and axial load and bi-axial moment for bi-

axially loaded column. Also the distribution of the column like center column, 

corner column and peripheral column influence the condition of the structure. 

Thus both the issues are incorporated to finally assess the safety factor of the 
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factory buildings. The column sections and their size for five different factory 

buildings are presented in Table 2. 

Table 1: Different parameters of the selected factory buildings. 

Parameters FB_1 FB_2 FB_3 FB_4 FB_5 

Number of storey 5 2 7 6 6 

Bottom storey height (m) 5 5.4 4.7 3 3.7 

Typical storey height (m) 4 5.4 3.5 3 3.2 

Plan area (m2) 335.7 7816.47 3147.31 868.72 605.29 

Number of bays in X-Z plane 6 9 6 6 3 

Number of bays in Y-Z plane 2 10 9 9 3 

Concrete compressive strength for 

column section (MPa) 

20.68 20.68 20.68 19.31 24.5 

Long reinforcement yield strength 

(MPa) 

413 413 413 275 420 

Transverse reinforcement yield strength 

(MPa) 

413 413 413 275 420 

 

Table 2: Section size and reinforcement distribution of the selected columns 
Buildin

g ID 

Grid ID Section Size 

(Depth x Width) 

mm x mm 

Main 

Reinforcement 

Shear Reinforcement 

FB_1 A1, E1, 

F3 

300 x 300 4-21.875mm                       

4-25 mm 

12.5mm @ 150 mm c/c 

C2, E2 350 x 350 10-20 mm 10 mm @ 150 mm c/c 

FB_2 A15 650 x 500 16-20mm 10 mm @ 125 mm c/c 

A16 650 x 500 14-20 mm 10 mm @ 125 mm c/c 

B1 500 x 500 14-15.625 mm 10 mm @ 125 mm c/c 

C1 550 x 500 16-20 mm 10 mm @ 125 mm c/c 

I5 450 x 450 10-15.625 mm 10 mm @ 100 mm c/c 

FB_3 A1 450 x 450 10-20 mm 10 mm @ 150 mm c/c 

A2 450 x 450 12-20 mm 10 mm @ 150 mm c/c 

C2 600 x 600 20-20 mm 10 mm @ 150 mm c/c 

E7, M7 450 x 450 8-28.125 mm 12.5 mm @ 152.4 mm c/c 

FB_4 B2, H1, 

G1', A4' 

450 x 450 8-25 mm 10 mm @ 125-175 mm 

c/c 

G5 300 x 300 8-25 mm 10 mm @ 125-175 mm 

c/c 

FB_5 A6 355.6 x 355.6 8-25 mm 10 mm @ 127 mm c/c 

A4, B6, 

C6, D6 

381 x 381 12-25 mm 10 mm @ 127 mm c/c 
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(a) 

 
(b) 

Figure 1: (a) Plan View, (b) 3D model View 

3   RAPID SCREENING 

Tectonic framework of Bangladesh and adjoining areas indicate that Bangladesh 

lies well within an active seismic zone. The after effect of earthquake is more 

severe in an underdeveloped and a densely populated country like ours than any 

other developed countries. The collision of the northward moving Indian plate 

with the Eurasian plate is the cause of frequent earthquake in the region 

comprising North-East India, Nepal, Myanmar, Bhutan and Bangladesh. 

Earthquake occurring in any of these areas can affect Bangladesh .There is 

general consensus among national and international experts that Bangladesh 

faces significant earthquake risk. Realistic assessment of the seismic risk is, 

therefore, of paramount national importance, as mitigation measures will depend 

on the level of risk. Active fault systems capable of producing large magnitude 

earthquakes are located within the country or within the close neighborhood. 

Absence of strong earthquakes affecting Bangladesh for more than 80 years has 

left us all unaware of the possibility of a strong earthquake. As a natural 

consequence, a majority of buildings in the urban areas of Bangladesh are 

lacking earthquake resistant design. The effect may be further compounded by 

poor quality of materials and construction .Should a major earthquake occur, the 

densely populated cities of Bangladesh with vulnerable infrastructure may be a 

showcase for a massive disaster. Thus the current paper investigates the 

vulnerability of the buildings subjected to earthquake ground motion using three 

rapid screening method. 

3.1 Turkish Method 

The Turkish Method of seismic risk assessment [9, 10, 11] is based on the 

statistical analysis of observed earthquake damages of Reinforced Concrete 

Frame (RCF) buildings in Turkey. This is a very crude and handy method that 

uses very basic structural information of a building and presents a level of 

seismic risk in terms of performance score. This method can be used in countries 

like Bangladesh where standard building codes are not followed and seismic risk 

assessment of buildings have not been done yet. It gives a preliminary idea about 
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the general standard of construction with respect to seismic hazard. This method 

uses the Performance Scores (PS) to classify the buildings as “safe”, “unsafe” 

and “Moderate” to seismic hazards. The buildings classified as “Safe” for PS 

greater than 70, “Moderate” 50 to 70 and “Unsafe” PS less than 50. The result is 

summarized in the following table. 

3.2 Japanese Method 

The Japanese method of seismic performance assessment of existing RC 

buildings evaluates the performance of the buildings based on ductility of the 

buildings, their ultimate strengths and failure modes. A basic seismic index is 

calculated for each story based on which the building is rated as either safe or 

unsafe. Following table shows summarizes the result obtained from the Japanese 

method. 

Table 3: Risk classification of five factory buildings according to Turkish method 

Building ID PS Scores Risk Classification 

Level1 Level2 Level 1 Level 2 

FB_1 75 72 safe safe 

FB_2 120 125 safe safe 

FB_3 75 52 safe Moderate 

FB_4 50 38 Moderate unsafe 

FB_5 90 77 safe safe 

Table 4: Seismic performance of five factory buildings according to Japanese 

methods 

Buildin

g ID 

 ( Is ) Floor No Is

o 

Remar

ks 1st 2nd 3rd 4th 5th 6th 7th 

FB_1 X 3.32 1.77 1.18 .88 1.72

6 

1.45

6 

1.248  Safe 

Y 5.51 3.23 2.15 1.1

6 

0.71 1.86

7 

1.56  Safe 

FB_2 X 0.51 0.23 - - - - -  unsafe 

Y 0.39 0.17 - - - - - unsafe 

FB_3 X 2.28 1.20 0.80 0.6

0 

0.52 - - 0.

68 

Safe 

Y 3.52 2.02 1.35 1.0

1 

0.85 - - Safe 

FB_4 X 4.59 226 1.50 0.7

1 

1.29 - - Safe 

Y 4.26 2.09 1.39 2.4

83 

1.09 - - Safe 

FB_5 X 2.22 1.07 0.74 0.5

5 

0.44 - - Safe 

Y 2.07 1.00 0.69 0.5

1 

0.4 - - Safe 
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3.3 ASCE 31-03 Method 

Analysis of the five factory buildings using ASCE 31-03 [12] method evaluates 

all the buildings as “Fair” which means their performance during major seismic 

disturbance is anticipated to result in structural and nonstructural damage and/or 

falling hazards that would represent low life hazards. Buildings with this rating 

would be given low priority for expenditures to improve their rating as “Good”. 

The obtained result is shown in Table 5. 

Table 5: Seismic performance according to ASCE 31-03 method 

Building 

ID 

NC 

Items 

Description of NCs Final 

Assessment 

FB_1 Mass Change in effective mass more than 50% 

between ground floor and first floor 

Fair 

FB_2 Nil Change in effective mass more than 50% 

between ground floor and first floor 

Fair 

FB_3 Mass Change in effective mass more than 50% 

between ground floor and first floor 

Fair 

FB_4 Nil Change in effective mass more than 50% 

between ground floor and first floor 

Fair 

FB_5 Nil Change in effective mass more than 50% 

between ground floor and first floor 

Fair 

3.4   Comparison of Three Methods 

Comparison of three rapid screening method shows a good correlation between 

the Turkish method and ASCE 31-03 methods. Performance of the buildings 

according to different methods are represented below in Table 6. 

     Table 6: Comparative assessment of seismic risk of factory buildings 

Building 

ID 

Turkish Method Japanese 

Method 

ASCE31-

03 
Remark 

Level-1 Level-2 

FB_1 Safe Safe Safe Fair 
Turkish and ASCE31 

result commensurate 

FB_2 Safe Safe unsafe Fair 
Japanese and ASCE31 

result commensurate 

FB_3 Safe Moderate Safe Fair 
Turkish and ASCE31 

result commensurate 

FB_4 Moderate Unsafe Safe Fair 
Turkish and ASCE31 

result commensurate 

FB_5 safe safe Safe Fair 
Turkish and ASCE31 

result commensurate 
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     Comparative assessment of the five factory buildings indicate a potential 

vulnerability of the structures under seismic loading. Hence the study is further 

expanded to justify the result of rapid screening method with different nonlinear 

analysis procedure. 

4 SEISMIC SAFETY ASSESSMENT OF BUILDINGS 

Seismic vulnerability of the garment buildings are assessed through the results 

obtained from dynamic analysis. The maximum storey drifts in each direction 

were compared to the code specified limits of drift demands for different 

performance objectives. The guidelines for the drift demands considered were 

Bangladesh National Building Code (BNBC) [13] guideline, ATC-40 [14, 16] 

and FEMA-356 [15, 16] guideline. The code specified limit state values for drift 

demands are summarized in the following Table 7. 

Performance of the buildings according to the code specified storey drift 

limits are represented in the Table 8 and Table 9. Result shows different level of 

performance for different buildings. 

Table 7: Storey drift limits value according to ATC-40, FEMA-356 and BNBC 

guideline. 

Storey drift limit state values according to the ATC-40 guideline 

Performance 

Level 

Immediate 

Occupancy 

Damage 

Control 

Life 

safety 

Structural 

Stability 

Storey Drift 

Limits 
1% 1-2% 2% 7% 

Storey drift limit state values according to the FEMA-356 guideline 

Performance 

Level 

Fully 

Operational 
Operational 

Life 

Safe 

Near 

Collapse 

Storey Drift 

Limits 
0.20% 0.50% 1.50% 2.50% 

Storey drift limit state values according to the BNBC guideline 

Maximum 

Storey Drift 

Limits 

0.015h; h is the storey height below level x 
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(a) 
 

(b) 

 
(c) 

 
(d) 

 
(e) 

 
(f) 

Figure 2: Building elevation storey drift plot for (a) Factory Building 1, (b) Factory 

Building 2, (c) Factory Building 3, (d) Factory Building 4, (e) Factory Building 5 

and (f) Legends. 
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Table 8: Basic seismic performance of factory buildings according to FEMA-356 

guideline. 

Seismic performance of buildings according to FEMA-356 

Buildi

ng ID 

Performance Level 

Static Analysis Dynamic Analysis 

Fully 

Operatio

nal 

Operatio

nal 

Lif

e 

Saf

e 

Near 

Colla

pse 

Fully 

Operatio

nal 

Operatio

nal 

Lif

e 

Saf

e 

Near 

Colla

pse 

FB_1 
  

X   
 

  

X 

FB_2 X 
  

  X 

   FB_3 
  

X   
 

  

X 

FB_4 X 
  

  X 

   FB_5   X       X     

Table 9: Basic seismic performance of factory buildings according to ATC-40 

guidelines. 

Seismic performance of buildings according to ATC-40 

Buildi

ng ID 

Performance Level 

Static Analysis Dynamic Analysis 

Immedi

ate 

Occupa

ncy 

Dama

ge 

Contr

ol 

Life 

Safe

ty 

Structu

ral 

Stabilit

y 

Immedi

ate 

Occupa

ncy 

Dama

ge 

Contr

ol 

Life 

Safe

ty 

Structu

ral 

Stabilit

y 

FB_1 
 

X 
 

  
 

  

X 

FB_2 X 
  

  X 

   FB_3 X 
  

  
 

  

X 

FB_4 X 
  

  X 

   FB_5 X       X       

Seismic performance of the factory buildings were assessed considering the 

maximum drift % in either of the x direction or in the y direction. Result shows 

that the FEMA-356 guideline is more conservative as compared to the ATC-40 

guideline. As per, FEMA-356 guideline performance of FB_1 and FB_2 were 

found to be in the life safety performance level under static analysis and in the 

near collapse performance level for dynamic analysis. The same two buildings 

were found immediate occupancy category under ATC-40 guideline except the 

conformation of FB_3 which indicates a structural stability performance level. 

Observation shows that the performance level obtained from FEMA-356 

guideline matches with the performance of the buildings assessed Turkish 

method of rapid screening procedure. 
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5   PERFORMANCE UNDER SERVICE LOADING 

The performance of the buildings under service loading was initially attributed to 

the performance of the frame sections specially the load carrying capacity of the 

column sections. Spatial distribution of the columns are important for assessing 

the global performance of the buildings. Thus the current study selected five 

column sections from ground floor to first floor level with different spatial 

distribution namely center column, corner column and peripheral column. Their 

capacity to withstand the existing gravity loads were assessed using the column 

capacity ratio parameter or column PMM ratio. The axial load and biaxial 

moment carrying capacity of individual column sections are compared with 

relative demand parameter and finally the individual columns are assigned with a 

PMM ratio value. The numerical value of the PMM ratio varies from zero to 

higher values. Capacity and demand of the frame sections are perfectly matched 

when the PMM ratio is exactly 1 and increased value (PMM>1) of column 

capacity ratio indicates inadequacy of the sections under vertical loads. Result 

shows that almost 68% of the selected columns are overstressed for various load 

combinations. All the columns of three factory buildings were found overstressed 

and hence required to enhance their capacity under gravity loads. Figure 3 

summarizes the result of the five factory buildings in a bar diagram. 

 
(a) 

 
(b) 

Figure 3: Column capacity ratio (PMM ratio) for (a) Factory building 1, (b) Factory 

building 2 
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(c) 

 
(d) 

 
(e) 

Figure 3 (continue): (c) Factory building 3, (d) Factory building 4, and (e) Factory 

building 5. 

6   CONCLUSIONS 

The performance of the buildings under service load is quite vulnerable. Most of 

the columns considered were overstressed under the normal service loading 

condition and hence prone to failure under critical circumstances like earthquake 

events or any increase beyond the present loading condition. The study can be 

summarized as follows- 

 Result shows that the factor of safety against axial load is far more than 1 

and hence the columns are able to carry the axial load alone when 

considered concentrically loaded. 

 In case, when column axial load is coupled with the bi-axial moment its 

factor of safety goes below 1 and hence shows the vulnerability of 

eccentrically loaded columns. 

 Building shows vulnerability under seismic loading condition in terms of 

storey drifts. Thus the global response of the buildings subjected to lateral 

loading like earthquake and wind should be investigated further to predict 

the level of damage after an extreme event. 

 In order to get insight into the dynamic behavior of the structures it is 

recommended to perform more deliberate dynamic analysis like static 
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pushover analysis, dynamic time history analysis etc. in order to find the 

susceptibility to failure and predict the probable level of damage after any 

earthquake events. 

 Columns found vulnerable can be strengthen through various retrofit like 

concrete jacketing, steel encasing, ECC jacketing, FRP wrapping etc. 

 Further study can be carried out to find the most suitable retrofit method in 

the context of Bangladesh with respect to economy and technology 

available. 

From the above discussion it is evident that most of the factory buildings are 

vulnerable under existing loading condition and can leads to a progressive 

collapse under extreme seismic events. Hence the author’s suggest further 

investigation regarding the safety of this sector in order to ensure the satisfactory 

performance of garment manufacturing factory buildings under different loading 

conditions. 
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Abstract: In this study, an analytical approach has been carried out to 

investigate the effect of SMA used in beam in the concrete frame structures.  

Three reinforced concrete (RC) buildings of different stories (3, 6 and 8) are 

taken into consideration. Reinforcement detailing are different for each type of 

building. For 3, 6 and 8 storey all beams are reinforced as fully steel 

reinforcement (Steel), SMA rebar in the plastic hinge region of the beams and 

steel rebar in other regions (Steel-SMA), and with SMA rebar (SMA). For each 

case, columns are reinforced with steel rebar. Nonlinear static pushover 

analyses, nonlinear incremental dynamic time history analyses and linear 

dynamic time history analyses were performed to determine the overstrength 

factor (Ro), ductility reduction factor (Rd) and finally response modification 

factor (R) of the considered buildings. In addition, the supply and demand of 

ductility reduction factors are also compared. The results indicate that the code 

proposed response modification factors can be used for the SMA RC and Steel-

SMA RC frames. 

 

Keywords: Overstrength factor, Ductility reduction factor, Response 
modification factor, Ductility, RC frame, Shape memory alloy.
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1 INTRODUCTION 

Generally, the current seismic design codes including the National Building Code 

of Canada [1] recommend a force-based design of structures. The technique is 

based on the postulation that well-detailed structures be able to withstand lateral 

forces in excess of their design strength and maintain large inelastic deformation 

without collapse [2]. The force-based approach generally considers a reduction in 

the elastic base shear so that the structures acquire considerable reserve strength 

(over-strength) and ductility. These two properties are included in the structural 

design through a response modification factor (R), which represents a ratio of the 

elastic base shear (Ve) of a structure under a specified ground motion to the 

design base shear (Vd). The role of the response modification factor is very 

important in designing the seismic load resisting structures. This factor was first 

introduced in 1984 by the Applied Technology Council [3], and there was no 

specific guideline about response modification factor.  In 1995, ATC-19 and 

ATC-34 [4-5] provided a detailed guideline in calculating response modification 

factor of a structure by considering its overstrength, ductility reduction, and 

redundancy factor. The present Canadian code [1] accounts for ductility and 

overstrength to compute response modification factor. Besides NBCC [1], US 

codes [6-7] also accounts for reserve strength and ductility for calculating 

response modification factors [5]. 

Many earthquakes have caused devastation resulting in permanent damage 

and collapse of many important buildings and bridges, which were designed as 

per force based method. Recent earthquakes in New Zealand (2010, 2011), Haiti 

(2010), Chile (2010) and China (2008) highlight the vulnerability of such 

reinforced concrete structures due to seismic related damages and their resulting 

impact on the economy. Nevertheless, conventional steel RC structures 

experience high residual drifts during large earthquakes, which is often 

responsible for serviceability issues and structural collapse of a building. Recent 

experimental and analytical investigations have reported its potential uses in 

mitigating seismic induced damages of civil engineering structures [8-9].  In the 

plastic hinge regions of RC columns SMA bars is used [10] to reduce its 

permanent deformation, and less residual drift is observed in RC columns. An 

experimental study [11] used different reinforcement ratios ranging from 0.1% to 

0.9%, and found that the residual deformation for SMA reinforced beam was 

only
 
20% to that of a steel reinforced beam. Shape memory alloys material is 

used for the seismic isolation of bridge [12-13] using isolation systems based on 

flats sliding bearing. 

The current study provides a detailed view of the response modification factor 

(R) for SMA induced frame structures. Inelastic pushover analyses are performed 

to determine their overstrength factors and ductility. Linear dynamic and 

nonlinear incremental dynamic time history analyses are performed to determine 
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the ductility reduction factor. Additionally, ductility reduction factor and 

response modification factor demand for the investigated structures are also 

computed by using empirical models, which are then compared with the 

analytical results. 

2 RESPONSE MODIFICATION FACTOR 

The actual lateral capacity, Vy is usually observed by performing pushover 

analyses. The overstrength factor (Ro) is defined as the ratio of the actual lateral 

strength (Vy) to the design lateral strength (Vd). 

d

y
o

V

V
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(1) 

 

     The ductility reduction factor (Rd) is defined as the ratio of the maximum base 

shear for an elastic system (Ve) to the maximum base shear (Vy) for an elastic 

perfectly plastic system. 
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     Finally, the response modification factor (R) is obtained by dividing the 

elastic strength (Ve) to the design strength (Vd) or by multiplying the ductility 

reduction factor (Rd) to the over-strength factor (Ro). 
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     Quantification of the actual overstrength is important as it can be employed to 

reduce the forces used in the design, hence leading to more economic structures 

[14-15]. Figure 1 shows the actual nonlinear behavior of an RC frame in terms of 

base shear versus roof top displacement, which is idealized by a bilinear elastic-

perfectly plastic relationship. The way to compute the elastic base shear is shown 

graphically in Figure 2.  

 

3 PROPERTIES OF SHAPE MEMORY ALLOYS AND ITS 

MODELLING 

Super-Elasticity (SE) of SMA is a special property that makes SMA unique and 

exclusive compared to other structural materials.  SE SMA can return to its 

original position, even from its inelastic range, upon unloading or by heating. 

Among different compositions, Ni-Ti has been the most suitable SMA for 

structural applications because of its huge recoverable strain, super elasticity and 

extremely good resistance to corrosion [7]. When an SMA is subjected to a cycle 

of axial deformation within its super elastic strain range, it dissipates a definite 

quantity of energy without permanent deformation. This has resulted due to the 
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phase transformation between austenite and martensite during loading and 

unloading. Generally, civil engineering applications of SMA are associated with 

the use of bars and wires, so one-dimensional phenomenological models are 

often considered suitable. A number of finite element software, [16-17] 

incorporated the superelastic behaviour of SMA. 

 

Figure 1: The relationships between force reduction factors (R), overstrength 

factor (Ro), ductility reduction factor (Rd), and displacement ductility (µ) (Mwafy 

and Elnashai, 2002 with permission).  

 

 

 

 

 

 

 

 

Figure 2: Comparison between the ductility reduction factor (Rµ) and the 

definition of Rc,ay (Mwafy and Elnashai, 2002 with permission) 

4 DESIGN OF FRAME STRUCTURES 

In the present study 3, 6, and 8-storey frame buildings have been considered, 

where each building has three different types of rebar arrangements in its beams, 

i.e. Steel, Steel-SMA and SMA as described in Section 1. Each building has five 
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bays in both directions with the same bay length of 5m each [18]. These RC 

buildings have been analyzed as per NBCC [1] and designed according to CSA 

A23.3-04 (2004) considering as ductile moment resisting frames. The buildings 

are considered to be located in western Canada, and the seismicity of this region 

is obtained from NBCC [1]. Table 1 shows the material properties used for the 

design and analysis of the buildings adopted from Alam et al. [19]. 

 

5 MATERIAL PROPERTIES USED IN THE FINITE ELEMENT 

PROGRAM 

Table 1: Material properties used in the finite element program 

     The plan of the investigated buildings is kept similar to each other and the 

storey height is 3 m for all the buildings. The reinforcement of the building has 

been detailed as per Canadian standards (CSA A23.3-04) and Tables 2 and 3 

show the member sizes and the reinforcement detailing of columns and beams, 

respectively.  The 20 columns located along the perimeter of the buildings are 

designated as C2, and the remaining interior 16 columns are designated as C1. In 

the case of Steel-SMA building SMA bars have been used in the plastic hinge 

regions of the beam, and steel reinforcements have been used in the remaining 

parts of the beam. The plastic hinge length of the beam is estimated using an 

analytical expression proposed by Paulay and Priestley (1992). In this study it is 

assumed that steel and SMA rebar are coupled together using mechanical 

anchorages/couplers [20]. 

Material Mechanical Property Value 

 Compressive strength (MPa) 35 

Concrete Tensile strength (MPa) 3.5 

 Strain at peak stress (%) 0.2 

Steel 

Modulus of elasticity (MPa) 200,000 

Yield strength (MPa) 400 

Strain hardening parameter 0.5 

SMAs 

Modulus of elasticity (MPa) 60,000 

Austenite to martensite starting stress (MPa) 400 

Austenite to martensite finishing stress (MPa) 500 

Martensite to Austenite starting stress (MPa) 300 

Martensite to Austenite finishing stress (MPa) 100 

Super elastic plateau strain length (%) 6 
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Table 2: Column size and reinforcement arrangements 

Table 3: Beam reinforcement details 

Storey  
Id. 

Beam  
Id. 

Size 
(mm x 
mm) 

Section Id. 

Section 1-1 Section 2-2 Section 3-3 

Top Bottom Top Bottom Top Bottom 

3-storey B1 300x450 3-20M 3-20M 3-20M 3-20M 3-20M 3-20M 

6-storey 
B1 300x500 3-25M 5-20M 3-25M 5-20M 3-25M+2-20M 3-20M 

B2 300x500 3-20M 3-20M 3-20M 3-20M 3-20M 3-20M 

8-storey 
B1 300x500 3-25M 5-20M 3-25M 5-20M 3-25M+2-20M 3-20M 

B2 300x500 3-20M 3-20M 3-20M 3-20M 3-20M 3-20M 
 

 
Figure 3:  Typical longitudinal section of beam reinforcement. 

Storey 
Id 

Floor 
level 

Description 
Column ID 

C1 C2 

3-Storey  Up to roof 
Size (mm x mm) 375x375 300x300 

Main reinforcement 8-15M 4-20M 

6 -Storey  

Up to 3rd floor 
Size (mm x mm) 450x450 300x300 

Main reinforcement 8-25M 6-20M 

3rd floor to roof 
Size (mm x mm) 450x450 300x300 

Main reinforcement 8-20M 4-20M 

8-Storey  

Up to 3rd floor 

Size (mm x mm) 500x500 300x300 

Main reinforcement 8-25M 6-25M 

3rd floor to roof 
Size (mm x mm) 500x500 300x300 

Main reinforcement 6-25M 6-20M 
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     Figure 3 shows the reinforcement detailing of a typical beam. For 3-storey 

building, beam B1 is used in all the storeys, where the longitudinal 

reinforcements for all the beams at different floor levels are similar.  For both 6 

and 8-storey frames, beam B1 is used for the lower first three storeys, and in the 

case of upper part of the building beams B2 is used. From sectional analyses 

moment curvature relationships have been developed for the considered beam 

sections to determine the effective stiffness for the SMA reinforced and steel 

reinforced concrete sections. The moment curvature relationships for SMA and 

steel reinforced sections are illustrated in Figure 4.  The effective stiffness for the 

Steel RC section is 2.2 to 2.8 times higher than that of the SMA RC section. 

  

 
(a) 

 
 (b) 

 
(c) 

 
 (d) 

Figure 4: Moment curvature relationship for (a) B1 of 3-storey frame (b) Section 

1-1 and 2-2 for Beam B1 for both 6-and 8-storey frame, (c) ) Section 3-3 for 

Beam B1 for both 6- and 8-storey frame and (d) beam B2 for both 6 and 8-storey 

frame. 

     The lower limit is obtained for section 3-3 of beam B1 for both 6 and 8-storey 

frames whereas the upper limit 2.8 is obtained for the beam of 3-storey frame. 

This effective stiffness value is then used to determine the fundamental period of 

the structures using SAP 2000 (CSI 2010) [21]. Eigen value analyses were 

performed by considering the uncracked section and the effective stiffness 

method for all the frames to determine their fundamental periods (Table 4). The 

analyses results show that the use of SMA as reinforcement in beams increases 

the fundamental period of the structure compared to mild steel, because of 
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SMA’s lower modulus of elasticity. As the stiffness decreases, the period of the 

structure increases.  

 
Table 4: Fundamental period of the structure 

Storey 
Id 

Fundamental period, T1 (sec) 

Code 
prediction 

Uncracked section  Effective stiffness, Keff 

 Steel SMA 
Steel-
SMA 

 Steel SMA 
Steel-
SMA 

3 0.39 0.26 0.26 0.26  0.39 0.42 0.41 

6 0.66 0.49 0.49 0.49  0.67 0.74 0.70 

8 0.81 0.68 0.68 0.68  0.86 1.00 0.93 

 

The serviceability limits states have also been checked against deflection, 

which has been found satisfactory for all SMA RC elements, as well as Steel-

SMA RC frames as per CSA A23.3-04. For instance, the maximum allowable 

deflection limit for the frame beams is 10.4 mm. From analyses it has been 

observed that the 8 storey SMA-RC frame experienced the maximum deflection, 

which is only 6.4 mm, compared to 10.4 mm, as per CSA standards. 

6 ANALYTICAL MODELS 

 SeismoStruct (2010) [17] software has been used to perform pushover analysis, 

linear and nonlinear dynamic time history analyses. 3D beam-column elements 

have been used for modelling the beam and column where the sectional stress-

strain state of the elements is obtained through the integration of nonlinear 

uniaxial stress-strain response of the individual fibres in which the section has 

been subdivided.  For nonlinear, pushover and incremental dynamic time-history 

analyses, inelastic displacement-based frame elements have been used for beams 

and columns whereas elastic frame elements have been used for linear dynamic 

analyses. Concrete has been represented using the constitutive relationship 

proposed by Mander et al. (1988) and the cyclic response by Martinez-Rueda and 

Elnashai (1997), and a bilinear kinematic strain hardening model is used for steel. 

SMA has been modelled according to the model of Auricchio and Sacco (1997), 

and the parameters used to define the material model were discussed in the 

previous section. The beam and column were divided longitudinally into 8 and 4 

elements, respectively, where two of the beam elements represent the plastic 

hinge region of the beam at each beam-column joint region. Each beam and 

column element was divided transversely into 200 by 200 fibre elements. In the 

case of the Steel-SMA frame, the beam-column joint has been represented by the 

model [22], to consider the slippage of SMA rebar inside the coupler.  
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7 PUSHOVER ANALYSES 

Pushover analysis has been performed for each building using SeismoStruct 

(2010) considering a 2D interior frame. A triangular lateral load distribution has 

been considered to perform nonlinear pushover analyses. The vertex of the 

triangular load is considered at roof level, whereas the apex of the load is 

considered at the base of the building. The pushover response curves are shown 

in Figures 6 (a), (b) and (c) for 3, 6, and 8 storey buildings, respectively. 

  

 
(a) 

 

(b) 

Figure 6: Pushover curve for (a) 3-storey, (b) 6-storey 

 
(c) 

Figure 5: (c) 8-storey frame 

     In the case of pushover response curves for 3-storey frames (Figure 5 a), the 

ratio of lateral capacities (Vy)  to the design base shear (Vd) for Steel, Steel-SMA 

and SMA RC frames are 1.45, 1.45 and 1.42.  These ratio which is defined as the 

overstrength factor reached the capacity at a roof displacement of (169 mm), 

(205 mm) and (230 mm), respectively. For 6-storey frames (Figure 5 b), the 

capacity (Vy) is larger for SMA RC comparing to Steel, Steel-SMA frames. The 

ratio is 1.59 times the design base shear (Vd) which the corresponding to a roof 

displacement (351 mm), almost 10% higher than other two types of frames. 

Higher roof displacement is observed for  8-storey frames as shown in (Figure 5 
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c) which are (383 mm),  (538 mm) and (586 mm) providing the lateral capacities  

1.55, 1.61 and 1.68 times the Vd for Steel, Steel-SMA and SMA RC frames, 

respectively. The initial stiffness of Steel, Steel-SMA and SMA RC frames were 

similar for each type of frames. Before cracking SMA and Steel resist the forces 

but after the development of crack SMA rebar becomes effective in resisting 

forces, as a result reduced stiffness is observed for Steel-SMA and SMA RC 

frames, compared to that of Steel RC frames. 

  

 

 
Figure 6: Inter-storey drift distribution for 6-storey 

 

     Figures 6 show the distribution of inter-storey drifts at collapse as observed 

from the pushover analyses over different floor levels for 6-storey frame.  Other 

inter storey drift curve is explained in [18]. When the base shear of the frame 

reaches its maximum capacity the inter-storey drift of the investigated frame is 

calculated. Here, the inter-storey drift capacity is considered as the maximum 

inter-storey drift at collapse, which is the state when the beams and columns of 

different storeys have failed and the frames are not capable of taking any further 

load, i.e. the point of maximum load [19]. In all cases, Steel RC frames exhibited 

the highest stiffness and lowest inter-storey drift. The maximum inter-storey drift 

is observed as 3.1, 3.9 and 4.2 percent for the Steel, Steel-SMA and SMA RC 

frames, respectively [19]. 

8 DYNAMIC TIME-HISTORY ANALYSES 

Incremental nonlinear dynamic time history analyses were performed for each 

frame using nine real earthquake data and an artificial earthquake ground motion 

data developed by Atkinson (2009) [23] for the city of Vancouver. This time 

history analyses were conducted to determine performance of three building in 

terms of Response modification factor supply, Ductility reduction factor supply. 

Ten different earthquake data are considered which is adopted from [19]. These 

accelerograms were chosen such that they represent the seismic characteristics of 
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the site of the structure. All earthquake data are scaled considering 5% damping 

spectral acceleration with respect to the NBCC [1] spectral acceleration of 

Vancouver.  

9 RESULTS AND DISCUSSIONS 

In this study the supply and demand of response modification factor (R) has been 

computed for different reinforced concrete frames. 

8.1 RESPONSE MODIFICATION FACTOR (R) SUPPLY 

Table 5 shows the elastic base shear (Ve) for the considered frames. The 

arithmetic average of the ten elastic base shear is used to compute the ductility 

reduction factor and the response modification factor. From Table 5 it can be 

concluded that the elastic base shear completely depends on the characteristic of 

the earthquake records.  The elastic base shear observed for earthquake record 

LGP is much higher than the average values whereas for the ChiChi-longt the 

value is much lower compared to the average one for all types of frames. The 

summary for the response modification factor (R) supply is presented in Tale 6. 

Table 5: Elastic base shear Ve 

Types of 
RC frames 

ART ATS BTS 
ChiC

hi-
longt 

Chy-
006 

Chy-
019E 

Chy-
019N 

HBP LGP TTN Avg. 

3 SMA 3619 5328 8624 2332 6255 3013 3896 10104 28834 3822 7583 

3 Steel-
SMA 

3619 2420 4617 2332 7216 4645 7216 3932 20710 1433 5814 

3 Steel 3800 5808 8315 2332 6735 3658 6762 9782 17799 2866 6786 

6 SMA 4102 10074 21222 2275 14980 4732 4690 9044 19045 8649 9881 

6 Steel-
SMA 

5127 11230 20915 2225 10943 11603 10577 16137 25208 7842 12181 

6 Steel 6896 13112 18640 2543 10943 11853 10577 6926 18467 7842 10780 

8 SMA 12402 17517 13740 2596 25546 17064 10636 9670 32167 7696 14904 

8 Steel-
SMA 

9286 10789 17114 2714 6016 5958 7305 34712 43246 17927 15507 

8 Steel 11956 11071 14514 2784 23278 11153 15277 24518 36995 15780 16733 
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Table 6 : Response modification factor (R) supply 

 

 

Figure 8 (a) shows the comparison of the overstrength factor (Ro) for different 

types of frames considered in this study. Although NBCC [1] specifies (Ro) as 

1.7 for ductile reinforced concrete buildings, the result of this study shows that 

the framing system offers a lower overstrength factor in all cases where it was on 

an average 15%, 9% and 5% lower for 3, 6 and 8 storey frames, respectively. 

This might be due to not considering the slab action during analysis. From Figure 

7 (a) it can be observed that although SMAs have lower modulus of elasticity 

compared to regular steel, SMA RC frames offer almost similar overstrength 

factor (Ro). The overstrength factors of 6 and 8-storey SMA RC frames are 

slightly higher than those of the Steel and Steel-SMA RC frames, but in the case 

of the 3-storey frame this values is slightly lower for SMA RC frames.  

     The ductility reduction factor (Rd) supply obtained in this study is presented in 

Figure 7 (b). In this study the minimum ductility reduction factor obtained is 10.0 

for the 3-storey Steel-SMA RC frame. The ductility reduction factor (Rd) supply 

obtained from this study is inconsistent in pattern. In the case of 3-storey frames, 

the SMA RC frame offers more ductility reduction factor compared to Steel-

SMA and Steel RC frames.  But in the case of 6 and 8-storey frames, Steel-SMA 

and Steel RC frames offer higher ductility reduction factor (Rd) compared to 

SMA RC frames. The Response modification factor (R) supply obtained in this 

study is illustrated in Figure 7 (c). NBCC-2005 [1] proposes response 

modification factor of 6.8 for ductile moment-resisting reinforced concrete 

buildings, but in this study the minimum response modification factor (R) supply 

obtained is 14.5 for the 3-storey Steel-SMA RC frame. The highest response 

modification supply is offered by the 8-storey Steel RC frame.  In the case of 3-

storey frames, the SMA RC frame offers a higher response modification factor 

compared to the Steel-SMA and Steel RC frames. In the case of 6-storey Steel-

  3 storey  6 storey  8 storey  

Parameters Steel 

 

Steel- 

SMA 

 

SMA 

 

Steel 

 

Steel- 

SMA 

 

SMA Steel 

 

Steel- 

SMA 

 

SMA 

Overstrength factor, 
Ro 

1.45 1.45 1.42 1.52 1.53 1.59 1.55 1.61 1.68 

Ductility, µ 2.34 1.92 1.79 1.85 1.61 1.56 2.12 1.96 1.74 

Ductility reduction 
factor, Rd 

11.3 10.0 13.3 11.7 13.4 10.9 15.9 14.9 14.6 

Response 
modification factor, R 

16.4 14.5 18.9 17.8 20.5 17.4 24.7 24.1 24.6 
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SMA and 8-storey Steel RC frames, they supply a greater response modification 

factor compared to the other frames. 

 
 

(a) 

 
 
 (b) 

 
(c) 

Figure 7: (a) Over-strength factor, Ro for different storeys and frame types, (b) 

Ductility reduction factor (Rd) supply for different storeys and frame types (c)  

Response modification factor (R) for different storeys and frame types. 

 

    

8.2 RESPONSE MODIFICATION FACTOR (R) DEMAND 

The ductility reduction factor (Rd) demand is calculated by using the system 

ductility (μ) [24] and they also proposed an equation [Eq. 4] to calculate the 

ductility reduction factor.  

1
1








dR

                                                                           [1]     

2)6.0)(ln(5.1

2

1

10

1
1 


 Te

TTT 


                                          [2]     

Where T is the fundamental period of the structure, µ is the system ductility and 

Φ is a coefficient reflecting soil condition. The ductility reduction factor and 
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response modification factors are calculated by using the equation 4 and 5 as 

demand, which are presented in Figures 8 (a) and (b).  

    The results show that the ductility reduction factor demand increases with the 

increase of number of stories. Although NBCC [1] specifies ductility reduction 

factor as 4.0 for ductile moment-resisting reinforced concrete buildings, the 

maximum demand obtained from this study is 2.24 for the 8-storey Steel RC 

frame.  The ductility reduction factor demand is less for the SMA RC frames, 

compared to the Steel-SMA and Steel RC frames for 3, 6 and 8-stories. The 

ductility reduction factor supply-demand ratio is presented in Figure 8 (c). The 

results show that the ductility reduction supply demand ratios for SMA and Steel-

SMA RC frames are higher compared to that of Steel RC frames of different 

stories. 

 

 

 

 

 

 

 

 

 

 

(a) 

 

 
                (b) 

 

 
(c) 

Figure 8:  (a) Ductility reduction factor (Rd) demand for different storeys and 

frame, (b) Response modification factor (R) demand for different storeys and 

frame types, (c) Ductility reduction factor (Rd) supply-demand ratio for different 

storeys and frame types 
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10 CONCLUSIONS 

In this study the effect of SMA as reinforcement in concrete frame structures is 

investigated, where three different types of reinforced concrete (RC) building of 

different stories (3, 6, and 8) are considered. For each type of frame, three 

reinforcement detailing i) only steel as RC material ii) steel-SMA, where SMA is 

used only in the plastic hinge region of the beam and steel in the other region and 

iii) SMA is used as RC in the full length of beam (SMA-RC).  

 

1. From push over analysis, lateral base shear capacities are almost similar 

for all types of frames (3,6 and 8 stories) before cracks developed in the 

beam. But after the development of crack SMA-RC show much reduced 

stiffness compared to steel RC frames.  The overstrength factor vary in 

between 1.45 to 1.52 for 3 storey frame, 1.45 to 1.61 times for 6 storey 

and 1.42 to 1.68 times for 8 storey frame for steel, steel-SMA and SMA 

RC frames respectively which is almost similar. Though the higher 

stiffness is observed, lower inter-storey drift is found for steel-RC frames 

comparing to SMA-RC frames. 

2. The overstrength factor increases with increasing the number of storey, 

however SMA-RC possess slightly lower overstrength compared to steel 

RC frames. Due to the lower modulus of elasticity of SMA it experience 

higher flexibility and reduced stiffness which causes delay in achieving 

the capacity.  

3. From the displacement ductility calculation, lesser ductility is observed 

for SMA-RC frames compared to Steel-RC frames and steel-SMA 

frames. For 3, 6, and 8 storey the ductility is almost 30%, 20%, 21% and 

22%, 15%, 8% lesser for Steel-RC and SMA-RC frames respectively. 

4. Higher ductility reduction factor (Rd) supply is found for the frames with 

increasing the number of storey. Though the value of ductility reduction 

factor (Rd) is larger in SMA-RC frame for 3 storey, but for 6 and 8-storey 

frame Rd is higher for steel-RC and Steel-SMA frames comparing to 

SMA-RC frames.  

5. Response modification factor also follow the same pattern as ductility 

reduction factor where higher response modification factor is found for 6 

and 8-storey steel-RC and steel-SMA frames compared to SMA-RC 

frames. 

6. The ductility reduction factor is less for the SMA-RC frames compared 

to the steel-SMA and steel-RC frames for 3, 6, and 8 stories. From the 

result of ductility reduction factor supply-demand ratio it is observed that 

SMA-RC frames offer higher ratio comparing to steel-RC and Steel-

SMA frames for 3 and 8 storey. 

7. Dynamic time history analysis should also be performed to determine the 

inter-storey drift so that it does not exceed the code limit. Further 
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research is required to determine the optimum distribution of SMA rebar 

in different storeys, which could substantially reduce the use and cost of 

SMA, and at the same time could gain the benefits of recentering.  
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Abstract. Seismic response factors are used by various international standards 

while designing buildings under earthquake loads. These factors being empirical 

are still widely used to estimate the strength and deformation demands of a struc-

ture that will usually behave nonlinearly during a design earthquake. Four high-

rise framed steel buildings with varying heights ranging from 8 to 20 stories are 

selected and designed using international seismic codes. Values of design base 

shears and story drifts are compared between the different referred buildings 

using various codes. Twenty earthquake records are considered to account for 

the ground motion uncertainty for the study region. Detailed fiber-based model-

ing approach is adopted on the reference structures to assess the seismic design 

response factors using large number of inelastic pushover analyses (IPAs) and 

incremental dynamic collapse analyses (IDCAs). The results provided sufficient 

safety margins indicating the possibility of increasing the design response factor 

values adopted in various design codes. The proposed study provides compari-

sons between different seismic design codes for the range of the reference build-

ings. The recommendations of this study may provide practical insights to the 

designers to achieve more cost-effective and optimistic designs on a wide range 

of high-rise steel buildings. 

Keywords: High-rise steel buildings, Seismic codes, Seismic design, Seismic    

design response factors, IDA. 
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1 INTRODUCTION 

The design of a high-rise building is typically governed by lateral forces generat-

ed due to wind or earthquakes. International codes adopt elastic analysis using 

force-based design methods to design these buildings. Significant nonlinear de-

formations are witnessed in high-rise buildings during earthquakes causing the 

buildings to behave in a nonlinear way. To account for this nonlinear behavior in 

the code-recommended elastic design, a reduction in the seismic design load is 

permitted by codes based on buildings reserve strength (overstrength) and the 

capacity to dissipate energy (ductility). This reduction is done through response 

modification factor (R), which eventually amplifies the buildings deformation 

and helps in achieving safe design with optimized cost. Seismic response factors 

have a potential influence on seismic design forces in the force-based design ap-

proach. Any increase in these factors reduces the seismic design forces resulting 

in reduced cost of the overall structural system. These factors introduced in vari-

ous seismic design codes do not provide a uniform safety margin and design op-

timization covering different structural systems and materials[1], since their 

values are empirical and based on horizontal force factors as illustrated in ATC 

[2]. Several developments were witnessed in international seismic codes in the 

recent past in these factors to represent nonlinear behavior of the structures in 

their respective codified design procedures. This presses the need to assess the 

seismic design response factors for a range of high-rise buildings considering 

various international design codes. 

Five international seismic design codes namely, European Codes [3], Inter-

national Building Code [4] with American Society for Civil Engineers code for 

loads [5], National Building Code of Canada [6], New Zealand Code [7] and 

Uniform Building Code [8] are selected in the present study to meet the study 

objective. Four high-rise steel buildings with varying heights are designed and 

detailed using three-dimensional (3D) models in accordance with the selected 

codes to assess the seismic design response factors. Inelastic static pushover 

analyses (IPAs) and incremental dynamic analyses (IDAs) are conducted in the 

current study. Twenty natural and artificial seismic records are employed on the 

detailed fiber-based simulation models to perform the extensive inelastic anal-

yses in order to assess and verify the seismic design response factors. 

2 STRUCTURAL DESIGN AND MODELING  

Four regular high-rise steel buildings with varying heights are selected and con-

ceptualized on a similar footprint representing a typical architectural layout in the 

study region (Dubai). The selected four buildings of 8, 12, 16 and 20 stories are 

laid horizontally on an equal seven grid system of 5m span each on either side, 

with a total measure of 30m x 30m in plan as shown in Figure 1. The total 

heights considered for each of the four buildings are 27.60, 40.80, 54.00 and 
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67.20 meters, respectively, with typical floor height of 3.3m for the upper stories 

and 4.50m at the ground story. The structural system selected in the current study 

provides higher lateral stiffness and resists the lateral loads from wind and seis-

mic effects efficiently for the considered number of stories [9]. These buildings 

are designed using three dimensional (3D) structural analysis and design program 

ETABS [10].  

 
Fig (a) 

 
Fig (b) 

Figure 1: High-rise steel buildings (a) Typical building layout (b) 3D models of 

8, 12, 16 and 20 story buildings. 
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The selected building models are developed and designed individually with 

each of the five international seismic codes to resist the seismic forces in accord-

ance with the load combinations recommended in the design provisions of the 

respective codes. Medium seismicity region is considered with peak ground ac-

celeration (PGA) of 0.16g and 10% probability of exceedance in 50 years. The 

seismic design parameters of the selected codes are shown in Table 1. 

Table 1: Summary of seismic design parameters of all selected design codes 

Seismic 

Codes 

Soil/Site 

Class 

Seismic Design Parameters 

EN, 2006 B Ground acceleration, ag = 0.16g 

Spectrum type = 2 

behavior factor, q = 4 and Correction factor, λ = 1 

ICC, 2012 C Spectral accelerations, Ss = 0.80 and S1 = 0.32  

Response modification factor, R = 3.25 

Importance factor, I = 1 

NBCC, 

2005 

C 
PGA = 0.24 g (value of 0.15g for 10% probability of 

exceedance in 50 years), Fa and Fv =1, I = 1, Higher 

mode factor, Mv = 1.2 

S0.2 = 0.52, S0.2 = 0.31, S1.0 = 0.15 and  S2.0 = 0.086 

Ductility modifier, Rd = 3.0,  

Overstrength modifier, Ro = 1.3 

NZS, 2004 C 
Hazard factor, Z = 0.15g 

Return period = 1 and Near fault distance, D = 150 

KM 

Structural performance factor, Sp = 0.7 and Ductility 

factor, μ = 3.0 

UBC, 1997 Sc Seismic zone factor, Z = 0.15,  Zone classification = 

2A 

Site coefficients, Ca = 0.18 and Cv = 0.25 

Overstrength factor, R = 3.25,  Importance factor, I = 

1 

All the four buildings are modeled using structural steel sections with a 350 

MPa yield strength along the height. Columns and beams form the components 

of the lateral force resisting system, which are braced at the mid spans of each 

frame to effectively resist the lateral actions. Cast-in-situ reinforced concrete (RC) 

slabs of 0.16 m thick resting on the steel beam sections form the floor system that 

prevents undesirable failure modes. Floor slabs are designed considering the ef-
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fects of lateral actions generated on the structural system due to seismic forces 

with the yield strength of 420 MPa for steel and compressive strength of 40 MPa 

for concrete. Elastic analyses are performed on the selected buildings under five 

seismic codes by adopting Equivalent Lateral Force Analysis (ELFA) method 

and Modal Response Spectrum Analysis (MRSA) method. Accordingly, the 3D 

elastic seismic response of the respective buildings are assessed and compared 

with the five seismic codes. 

Inelastic analyses are performed in the current study by adopting fiber-based 

idealization approach employing actual material strength using ZEUS-NL [11]. 

Seismic performance is assessed using this approach based on the output gener-

ated from the elastic analysis on the most optimistic code-designed building from 

the five seismic codes on each of the four selected buildings. This approach be-

ing conservative is considered in the current study to assess the seismic response 

factors. The spread of yielding along the structural member length and section 

depth is monitored over a division of several number of cubic elasto-plastic ele-

ments. Geometric nonlinearities and material inelasticity are covered through 

integration of the non-linear stress-strain response in the different subdivided 

fibers. This approach was practiced in many previous studies on several large 

projects as the moment-curvature relationships is avoided[12]. Since 3D inelastic 

analysis is computationally demanding based on the above approach in investi-

gating a range of selected buildings using 20 seismic records, two-dimensional 

(2D) idealization is adopted in the current study. Each building is assumed with 

five framing systems to resist seismic forces along the horizontal direction. The 

total mass of the building is loaded on these five frames with a 20% mass contri-

bution from each frame as shown in Figure 1. To reduce the number of analyses 

and computational work, the present study focuses on the governing frame to 

perform non-linear analyses on the buildings in evaluating the seismic response 

factors. 

3 ASSESSMENT OF ELASTIC SEISMIC RESPONSE 

Elastic seismic response assessment is performed in the current study by analyz-

ing and designing each of the selected building with five international seismic 

codes using ETABS. Design outputs of the four selected buildings are compared 

between the five seismic codes with respect to their elastic periods, story drifts, 

story shear and base shear. Building fundamental periods are controlled within 

their respective allowable tolerance limits to assure fair comparison between the 

various codes. Elastic periods at different mode shapes compared for each of the 

buildings with varying heights resemble similar results between all the codes, 

except the NBCC and UBC as shown in Table 2. This implies that the buildings 

with varying height designed with NBCC witnessed higher stiffness than the 

buildings designed with other codes. Further, buildings designed with IBC and 
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NZS codes witnessed higher periods and drifts making the selected buildings less 

stifferas the height progressed, in comparison to NBCC. 

Table 2: Elastic periods of the reference buildings with various international 

codes 

Building Code Elastic Period, secs 

Mode 1 Mode 2 Mode 3 Mode 4 Mode 5 Mode 6 

8 Story EN 1.121 0.963 0.931 0.363 0.323 0.308 

IBC 1.115 1.044 0.958 0.368 0.349 0.323 

NBCC 0.794 0.761 0.719 0.261 0.260 0.242 

NZS 1.154 1.073 0.984 0.373 0.356 0.328 

UBC 0.880 0.841 0.754 0.299 0.287 0.260 

12 Story EN 1.534 1.308 1.271 0.524 0.459 0.444 

IBC 1.763 1.620 1.459 0.564 0.532 0.487 

NBCC 1.235 1.221 1.137 0.408 0.402 0.376 

NZS 1.785 1.644 1.478 0.568 0.536 0.490 

UBC 1.220 1.207 1.064 0.423 0.416 0.363 

16 Story EN 1.691 1.687 1.482 0.605 0.604 0.540 

IBC 2.316 2.171 1.934 0.710 0.678 0.620 

NBCC 1.660 1.574 1.476 0.573 0.520 0.495 

NZS 2.205 2.018 1.876 0.679 0.678 0.590 

UBC 1.693 1.651 1.489 0.567 0.554 0.499 

20 Story EN 2.130 2.079 1.848 0.736 0.713 0.655 

IBC 2.963 2.797 2.434 0.912 0.872 0.786 

NBCC 2.053 1.973 1.809 0.697 0.652 0.611 

NZS 2.387 2.300 2.003 0.786 0.759 0.676 

UBC 2.164 2.102 1.879 0.715 0.702 0.634 

Design base shear of the buildings are compared with various codes along 

their governing axis as shown in Figure 2. The values of base shear coefficients 

reduced constantly with an increase in building height under all seismic codes. 

Figure 3 shows the comparison of base shear coefficient to identify the governing 

code in optimizing the building design with varying heights. Buildings lower 

than 12 stories are governed with EN and NZS codes, with EN being the most 

optimum. Whereas, IBC and NBCC codes govern over other codes for buildings 

higher than 12 stories, with IBC being the most optimum. Seismic performance 

is assessed using inelastic analysis on these optimized code-designed buildings 

from the five seismic codes for each of the respective story heights. Detailed 

comparisons between the various codes for buildings with varying heights are 

presented in the following sections. 
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4 SEISMIC GROUND MOTIONS 

Based on previous studies, higher impact on the response of high-rise buildings 

was witnessed with long distance seismic events[13]. Accordingly, a set of twen-

ty strong natural and artificial seismic ground motions representing the medium 

seismicity region are selected representing the long-distance events [14] as 

shown in the Figure 4. The records were scaled to a design PGA of 0.16g with an 

earthquake magnitude of 6.93 to 7.72 and epicentral distance of 95 to 160 km for 

10% probability of exceedance in 50 years, which also fit the Uniform Hazard 

Spectrum (UHS) of Dubai. Inelastic dynamic analyses (IDAs) are performed us-

ing these records, which reduce the uncertainties arising from ground motions. 

  

Figure 2. Elastic base shear com-

parison of 8, 12, 16 and 20 story build-

ings with various seismic codes 

Figure 3. Comparison showing gov-

erning base shear from 8, 12, 16, 20 

story buildings with various seismic 

codes 

 

Figure 4 : Response spectra of 20 ground motions 
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5 ASSESSMENT METHODOLOGY ADOPTED TO VERIFY SEISMIC 

RESPONSE FACTORS  

Buildings are designed by reducing the elastic seismic forces to the design seis-

mic forces using the Response modification factor (R). This design seismic force 

is kept consistent with the first significant yielding in a structure by the seismic 

codes [1]. Under the effect of an earthquake, a well-designed structure witnesses 

the occurrence of first significant yield at strengths higher than the yield limit 

state, while expected collapse is higher than the elastic design spectrum. This 

assumption is also confirmed in the current study based on the results presented 

in the following sections. In the current study, the R factor is evaluated based on 

the equation suggested by Mwafy and Elnashai [15]: 

 
  R = Rideal .Ωy  =   [ (ag)c / (ag)y ] . Ωy  (1) 

 
where, R is the response modification factor, Rideal is the response modifica-

tion factor for ideal structure that is dependent on ground motions, (ag)c  is the 

PGA at collapse earthquake, (ag)y  is the PGA at first significant yield and Ωyis 

the first yield over strength defined as the ratio of first significant yield strength 

to the design strength. 

To evaluate the seismic response factors, the response of the buildings at the 

two limit states, i.e., at first significant yielding and the first collapse indication, 

should be measured. Inelastic analyses are employed in the current study to de-

termine the first significant yielding and the indication of first collapse in the 

structure. The indication of the first significant yield is considered when the 

strain of the structural steel exceeds the yield strain, whereas the collapse indica-

tion for the braced frame structures is defined when the inter-story drift ratio 

(IDR) exceeds 2.0% in the structure. This criterion of collapse prevention is de-

fined in accordance with the code provisions [16]. 

Extensive IPAs and IDAs are performed on each of the respective governing 

code-designed building representing varying heights based on the results from 

the elastic analysis. PGA at first significant yield and collapse are determined 

from the governing buildings under the effect of 20 scaled seismic records till the 

structure reaches collapse limit to get the ground motion dependent component of 

the response modification factor. In order to indicate the first significant yield in 

the buildings, the plastic hinge formations in different structural members are 

screened in all the buildings under the effect of 20 seismic records. 

6 EVALUATION OF  SEISMIC RESPONSE FACTORS  

The first yield over strength (Ωy) of the selected buildings is evaluated using both 

IPAs and IDAs. IPAs are performed using both inverted triangular load distribu-

tion and uniform distribution pattern to monitor the capacity curve from its yield-
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ing till collapse for each of the buildings designed with varying heights from the 

respective governing codes. Based on the previous studies, uniform lateral load 

distribution pattern can be used to obtain the conservative lateral capacity of the 

structure [13]. Hence, this has been adopted in the current study to evaluate the 

lateral capacity of the selected buildings as shown in Figure 5. 

Plastic hinge formations are monitored and the first yield is witnessed in the 

braced members, followed by beam and the column in all the respective build-

ings as shown in the Figure 6. This is in good agreement with the strong column 

and weak beam theory. Previous studies concluded that the pushover analysis 

results are on the conservative side when compared with IDA results [17]. In 

high-rise structures, some important deformation modes may not be detected by 

the IPA. To overcome the shortfalls in IPAs, IDAs are considered to evaluate the 

seismic response factors in the current study. Accurate behavior assessment of 

the buildings under seismic loads covering the ground motion uncertainty can be 

obtained using IDA. 

 

 
 

Figure 5: Capacity envelopes of build-

ings using IPA 

Figure6: Sample capacity curve of 8 

story building showing plastic hinges 

Over 1500 multiple nonlinear inelastic response history analyses are per-

formed using a set of seismic records. All the selected 20 seismic records are in-

crementally scaled from a PGA of 0.08g to 1.28g using a scaling factor of 0.08g 

to capture the behavior of the building up to the collapse level. Plastic hinge for-

mations at the yield point in all the structural members are monitored. First yield 

overstrength (Ωy) results from the IDAs are obtained and then compared with the 

results of IPAs as shown in Figure 7. 

The Ωy factor results obtained from the IPA witnessed lower values than the 

IDA values due to the effects of higher modes in high-rise structures. However, 

towards a conservative approach in evaluating the R factor, the values of Ωy fac-

tor from IPAs are adopted in the present study. 
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Figure7: Comparison of first yield overstrength (Ωy) estimation of the four 

buildings using both IPA and IDA 

To evaluate the seismic response factors of the governing code-designed 

buildings from each of the respective story heights, the PGAs and IDRs obtained 

from the IDAs at both the yield and collapse limit states results are utilized. The 

results covering all the seismic ground motions of each building are used in eval-

uating the seismic response factors. The collapse-to-yield PGAs and IDRs are 

summarized and presented as shown in Figure 8. Each dot in Figure 8 of the re-

spective building represents the value obtained from one seismic record. 

In order to estimate the value of the R factors, the collapse-to-yield PGA rati-

os are used along with the first yield overstrength (Ωy). The collapse-to-yield 

PGA ratios resemble similarity in values from all buildings irrespective of the 

varying heights. The first significant yield and the indication of the first collapse 

in the lower story buildings are at a higher PGA than compared with the higher 

story buildings. This implies that the impact of the earthquakes increases as the 

story height increases for the selected structural system, resulting in decreasing 

the margin of safety in the buildings with increase in their respective story height. 

Figure 9 summarizes the seismic response factors evaluated using twenty 

seismic records for each of the governing code buildings with varying heights. 

Median R and median collapse - yield are shown in Figure 9. Median R is ob-

tained from the R factors derived with different seismic records. Then median 

collapse-yield is obtained from the median PGAs taken from Figure 8. The eval-

uated response modification factors of the various buildings are significantly 

higher than the values recommended in the respective codes, reflecting higher 

safety margins. These margins decreases with the increase in height of the build-

ing as shown in Figure 9 and is in good agreement with several earlier studies 

[18], [19]. 
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Figure 8: Yield and collapse results showing collapse-to-yield PGA and IDR 

ratios from 20 seismic records for different buildings 

 

Figure9: Response modification factors of different buildings obtained from 

20 seismic records 
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7 COMPARISON OF DESIGN SAFETY MARGINS 

The designs of all the selected buildings with varying heights are compared with 

five international seismic codes. These building performed fairly well with a sig-

nificantly higher value of R factor than the respective code recommended values. 

Base shear coefficient values from each building with five international codes are 

compared and the excess design safety margins relative to the building with the 

governing codes are assessed as shown in Figure10. 

For the sake of comparative reference within the buildings, Eurocode is con-

sidered for 8 story and 12 story buildings, and IBC is considered for 16 and 20 

story buildings based in Figure 3. Excess design margins of 47.4% and 32.6% are 

observed in 8 and 12 story buildings designed with UBC relative to the EN code. 

For 16 and 20 story buildings, design margin in excess of 27% and 42% were 

observed with UBC and NZS, respectively, relative to the IBC. This may con-

tribute in the reduction of structural steel materials for those buildings designed 

with excess design margin with acceptable values of R factors. 

 

Figure10: Comparison of design safety margins relative to the governing de-

sign code buildings 
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8 CONCLUSION 

This paper investigated the seismic design response factors of high-rise steel 

buildings designed with various international codes. Elastic seismic response of 

all buildings was assessed using various codes and inelastic analysis was per-

formed on the optimistic governing code-designed building to evaluate the re-

sponse factors. The excess design margins among the various codes were 

compared with the governing code for each of the selected building and the eval-

uated results were presented. 

Eurocode governed the design for buildings 12 stories and lower, whereas 

IBC governed for buildings higher than 12 stories. Seismic response factors, 

namely, the overstrength factor and the response modification factor were evalu-

ated using IPAs and IDAs. The governing code-designed buildings performed 

fairly well with significant higher safety margins of R factors than the respective 

code recommended values. This implies that significant amount of steel can be 

saved in the buildings that are designed with non-governing codes in comparison 

with the governing code-designed building. The median R factors evaluated for 

the selected buildings were significantly higher than the respective code recom-

mended values. Higher overstrength factors in the buildings contributed mainly 

due to the increase in the R factors. The safety margin of the R factors increased 

with decrease in height of the buildings. Based on the higher safety margins of R 

factors in the buildings, the possibility to increase the R factors is recommended 

in the respective international codes to achieve more cost-effective designs for 

the selected systems. Further research is recommended to cover building irregu-

larities as this study was limited to regular buildings. 
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Abstract. Seismic performance assessment of Readymade Garment 

Manufacturing (RMG) building unveils the vulnerability of gravity load designed 

RMG building subjected to seismic loading. The present study aims at to 

investigate the suitability of three different retrofit provisions namely concrete 

jacketing, carbon and glass fiber reinforced polymer wrapping for strengthening 

seismically vulnerable RC buildings in Bangladesh. Static and dynamic 

nonlinear analyses have been carried out to for retrofitted and original building 

frames. Ground motion data matched with local response spectra have been 

employed to assess the seismic responses of the buildings. Results show an 

enhanced seismic performance of retrofitted buildings as compared to original 

building. Also, the relative comparison of different retrofit techniques were 

carried out in terms of quantifiable demand parameters i.e. ductility, interstory 

drift demand, maximum story displacement etc. in order to propose the best 

retrofitting technique for gravity load designed garment factory buildings. 
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1 INTRODUCTION: 

Bangladesh is one of the most potential candidate for garment manufacturing 

products and the increased economic prospect of this field gained attention of 

several stakeholder groups thus, leading to a robust expansion of the factory 

buildings in the late 70’s of last century. RMG industries are currently leading 

Bangladesh from the front to its economic growth. But it is a fact that the 

infrastructural development of this industry is not guided. According to 

Bangladesh Garment Manufacturers and Exporters Association (BGMEA) there 

are 4222 garment factories running at present with 4 million workers [1] and 

most of them are functioning in or surrounding the capital or major cities like 

Dhaka, Chittagong, Khulna, Sylhet etc. The recent incident of the utter structural 

failure of Rana Plaza gained attention of different research groups, stakeholders 

and government organization like Public Works Department (PWD) to ensure 

safety and desired performance of factory buildings under gravity and other 

loading conditions. Being motivated by the scope of improving the scenario, 

Authors conducted an investigation on five garment factory buildings to assess 

their performance under gravity loads and moderate earthquake loading condition 

[2, 3]. Results from nonlinear analysis show the vulnerability of most of the 

buildings subjected to earthquake loadings thus necessitating a suitable 

rehabilitation method to strengthen the vulnerable frames of the structure. 

Various rehabilitation techniques are available for enhancing the performance 

of deficit buildings. Strengthening structural frame elements with reinforced 

concrete jacketing, steel encasing, steel bracings, Fiber reinforced polymer 

jacketing, Engineered Cementetious Composite (ECC) jacketing are known as 

structural retrofitting that can significantly increase the performance of RC 

buildings against seismic hazards [11]. Numerous Passive Damping Device 

(PDD), such as Yielding shear panel device, Friction damper incorporated within 

steel bracings, Fluid viscous damper can be alternatively used to reduce the 

earthquake induced motion and hence, to increase the energy dissipation capacity 

of RC structures [8]. Steel shear plates and external pre-stressing are also used as 

rehabilitation techniques for various RC frame structures [8]. Suitability of above 

mentioned rehabilitation techniques largely depend on the financial 

consideration, technical expertise and also social acceptability of particular 

methods. Present study mainly focuses on various retrofit techniques those are 

common in regional construction practice and are feasible based on socio-

economic condition of this region. 

Effect of steel bracing on RC building frames against seismic ground motion 

have been studied by previous researchers [10]. Analytical investigation has 

shown that, steel bracing can be used to significantly improve the seismic 

performance of RC frames [10]. But their effectiveness largely depend on the 

orientation of the braces. Yuksel et. al. have shown that, cross diamond braced 

CFRP retrofitting scheme can be effectively used to strengthen infill wall against 
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brittle shear failure as well as reduces the load distribution on beam-column joint 

[7]. Incorporation of steel bracings in the garments factory building requires 

adequate free space and increases the complexity during installation process. 

Thus, initially the steel bracing might not be a viable option for the garment 

factory building as a rehabilitation method against seismic hazards. Authors 

limited the scope of this study within different jacketing techniques and hence 

leaving the scope of future study on performance of garment buildings braced 

with steel braces. 

Reinforced concrete jacketing is the most commonly considered retrofit 

techniques for low strength concrete frames. Both analytical and experimental 

investigations have shown the enhanced strength and stiffness properties of RC 

buildings retrofitted with concrete jacketing [11]. Larger ductility of the 

structural members can also be achieved by concrete jacketing in comparison 

with FRP jacketing or steel encasing [11]. In some cases, larger thickness of 

concrete jacket made this method inconvenient for structural rehabilitation of RC 

buildings. Relatively thin High-Performance Fiber Reinforced Polymer (FRP) 

can be a suitable alternative for this cases [9]. Pampanin et. al., and Eshghi and 

Zanjanizadeh have experimentally shown that Carbon Fiber-Reinforced Polymer 

(CFRP) and Glass Fiber-Reinforced Polymer (GFRP) can have satisfactory result 

for strengthening vulnerable structural elements with almost similar performance 

as compared to traditional rehabilitation techniques [5, 6]. 

The present study aims at to investigate the suitability of three different 

retrofit schemes namely the concrete jacketing, Carbon and Glass Fiber 

Reinforced Polymer (FRP) wrapping. Finite element analyses using freely 

available software SeismoSoft and Response 2000 have been carried out on a two 

bay four storied internal frame to investigate the suitability of three different 

retrofit alternatives. Result from nonlinear static and dynamic analyses were 

compared in terms of inter story drift percentage, maximum roof displacement 

and drift, different damage state, total energy dissipation capacity and ductility of 

the buildings. Finally, the relative performance of these retrofit schemes were 

compared with the performance of the original building without retrofitting and 

hence an educated decision were made to propose the most effective retrofit 

options for strengthening the RC garment manufacturing factory buildings in 

Bangladesh. 

2 RESEARCH SIGNIFICANCE: 

After the collapse of Rana plaza a preliminary structural investigation report 

shows that about 60 % of the factory buildings are structurally deficit [9]. These 

events has shown an undoubted amplified seismic risk of the existing buildings 

considering the geological position and present development scenario. Besides, 

most of these buildings ignored the seismic design provision for earthquake 

resistant building construction and hence are susceptible to any such events that 
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might strike Bangladesh in the near future. In addition, occurrence of frequent 

earthquake i.e. Chilmari (2015), Assam (2015), Mizoram (2015), Sikkim (2015) 

in recent years including the devastating Nepal (2015) earthquake in the South 

Asian region has made stakeholders to feel the importance of seismic 

performance enhancement of existing structures. Though it’s unexpected but the 

fact is, neither the seismic performance of these garment buildings and possible 

extents of seismic damage are known nor there do any guideline for their 

strengthening measure. However, to enhance the seismic performance of existing 

structures to desired level, retrofit of the structure is an accepted solution in the 

field of civil engineering. It is technical interventions in structural system of a 

building that improve the resistance to earthquake by optimizing the strength, 

ductility and earthquake loads. 

In response to the present situation structural strengthening /retrofit can take 

as a target solution involves adjusting features of the elements or whole building 

to eliminate or reduce existing risk of damage. Considering Bangladesh 

perspective an optimum retrofit technique needs to be adopted as solution which 

will ensure desirable performance of structure along with satisfying technical, 

economic, social and historical aspects of the issue [4]. Also appropriate 

knowledge, expertise, guidelines and research on retrofit methods, both in 

understanding design concept and construction mechanism are required to 

attempt successful applications in necessary circumstances. Accumulation of all 

these phenomena accompanied by well-planned government policy and support 

can offer a safer structural system with improved earthquake resistance. At 

present, a project is ongoing to contribute in developing capacity on some 

retrofitting methods which include RC jacketing, RC shear wall, RC wing wall, 

Steel framed bracing, Carbon fiber sheets wrapping and silt on brick standing 

wall under the Public Works Department (PWD), Bangladesh with the 

cooperation of  Japan International Cooperation Agency (JICA). A properly 

developed design concept and construction knowledge of retrofit approaches can 

be used in practical cases to improve the existing performance of deficit 

structures. The present study will facilitate the stakeholders, construction 

engineers and the policy makers to make an educated decision while choosing the 

retrofit techniques to be adopted for enhancing the performance of vulnerable 

buildings to achieve the desired performance objective. 

3 FRAME SECTION DETAILS: 

In order to evaluate the seismic performance of garment buildings, a four storied 

RC factory building is considered in this study. Authors intentionally bound 

themselves from mentioning the name of the factory buildings considered for 

performance analysis in order to prevent the negative socio-economic impact that 

might have on the building owners. The building is typical a moment resisting 

RC frame structure designed as per the Bangladesh National Building Code 
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(BNBC’1993) guideline having a floor area of 335.7 square meters. The four 

storied building is regular in plan section but has vertical irregularities. For the 

simplicity of the study one transvers frame of the building is considered for 

analysis. Column sections of the frame varies over the height of the storey 

whereas, floor beam sections remain constant for all the stories of the building 

except the grade beam in the ground level. The building consists of infill brick 

walls only in the peripheral region thus the wall loads are applied over the 

peripheral beam as uniformly distributed gravity loads. Cross sectional 

dimension, reinforcement detailing of the column section are presented in the 

Figure 1 below. A two dimensional front view of the frame considered is also 

presented in Figure 1. 

 
(a) 

 
(b) 

 
(c) 

Figure 1: (a) Front elevation of the 2D building frame and (b) Typical concrete 

column cross section without retrofitting and (c) Column cross section with 

retrofitting. 

4 RETROFITTING TECHNIQUES 

Mainly two different retrofitting techniques has been considered for the current 

study namely the Reinforced Concrete (RC) jacketing and Fiber Reinforced 

Polymer (FRP) jacketing. Both the Carbon Fiber Reinforced Polymer (CFRP) 

and Glass Fiber Reinforced Polymer (GFRP) jacketing has been employed to 

assess the suitability of different FRP wrapping for strengthening vulnerable 

structures. The design specification and material properties for both the FRP and 

RC jacketing materials are described below: 
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4.1 RC Jackets 

Reinforced Concrete (RC) jacketing is considered as the potential technique for 

retrofitting the vulnerable frame elements of the factory buildings. Usually a 

minimum jacket thickness of 100 mm is used as per the Indian Standard. For the 

present study we used a jacket thickness of 100 mm according to the Japanese 

guideline for seismic retrofitting of existing RC structures. The thickness of the 

jacket was considered based on several factors including minimum cover 

requirements for additional reinforcement in the jacketed section and space 

required for 135 degree hooks at the end of the stirrups. Material properties for 

the new concrete was similar to that of the existing column concrete properties 

having a concrete compressive strength of 20.68 MPa. Four number 8 bars were 

used for reinforcing the jacketed section of the concrete. It is to be noted that the 

new section of the concrete jacketed column should be well connected with the 

existing column concrete section following proper construction practices and 

guidelines to achieve the maximum benefit and enhanced performance of the 

retrofitted column section. 

4.2 CFRP Composite Jackets 

For the analytical study presented here, the CFRP jacket retrofitting technique 

and the material properties has been adopted from Pantelides and Gergely (2002) 

where the material comprised of 48,000 fibers per tow unidirectional carbon 

fibers [12]. The width of the carbon sheets was 457 mm and the tow numbers per 

25 mm of sheet was 6.5. The CFRP composites were cured with an ambient 

temperature and then their properties were determined using the ASTM D 3039 

specification. The design parameters for the CFRP composite materials include a 

maximum tensile strength of 628 MPa; modulus of elasticity of 65,000 MPa; 

Ultimate axial strain for unidirectional CFRP composite was 10 mm/m; initial 

stiffness value of 6.5 x 104 MPa; layer thickness was 1.32 mm and the fiber 

volume fraction was 35. The CFRP jacketing section thickness was calculated as 

3.96 mm (3 layers) for 300 x 300 mm column sections and 5.28 mm (4 layers) 

for 350 x 350 mm column sections. 

4.3 GFRP COMPOSITE JACKETS 

Parghi and Alam (2015) investigated the performance of RC circular bridge 

columns under axial and cyclic lateral loading where they used the GFRP jacket 

retrofitting technique [13]. The material properties for GFRP retrofit techniques 

has been adopted from their study. Design parameters for the GFRP composite 

materials include a ultimate tensile strength of 3450 MPa; modulus of elasticity 

of 41,000 MPa; Ultimate axial strain was 18 mm/m; initial stiffness value of 

19.13 x 103 MPa; layer thickness was 1 mm and the fiber volume fraction was 

35. The GFRP jacketing section thickness was calculated as 1 mm (1 layers) for 
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300 x 300 mm column sections and 1 mm (1 layers) for 350 x 350 mm column 

sections. 

5 FINITE ELEMENT MODELLING 

The analytical model for the two bay four storied frame element was developed 

in the freely available finite element package SeismoStruct as 2-D frame 

elements. The Menegotto-Pinto steel model has been employed for modelling the 

reinforcing bars with a yield strength of 414 MPa. Similar model was adopted for 

reinforcing stirrups and ties in the beam and column sections. The strain 

hardening parameter and modulus of elasticity for the steel models were 

considered as 0.5% and 200 GPa. Mander et. al. nonlinear concrete model has 

been used for concrete material modelling with a compressive strength of 21 

MPa and a maximum of 10 percent tensile strength. The strain at peak stress was 

considered as 0.002 m/m. Figure 1 show the retrofitted cross section of the 

column with proper reinforcement distribution and sectional dimensions. Tri-

linear FRP model were employed for the fiber reinforced polymer materials with 

designed parameters mentioned earlier. Both the CFRP and GFRP materials were 

employed following the tri-linear constitutive model for fiber reinforced polymer 

materials. 

All the frame sections are defined as the inelastic displacement based frame 

element with Rayleigh damping properties. Reinforced concrete rectangular 

sections were adopted for existing non-retrofitted beam column sections whereas, 

reinforced concrete rectangular jacketed sections were used to define the column 

sections retrofitted as both the RC jacketing and FRP wrapping techniques. 

Finally nonlinear static pushover and dynamic time history analyses have been 

performed to assess the performance of the retrofitted building frames and a 

relative comparison of different retrofit techniques were carried out for 

determining the most suitable retrofit measures for strengthening vulnerable 

factory buildings. Eigenvector analysis of retrofitted and non-retrofitted frames 

have been performed to observe the shift of buildings natural time period as 

result of different retrofit measures which is shown in Table 1. 

Table 1: Time Periods for Non retrofitted and retrofitted frames 

RCC Frame 
Structural Time Period (s) 

T1 T1 T1 T1 

Normal 1.644 0.4876 0.27 0.1966 

Concrete jacketed 1.145 0.3173 0.15 0.0821 

CFRP 1.510 0.4460 0.24 0.1761 

GFRP 1.609 0.4786 0.26 0.1939 
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6 SELECTION OF GROUND MOTION 

A total of five earthquake ground motion data’s has been selected for this study 

to perform dynamic time history analysis. The characteristics of all the 

earthquake data are presented in Table 1. The Peak Ground Acceleration (PGA) 

values for all these ground motion data’s are very high starting from 0.47g to 

1.07g. All these earthquake data’s are matched with the local response spectra to 

get the resultant acceleration response spectra with a 5% damping ratio. Figure 2 

shows the resultant acceleration response spectra as obtained from matching 

earthquake ground motion data’s with BNBC’2015 response spectrum. 

 
 

Figure 2: Resultant acceleration response spectra 

7 STATIC PUSHOVER ANALYSIS 

Nonlinear static pushover analysis has been performed for all the three different 

retrofitted frames and their relative performance has been compared in terms of 

capacity curve, ductility demand and maximum roof drift percentage. The load 

controlled pushover analysis was carried out with all gravity loadings provided as 

distributed loads in the frame sections. Incremental load was applied at the right 

top node of the frame section in the form of displacement. The maximum 

displacement value has been calculated considering a total of 8 percent drift that 

the building might experience during any extreme earthquake. From the pushover 

response curve, as plotted in Figure 3, it is observed that the maximum capacity 

has been achieved with the RC jacketing retrofit scheme. CFRP and GFRP 

retrofit scheme also shows an improved performance in terms of lateral 

capacities as compared to the normal frame structure. 

Figure 4 (a) represents the global ductility values for the retrofitted frames 

and the original building frame. It can easily be observed that the ductility value 

increases for the retrofitted sections and the most ductile building frame is 

obtained with CFRP and GFRP retrofitted schemes. For the GFRP retrofit 

schemes the ductility value increases by 45% than the original ductility value. It 

is to be noted that the ductility of the frame is calculated using the ratio of the 

maximum top displacement (Displacement value corresponding to the maximum 

base shear value) and the yield displacement. The yield displacement is 
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determined through the bilinear curve approximation of the capacity curve 

obtained from static pushover analysis. 

 

 
 

Figure 3: Capacity curve (Base Shear-Displacement) for building frame. 

 

 
(a) 

 
(b) 

Figure 4: (a) Ductility of retrofitted building and (b) Maximum roof drift (%) 

The top roof drift percentage for the building frame retrofitted with different 

alternatives are represented in Figure 4(b). The larger the drift (%) the higher the 

capacity of the retrofitted section to sustain loading before collapse and hence 

provide an index for choosing the best retrofit methods. Results show that the 

maximum drift (%) has been experienced by the CFRP retrofitted building with a 

drift (%) of 4.5855%. The RC jacketed and the GFRP retrofitted frames 

experiences a drift of 3.6 and 3.44 percentage respectively. 

Different damage state has been proposed using the result obtained from the 

pushover analysis. In Table 2 five different performance criteria and 

corresponding drift limit has been selected for concrete jacketing and the original 

column sections whereas, three different damage states were prescribed for FRP 

retrofitted sections. Only the column sections are considered for representing the 

global damage state of the building frame and their sequence of occurring is 

presented in Figure 5 with numbers starting from 1 indicating the least damage 

state of the column sections. 
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Table 2: Different Performance Criteria and Drift Limit 

 
(a) 

 
(b) 

 
(c) 

 

 
(d) 

 

Figure 5: Damage state of the building frame for (a) Original Frame, (b) RC 

jacketed frame, (c) CFRP jacketed frame and (d) GFRP jacketed frame. 

8 DYNAMIC TIME HISTORY ANALYSIS 

Five earthquake ground motion data as described previously has been used for 

dynamic time history analyses. The performance of different retrofit scheme is 

observed in terms of top displacement and maximum interstory drift (%) demand. 

Damage State Drift Limit 

Normal  

Frame 

Concrete 

Jacketed  

CFRP GFRP 

Concrete Crack reached 0.16% 0.32% NA NA 

Reinforcement Yeild reached 2.96% 3.6% 4.01% 3.04% 

Concrete Spalling reached 3.36% 5.44% NA    NA 

Concrete Core Crushing reached 4% 6.56% 4.51% 4.08% 

Reinforcement Fracture NA NA NA NA 
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The capacity of the building frame is obtained from the pushover analysis and 

their demand is obtained from the time history analysis. Maximum top 

displacement demand is observed from the displacement time histories as 

presented in Figure 6. Though the displacement demand for concrete jacketing 

was almost similar to the normal building frame but FRP wrapping significantly 

decreases the top displacement of the building. 

 
(a) 

 

 

 

 

 

 

 

 

 

 

(b) 

 
(c) 

 
(d) 

 
(e) 

Figure 6: Displacement verses time curve for retrofitted sections under various 

ground motion (a) Kocaeli, (b) Kobe, (c) Imperia Valley, (d) Northridge and (e) 

Loma Prieta. 
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 Maximum interstory drift of the building is shown in Figure 7 where it 

shows that interstory drift (%) is higher for both CFRP and GFRP jacketed frame 

sections. It is to be noted that the absolute interstory drift is considered for 

calculating the maximum value of drift demand. Drift demand of each floor is 

calculated individually and then the maximum of them is presented in the figure. 

Hence, the relative comparison of different retrofit scheme can’t be made from 

the data available. But, the values can be attributed to the higher ductility of the 

retrofitted column section as obtained from pushover analysis. The improved 

ductility of the column enables them to undergo large displacement before 

collapse when subjected to different seismic loading. 

 
(a) 

 
(b) 

 
(c) 

 
(d) 

 
(e) 

 
(f) 

Figure 7: Maximum inter story drift of 4 storey RC frames for (a) Kocaeli, (b) Kobe (c) 

Imperia Valley, (d) Northridge, (e) Loma Prieta earthquake motion after incorporating 

Concrete Jacketing, CFRP Jacketing and GFRP Jacketing and (f) Interstory drift demand 

profile for the typical four storied building for Kocaeli earthquake. 
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9 CONCLUSION 

In this study, the relative performance of different retrofit technique namely RC 

jacketing, CFRP and GFRP wrapping has been conducted. Result obtained from 

the pushover analysis of the building frame unveils the potentials of different 

retrofitting options for strengthening structural frame elements. Though the 

ductility of the concrete jacketed frame was relatively little less than the CFRP 

and GFRP retrofit scheme, but the capacity curve shows that concrete jacketing 

has the maximum base shear capacity with an inclination to brittle failure. On the 

other hand, damage state obtained from pushover analysis help us to conclude 

that the local failure of the frame element can be significantly reduced with 

CFRP and GFRP retrofitting techniques. Concrete jacketing also reduces the 

local failure but has less impact than the other two retrofitting methods. Also, the 

interstory drift demand profile show that concrete jacketing experiences almost 

similar drift as the normal building frame whereas, CFRP and GFRP shows 

enhanced interstory drift profile. Thus, the authors concluded that the most 

desired retrofit technique for strengthening vulnerable garment factory buildings 

is the FRP wrapping as both CFRP and GFRP shows better performance than the 

concrete jacketing. 
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Abstract. External confinement of concrete cylinder with fiber reinforced 

polymer (FRP) sheets leads to significant improvements on the axial compressive 

behavior of concrete cylinders. While a comprehensive research has been 

conducted on the behavior of such strengthened cylinders, only a very limited 

amount of work has examined the slenderness effect in these cylinders. To cover 

up this deficiency, 3D finite element models have been developed to investigate 

the effect of slenderness of cylinders with varying wrap thickness under 

concentric load by using ABAQUS. Compressive stress and axial strain have 

been recorded to evaluate the stress-strain relationship, ultimate strength and 

ductility of the specimens. The result obtained from the simulation clearly 

demonstrates that composite wrapping can enhance the performance of cylinders 

in terms of both maximum strength and ductility. The use of CFRP wraps to 

allow slender columns to achieve higher strengths and to reduce lateral 

deflections is also demonstrated. The effects of test parameters are evidenced and 

compared. 

 

Keywords: Confinement, CFR, Axial behavior, Slenderness, Finite element 

model, Simulation. 
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1 INTRODUCTION 

Recent evaluation in building construction of Bangladesh has demonstrated the 

need of strengthening of damaged structures. Several devastating incidents like 

collapse of residential building sand garments factories, cracks in bridge piers 

etc. have drawn the worldwide attention. So, it is a great concern to preserve and 

maintain those structures by strengthening and retrofitting. Compared to 

conventional retrofitting technique by steel materials, FRPs have many benefits 

like high strength to weight ratio of FRP composites which means these are very 

easy to handle on site and add very little weight to the structures, increase 

stiffness at service loads etc. In recent years, the use of fiber reinforced polymers 

(FRP) as an externally wrapping has achieved considerable popularity for the 

strengthening and repairing of concrete structures. This strengthening method is 

based on the phenomenon that the axial compressive strength and the strain of 

concrete can be substantially increased through the lateral confinement. This 

mechanism is easy to understand for concrete under uniform confinement in the 

case of circular column rather than rectangular columns. An abundance of test 

has established this fact on generally smaller scale specimens of unreinforced 

concrete cylinders [1, 2, 3, 4]. Several parameters influence the confinement 

effectiveness of the FRP wrap, which include concrete strength, wrap thickness 

or number of FRP layers, slenderness ratio etc. But, with increasing slenderness, 

slenderness effects can prohibit the column from attaining its maximum strength 

and the column may become susceptible to instability. Mirmiran et al. 2001 [5] 

tested ten concrete-filled fiber-reinforced polymer tubes (CFFTs) with the 

slenderness ratio L/D ranging from 2.1 to 18.6. The conclusion is that, when the 

slenderness ratio is increased from 5.5 to 18.6, the strength is dropped rapidly 

from about 75% of the equivalent short column to less than 30%. The influence 

of the slenderness and wrapping on the load carrying capacity of the column has 

been explained in Chaallal et al. (2006) [6]. The experiment has been conducted 

with varying column diameter while keeping the column length constant. But 

effect of slenderness with varying cylinder length keeping the diameter constant 

is not mentioned which is the point of interest of this study. This research is 

focused on the response of a 3D FE model of circular concrete cylinder confined 

with FRP subjected to concentric axial loading. The numerical simulation has 

been performed by using ABAQUS. The performance of the model has been 

studied by simulating experimental cylinder at Rahai et al. 2008 [4].After the 

validation, a parametric study has been conducted which includes slenderness 

and wrapping thickness. 

2  FINITE ELEMENT ANALYSIS 

A nonlinear FEA is performed using the general purpose FEA software 

ABAQUS (2010) for the simulation of CFRP-confined concrete specimens. The 
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models used to represent the axial behavior reported by Rahai et al. 2008 [4] 

have been integrated in the present FEA modeling. 

2.1    Geometry 

Circular concrete cylinders with a diameter (D) of 150 mm and a length (L) of 

300 mm are initially considered; cylinders with other lengths are also considered 

in studying the effect of slenderness. In the case of CFRP, four different wrap 

thickness as one layer(T), two layer(TT), three layer (TTT)and four layer(TTTT) 

having corresponding thickness of 0.9, 1.8, 2.7, 3.6 mm with respect to the hoop 

direction are investigated. In this study, a 3D model of full concrete cylinder is 

developed for FE simulation. The 3D, eight-node linear element C3D8R in 

ABAQUS is utilized for modeling the both concrete and CFRP on the basis of 

mesh convergence study. The contact pair algorithm is used to define the bond 

between the concrete and the CFRP laminate to ensure no relative sliding 

between them. 

2.2    Material Property 

2.2.1Concrete  

In this paper, the model used for concrete is the concrete damaged plasticity 

model. The concrete damaged plasticity model is suitable for the analysis of 

other quasi-brittle materials, such as rock, mortar and ceramics etc. Under low 

confining pressures, concrete behaves in a brittle manner; the main failure 

mechanisms are cracking in tension and crushing in compression. Here, the 

unconfined concrete model has a compressive strength f′co of 40 MPa with a 

corresponding axial strain εco of 0.22 %.   

2.2.2CFRP 

The CFRP material is considered to be linear elastic isotropic until failure. Since 

the composite is unidirectional, it is obvious that the behavior is essentially 

orthotropic. When a composite is primarily stressed in the fiber direction, it is 

probable that the modulus in the fiber direction is the more important parameter. 

Hence, in the present studies an isotropic model was considered. The initial 

modulus in the fiber direction of the unidirectional CFRP material considered for 

the numerical simulation is 41000MPa [4]. The value of the Poisson’s ratio is 

0.28 and the rupture strain is taken up to 1.5% for the isotropic model. 

2.3   Boundary Condition & Solution Strategy 

The boundary conditions for cylinders are fixed at lower end. In order to 

extraction the force in the second analysis step more conveniently, the top 

surface nodes of the column is coupled with pre-set reference point and the 
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boundary condition of the top, displacement loading  is applied to the reference 

point. The model is shown in Figure 1. Specimen is divided into four parts for 

better mesh quality. 

 
(a)                                                                             (b) 

Figure 1: FE Model with (a) Boundary Condition, (b) Mesh. 

3 VALIDATION OF NUMERICAL MODEL 

3.1 Ultimate Strength & Ultimate Strain 

Unconfined concrete strength, f′c reported in reference literature varies between 

35 to 45MPa and the corresponding strain, εco varies between 0.2 to 0.25 %. The 

axial stress strain curves for the plain test specimens are presented in Figure 2(a). 

Among those the average f′c of 40 MPa and εco of 0.22 percent were calculated. 

Axial stress-strain behavior of both numerically simulated and experimental 

unconfined concrete cylinder is shown in Figure 2(b).It shows f′c is 39 MPa and 

εco is 0.18 which is very close to experimental results. This means this model can 

predict the experimental behavior of concrete cylinder. 

 
(a)                                                     (b) 

Figure 2: (a) Stress-strain behavior of plain specimens (Rahai et al.), (b) 

Experimental and Numerical Axial Stress-Strain behavior of Unconfined 

Concrete Cylinder 

Numerical and experimental typical axial stress-strain curves of the wrapped 

specimen with one layer of transverse orientation (T) are shown in figure 3(a). 

This shows that the experimental ultimate concrete strength, f′cc is increased up 

to79MPa and ultimate strain of confined concrete, εcc is increased up to 0.62%. 
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Whereas, numerical f′cc is increased up to 102MPa and εcc increased up to 1.39%. 

Figure 3(b) shows that, f′cc for two layer wrapped specimen (TT) is increased up 

to 91.9MPa whereas FEM model strength increases up to 116.64MPa.The 

corresponding εcc for both experimental and numerical results are 0.96 and 1.29. 

From figure 3(c), for three layer wrapped specimen (TTT), f′cc for both 

experimental and numerical model are 125.4 and 139.62MPa respectively. 

Corresponding εcc are 1.32 and 1.45%. The model predicts that its strength has 

been increased by 1.11times than experimental specimen. From figure 3(d), f′cc of 

four layer wrapped specimen (TTTT) for both experimental and numerical model 

are 132.23 and 139.89MPa respectively. The corresponding εcc are 1.49 and 

1.5%. The model predicts that its strength has been increased by 1.05 times than 

experimental. 

The confined specimen model depicts that up to unconfined strength both 

wrapped and unwrapped specimens show almost the same behavior. This 

indicates that up to this level CFRP is ineffective. However, after reaching the 

unconfined strength, stress-strain curves became downward due to tension 

stiffening and then forms upward which means CFRP starts to be effective.  

  

 
(a) 

 
(b) 

 
(c) 

 
(d) 

Figure 3: Axial Stress-Strain behavior of (a) one layer,(b) two layer, (c) three 

layer, (d) four layer wrapped specimen in hoop direction. 
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3.2 Results  

The numerical results of four cylinder test specimen along with their 

experimental responses are shown in Table 1. For specimen T, the numerical 

analysis does not predict the experimental behavior well as in this case, 

numerical strain is much more than the experimental strain which could be the 

effect of very low wrapping thickness. Specimen TT, TTT, TTTT predicts the 

experimental behavior too closely. For the four models ratio of experimental to 

numerical ultimate strengths varies from 0.77to 0.95. The mean value of ultimate 

strength ratio is 0.85 with a standard deviation of 0.07, which means the quite 

good performance of finite element model predicting ultimate strength capacity. 

However, the mean ratio of the experimental to numerical average axial strain is 

0.77 with a standard deviation 0.21. This relatively high value of standard 

deviation results is from the difference between the numerical and experimental 

strains for specimens T.   

Table 1: Comparison of Numerical and Experimental Results of Concrete 

Cylinders 

Specimen 

Designati

on 

Ultimate Strength σexp/σnu

m 

Ultimate Strain εexp/εnu

m σnumerical 

(MPa) 

σexperimental 

(MPa) 

εnumerical 

(%) 

εexperimental 

(%) 

T 102 79 0.77 1.39 0.62 0.43 

TT 116.64 91.8 0.79 1.29 0.96 0.74 

TTT 139.62 125.4 0.89 1.45 1.32 0.91 

TTTT 139.89 132.23 0.95 1.5 1.49 0.99 

Mean  0.85  .77 

SD  0.07  .21 

 

 

4 PARAMETRIC STUDY  

The global stability of the cylinder is controlled by the overall slenderness ratio, 

which is defined as the ratio of the length of the cylinder, l, to radius of gyration 

of the cylinder, rg. Three different slenderness ratios 8, 10 and 15 are employed 

in the parametric study to cover the range of short, intermediate and slender 

cylinders having same diameter of 150mm and different lengths 300mm, 375mm 

and 563mm respectively. These three types of cylinders, wrapped with two layers 

(1.8mm) and four layers (3.6mm) are then investigated with respect to confined 

to unconfined concrete strength ratio. Parameters were combined in a systematic 
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way to obtain their effect and interrelationships. Table 2 presents the resulting 

confined to unconfined stress ratio in terms of specimen parameters. 

Table 2: Details of cylinders for parametric study 

Cylinder 

Designation 

Diameter 

(mm) 

Length 

(mm) 

Layer 

No 

f′c f′cc f′cc/f′c 

1
 

150 300 2 40 116.64 2.92 

2
 

150 300 4 40 139.89 3.49 

3 150 375 2 40 137.03 3.42 

4 150 375 4 40 173.79 4.34 

5 150 563 2 40 132.57 3.31 

6 150 563 4 40 167.3 4.18 

The result shows that increase in wrapping thickness associated with 

slenderness ratio up-to critical length increases ultimate stress (Figure 4). 17.5% 

to 24.2% ultimate stress increases for cylinders with slenderness 10 with respect 

to cylinders with slenderness 8. But further increasing the slenderness, ultimate 

stress starts to reduce and wrapping seems to be having no effect. Therefore, with 

two and four layer wrapping, the increase of slenderness at 15, results in decrease 

of the confined strength from 3.3% to 3.7% with respect to cylinders with 

slenderness 10. Increasing the wrapping layer results considerable increase in 

confined strength up to 3 to 4.5 times of unconfined strength. 

 

                           (a)                                                     (b) 

Figure 4: (a) Confined to unconfined concrete strength versus L/R, (b) Confined 

to unconfined concrete strength ratio versus Thickness. 

5 CONCLUSIONS  

 In this study Finite element models were developed to investigate the axial 

behavior, slenderness and wrapping effect of CFRP wrapped cylinders 
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subjected to concentric loading. An experimental study on CFRP-wrapped 

cylinders in the literature was employed to validate the numerical analysis.  

 The average experimental to numerical ratios of the ultimate strength was 

0.85 with standard deviation of 0.07. The numerical stress versus axial 

strain responses for the models was in very good agreement with the 

experimental responses with only a few exceptions. However, the mean 

ratio of the experimental to numerical average axial strain was 0.77 with a 

standard deviation of 0.21. This relatively high value of standard deviation 

results from the difference between the numerical and experimental strains 

for first specimen. 

 Based on the parametric analysis using the finite element modeling, the 

following conclusions can be drawn. Slenderness has a significant effect on 

the strength and stiffness of the cylinders. Increasing slenderness up to 

critical length can increase strength of cylinders and beyond the critical 

length strengths will be decreased. When the slenderness increases from 8to 

10, stress increases from 2.92 to 4.34 times of unconfined stress. At 

slenderness 15, confined stress reduces from 3.3% to 3.7% of cylinders with 

respect to slenderness 10. 

 The effect of wrapping thickness can be observed well in short and 

intermediate cylinder having slenderness 8 and 10 respectively. Increasing 

the wrap thickness can increase the strength approximately 3 to 4.5 times of 

unconfined cylinders. 
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Abstract. The paper presents the application of non-pervasive Electrical Re-

sistance Tomography (ERT) subsurface imaging surveys for the detection of 

foundation of three buildings of BUET, Dhaka, to assess the cross-section of the 

foundation and also to check the deviation of the constructed foundation struc-

ture with the designed foundation structure. The use of several high-resolution 

geoelectrical methods derived from the field survey techniques proved to be very 

effective in the Non-Destructive Testing and survey of subsurface structure. The 

ERT method was under-taken with several different electrode spacing. Wenner–

Schlumberger array was used as electrode arrays. Primary data were processed 

through a 2-D inverse method, using the program RES2DINV by creating a 

pseudo-section of the apparent resistivity values and then two-dimensional (2-D) 

resistivity contour maps were created. In particular the application of a tomo-

graphical approach allowed in obtaining subsurface images of the sections of the 

foundation structures that clearly shows the actual exiting scenario of the build-

ing foundation. 

 

Keywords: Electrical resistivity tomography (ERT), Iterations, Non-destructive 
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1 INTRODUCTION 

The application of geophysics to subsurface investigation dates back to the early 

1950s. The rapidly evolving technology over the past 20 years has made the geo-

physical approach a reliable investigative and survey tools. Geophysical pro-

specting allows the physical parameters of the subsoil to be mapped in large-

scale reconnaissance surveys. In specific cases, it can provide useful information 

on the depth and shape of buried structures. One of the most commonly applied 

techniques of geophysical surveying is the electrical resistivity tomography (ERT) 

that provides the measurement of the specific electrical resistance of soil [1, 2]. 

The objectives of the study were to assess the cross-section of the foundation 

of the three different buildings of the study area and to assess the deviation of the 

constructed foundation structure with the designed foundation structure. The 

methodology of the work was first to collect the data using the Electrical Resis-

tivity Tomography (ERT) and then analyzing the collected data using the soft-

ware RES2DINV and then interpreting the analyzed results.  

2 LITERATURE REVIEW 

Electrical resistivity is known to be highly variable among other physical proper-

ties of rock. In some cases, different in extreme values of a single rock type can 

differ by a factor approaching several orders of magnitude. Wide range of rock’s 

resistivity parameter has always been the reason that makes it difficult to distin-

guish subsurface rock type if no information on the geological surroundings of 

field survey is available. Electrical current flows through the earth material under 

subsurface through two methods, which are electrolytic and electronic conduc-

tion [3].  

For 2D resistivity imaging, it is important to have a large set of data recorded 

along a survey line to effectively map the complex resistivity distribution of sub-

surface structure. The most practical way to acquire such large amount of data is 

by using automated multi-electrode data acquisition system. In the interpretation 

of ground resistivity survey, it is important to differentiate between apparent re-

sistivity and true resistivity. Apparent resistivity can be defined as the volumetric 

average of a heterogeneous half-space, except that the averaging is not done 

arithmetically but by a complex weighing function dependent on electrode’s con-

figurations [4]. 

The electrical resistivity method allows the calculation of the resistivity pre-

sent in soil. The calculation of resistivity makes it possible to obtain information 

about the subsoil nature and structure. Applying a potential difference (V) to 

the two poles of a conductor, in it will pass a current of intensity (I) which is re-

lated to the potential difference from Ohm's law: 
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(1) 

Where,  

R= electrical resistance that depends on the nature and geometric characteristics 

of the conductor. 

ΔV = difference of potential measured between M and N [V] 

I = current injected into soil [A] 

For each acquisition performed in the selected spreading, the following formula 

is generally applied: 

       (2) 

Where, 

ρ = apparent resistivity [Ω m] 

ΔV = difference of potential measured between M and N [V] 

I = current injected into soil [A] 

K = geometric coefficient related to the sounding being used 

2.1  Electrode Array 

Common array types are: (i) Wenner array: Is an attractive choice for a survey 

carried out in a noisy area (due to its high signal strength) and also if good verti-

cal resolution is required; (ii) Wenner-Schlumberger array: Might be a more suit-

able choice if good horizontal resolution and data coverage is important; (iii) 

Dipole-dipole array: Is an all-round alternative if both good horizontal & vertical 

resolutions are needed, particularly if good signal strength is also required; (iv) 

Pole-dipole: It is an alternative to the dipole-dipole for IP surveys; and (v) Multi-

ple gradient array: Relatively new array developed primarily for multi-channel 

resistivity meter systems. In the multiple gradient arrays, different sets of meas-

urements are made with the potential electrodes at different locations for the 

same current electrodes [5]. 

2.2 The Software RES2DINV 

RES2DINV is a computer program that will automatically determine a two-

dimensional (2-D) resistivity model for the subsurface for the data obtained from 

electrical imaging surveys [6]. This program is designed to invert large data sets 

(with about 200 to 21000 data points) collected with a system with a large num-

ber of electrodes (about 25 to 16000 electrodes). The 2-D model used by the in-

version program which consists of a number of rectangular blocks. A forward 

modeling subroutine was used to calculate the apparent resistivity values, and a 

non-linear least-squares optimization technique is used for the inversion routine 

[7, 8]. 

K
I

V
)(
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3 METHODOLOGY OF THE STUDY 

The research has been conducted with the following methodology: 

3.1 Study Area 

Three different buildings of Bangladesh University of Engineering and Technol-

ogy (BUET) were selected as the study area. Figure 1 (a), 1(b), 1(c) shows the 

points (red star marked) of the study area of Dhaka city and Figure 2 (a), 2(b), 

2(c) shows the study buildings. 

 

  
 

Figure 1(a): Map of Bang-

ladesh 

Figure 1(b): Map of 

Dhaka City 

Figure 1(c): Map of 

BUET 

   
Figure 2(a): Civil Engineer-

ing Building 

Figure 2(b): Mechani-

cal  Engineering Build-

ing 

Figure 2(c): Staff Quar-

ter Building (No. 17) 

Table1 shows the Geological and Geomorphological classification of the 

study area. 

Table 1: List of the study buildings of BUET Campus 

Sl. 

no 
Date 

Name of the point of 

study area 

Location City 

 Latitude Longitude 

01 05/09/2015 
Civil Engineering 

Building, BUET 
23

o 
43’ 19” N 90

o 
23’ 48” E Dhaka 

02 13/09/2015 
Mechanical Engineer-

ing Building 
23

o 
43’ 20” N 90

o 
23’ 47” E Dhaka 

03 14/10/2015 
Staff Quater Building 

(No. 17), BUET 
23

o 
42’ 24” N 90

o 
23’ 53” E Dhaka 
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3.2 Data Collection 

The Electrical Resistivity Tomography data have been gathered through elec-

trodes of length equal to 50 cm, partially driven into the ground. The electrodes 

were then connected through multichannel cables, adopting the Wenner-

Schlumberger array configuration. The details of the data collection of the points 

are given below: 

1) Civil Engineering Building, BUET:     32  

electrodes were used with electrodes saping 1 m. 

2) Mechanical Engineering Building:    32  

electrodes were used with electrodes saping 1 m. 

3) Staff Quarter Building (No. 17):     16  

electrodes were used with electrodes saping 1 m. 

3.3 Data Processing and Analysis 

The data collected from the survey have been analyzed with the software 

RES2DINV. RES2DINV is a computer program that automatically determined a 

two-dimensional (2-D) resistivity model of the subsurface for the data obtained 

from electrical imaging surveys. 

4 RESULTS AND ANALYSIS 

Primary data were processed through a 2-D inverse method, using the program 

Res2DInv. The presented figures are the results of smoothness-constrained inver-

sion; these outputs best fit the situation observed in the sites. The validity of the-

se results is supported by the low RMS error.    

Table 2: Reference resistivity values table of various materials 

Types of soil or water 
Typical Resistivity       

(Ωm) 
Usual limit (Ωm) 

Sea water 2 0.1-10 

clay 40 8-70 

Ground well and spring water 50 10-150 

Clay and sand mixtures 100 4-300 

Shale, Slate, Sandstone etc. 120 10-100 

Peat, Loam and Mud 150 5-250 

Lake and brook water 250 100-400 

Sand 2000 200-3000 

Moraine gravel 3000 40-10000 

Ridge gravel 15000 30-30000 

Solid granite 25000 10000-50000 

Ice 100000 10000-100000 
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4.1 Civil Engineering Building, BUET 

Foundation of three columns (C1, C2, C3) of Civil Engineering Building, BUET 

were selected for the study and the present and past scenario has shown in the 

Table 3.  Figure 3 shows the model resistivity of ERT at Civil Engineering Build-

ing, BUET.  

 

Figure 3: Model resistivity of ERT of Civil Engineering Building, BUET 

Table 3: Electrical Resistivity Tomography (ERT) result of Civil Engineering 

Building, BUET 

Section of Footing Foundation Resistivity Ranges 

(Ω m) 

 

 

ERT Results Section 

(Length x Depth) (in me-

ter) 

Actual Designed Con-

structed Section (Length X 

Width X Depth) (in meter) 

 

C1 1.6  X 1.45  

1.83 X 1.83 X 1.5 

67-150 

C2 1.5  X 1.3 67-200 

C3 1.8  X 1.5 67-163 

4.2 Mechanical Engineering Building, BUET 

Foundation of five columns (C1, C2, C3, C4, C5) of Mechanical Engineering 

Building, BUET were selected for the study and the present and past scenario has 

shown in the Table 4. Figure 4 shows the model resistivity of ERT at Mechanical 

Engineering Building, BUET.  

 

Figure 4: Model resistivity of ERT of Mechanical Engineering Building, BUET 
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Table 4: Electrical Resistivity Tomography (ERT) result of Mechanical Engi-

neering Building, BUET 

Section of Footing Foundation ResistivityRanges 

(Ω m) 

 ERT Results Section 

(Length x Depth)  

( m) 

Actual Designed Constructed Sec-

tion (Length X Width X Depth)  

( m) 

 

C1 2.0  X 1.3   

 

2.5 X 2.5 X 1.5 

83.7-150 

C2 2.4  X 1.4  83.7-185 

C3 2.1  X 1.3  83.7-185 

C4 2.0  X 1.3 83.7-185 

C5 2.0   X 1.4  83.7-185 

4.3 Staff Quarter Building (no.17), BUET 

The Staff Quarter Building (No.17), BUET was selected for the study of masonry 

structure foundation and the present and past scenario has shown in the Table 

5.Figure 5 shows the model resistivity of ERT Staff Quarter Building (No.17), 

BUET.  

 

Figure 5: Model resistivity of ERT Staff Quater Building (No.17), BUET. 

Table 5: Electrical Resistivity Tomography (ERT) result of Staff Quarter Build-

ing (No.17), BUET 

Masonary Load BearingFoundation ResistivityRanges 

(Ω m) 

ERT Results  

( Depth, m) 

Designed Constructed Depth 

( m) 

 

1.40 m 1.5 m 27-60 

5 CONCLUSION 

The foundations were observed from the traverse have found very much similar 

to the designed constructed values. In the case of Civil Engineering Building, 

BUET the constructed section of the foundation has a much more deviation com-

pared to the required design where as the constructed section of the Mechanical 
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Engineering Building, BUET and The Staff Quarter Building (No.17), BUET 

shows very little deviation from the required design. The result of the investiga-

tion is therefore recommended as a useful guide for civil engineering Non-

Destructive investigation of foundation structure. 

6 LIMITATIONS 

Though it was not possible to cover all the sides required to represent a complete 

section of a footing as those sides are inside of the building that’s why partial 

section information’s have represented. To overcome the problem, more research 

is needed to clarify the suitable data collection array method and to create more 

spaces for the spread of cables and electrodes and if it is not possible then the 

ERT is not the suitable technique for that specific site. For the testing of ERT, 

open space is of major issue for the spread of the electric cables. ERT is not very 

suitable for the soil whose surface is not pure soil i.e., if its surface layer is filled 

with construction and other solid rubbish in several feet’s. Another major funda-

mental issue is, if the top soil is sand fill and very much dry then it creates real 

difficulties to ERT investigations. 
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Abstract. Retrofitting of existing concrete structures has become an important 

issue nowadays in the construction industry. It is needed especially when a mem-

ber is unable to take any loads or caused serious damage due to various reasons. 

In such situations, the remedy is either to demolish the existing structure and 

construct a new one or to retrofit the existing structure by an appropriate 

strengthening methodology. As Bangladesh is densely populated country and 

maximum buildings constructed here are without appropriate building code, so 

demolishing those structure are beyond imagination, that’s why re-strengthening 

those structure are much more feasible and economical. Due to this reason Ret-

rofitting has become very popular in Bangladesh. In this experiment we have 

emphasized on the connection between old and new concrete. 7 cores have been 

jacketed with 1.5 inch thickness of concrete and cured for 28 days. An adhesive 

(Nitobond SBR) has been applied on the outer surface of the core so that there is 

a strong bondage between old concrete and new concrete. The main purpose of 

this experiment is to see weather old and new concrete fail or not. The interface 

between concretes must assure enough shear strength as a main requirement to 

resist the applied actions on the structure. In this experiment a sufficient connec-

tion of concrete between contact surfaces, pattern of failure mode, and perfor-

mance of a retrofitted member as a “composite” element are presented. 

 

Keywords: Retrofitting, interface between concretes, composite elements, bond-

age between old concrete and new concrete.  
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1 INTRODUCTION 

Geographically Bangladesh is in active Earthquake zone. Bangladesh is located 

close to the boundary of two active plates: the Indian plate in the West and the 

Eurasian plate in the East and North. As a result the country is always under a 

potential threat to earthquake at any magnitude at any time, which might cause 

catastrophic death tolls in less than a minute. The recent Earthquake held in Ne-

pal has really made a strong alarm to the Engineers. In Bangladesh old buildings 

are more vulnerable to Earthquake rather than new building. The buildings which 

were constructed before the publishing of BNBC 1993 lack the seismic provision. 

Those building were not constructed according to the building code. In recent 

years lots of Earthquake had hit our country, due to this lot of building has been 

damaged that’s why to prevent disaster in future earthquakes the existing defi-

cient buildings need to be strengthened and the most economical solution is retro-

fitting. After the incident of RANA plaza many owners have taken initiatives to 

retrofit their garments or buildings but the seismic strengthening normally focus-

es on vertical extension (Column and Walls). Strengthening of beams is usually 

considered as a second priority, since the structural integrity is mainly affected 

by the capacity of the vertical elements. There are different ways to retrofit a col-

umn but in our country concrete jacketing is the most popular method. Concrete 

jacketing involves placing an additional layer of concrete covering the existing 

column together with additional longitudinal bars. The main purpose of concrete 

jacketing is to increase column’s ductility, shear capacity and bending capacity. 

It has been proved by many engineers that concrete jacketing increases column’s 

axial load carrying capacity and it alleviates problem caused by inadequate lap 

splice length. Though new concrete layers are placed but there are still some un-

solved issues like bonding between old and new concrete, whether they truly be-

have like a composite element or not and etc. Bonding between old concrete and 

new concrete is not guaranteed because of some uncertainties. Yet proper surface 

preparation, material choice, curing etc. should be ensured. However, the shear 

stress transfer mechanism between two concrete layers is a complex phenomenon 

that involves the combination of different interactions and depends on several 

parameters that influence the transmission process, such as the amount of rein-

forcement crossing the interface, the compression resistance of the weaker con-

crete, the roughness of the interface, the presence of cracking or the stress caused 

by normal forces across the interface. It is rarely possible to see/prove whether 

old concrete and new concrete ina retrofitted column really bonded together or 

really transmit shear stress as a composite element. That’s why in this experiment 

we have retrofitted cores with concrete and shown the failure pattern and perfor-

mance of the retrofitted element.  

 

 

 



M. H. Chowdhury, K. S. Ahmed, Md. Moniruzzaman, H. R. Kamal and W. Onnesha 

428 

2 EXPERIMENT AND TEST SETUP  

For this experiment we have collected 8 cores from different garments industries. 

In this experiment, cores have been jacketed by concrete and then cured for 28 

days. Diameter of the core was 3 inch and its height was 6 inch. The experiment 

was conducted in two phase. In 1st phase, 3 cores had been jacketed and in 2nd 

phase, 4 cores had been jacketed. The diameter and height of the jacketed cores 

were 6 inch and 8 inch respectively. 

 

Figure 1: Cores 

 

Figure 2: Jacketed cores 

The mix design ratio of concrete for 1st phase was 1:3:5 and aggregate size 

was 12mm downgraded. We used Sylhet sand as our fine aggregade. Details of 

the materials have been listed below. 

Table 1: List of tests performed during the experiment 

Fineness modulus of Fine aggregade 2.67 

Absorbtion capacity of course aggregade 0.05% 

Absorbtion capacity of fine aggregade 0.5% 

PH of Water 7.4 

Temperature of water 28.7 Deg Celsius 

Course aggregade size 12mm downgraded 

Water/cement ratio 0.5 

 

Before the experiment starts the outer surface of the cores were placed in wa-

ter for 10 minutes, to make a better connection with new concrete. 6x12 inch cyl-
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inders were used for this experiment. Initially 2 inch layer of concrete was placed 

in the bottom of the cylinder then the cores were placed in the center position of 

the cylinder after that concrete was placed until the height of the cylinder gets to 

10 inch. Cement grout has been used on outer surface of the cores to make better 

connection with new concrete. Though cement grout has not been considered as 

adhesive.    

 

Figure 3: Concrete casting 

In the 2nd phase we have jacketed 4 cores but this time our mix design ratio 

was 1:1.5:3. Course aggregate size was 10 mm downgraded and Sylhet sand has 

been used as fine aggregate. W/C ration was kept to 0.5. Before the start of ex-

periment we have roughened the cores with chisel and steel brash and then 

placed in the water for 10 minutes so that the connection between core and new 

concrete gets strong. The procedure was same like the 1st phase but this time we 

used NITOBOND SBR as an adhesive. As the adhesive was liquid so we place 

that liquid adhesive to the outer surface of the core by a brush and the placed 

immediately at the middle of the cylinder above 2 inch of concrete and then 

poured concrete until it gets to 10 inch height. After casting concrete it was dried 

for 24 hours and then cured for 28 days.  
After 28 days of curing, we dried the jacketed cores for 24 hours and then we 

cut the additional layer of 2 inch concrete by concrete cutting machine. After that 

we crushed the jacketed cores by concrete crushing machine 

 

Figure 4: Placing the core at the center of cylinder 
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Figure 5: Elevation view of jacketed 

core 

Figure 6: Crushing concrete in 

concrete testing machine 

3 TEST RESULT 

In our 1
st
 phase of experiment, after crushing the jacketed core it has been ob-

served that the old concrete (core) and new concrete didn’t failed together, all the 

loads were taken by new concrete, core didn’t take any load. It happened because 

of the plain outer surface and adhesive was not used. So combined failure didn’t 

occur. In the 2
nd

 phase of our experiment we found that the Old concrete and new 

concrete failed together. Both core and new concrete has taken same amount of 

loads, so from this point of view it can be said that the specimen with roughened 

surface and with the application of adhesive on the outer surface will fail com-

bined.   

  

Figure 7: Combine failure didn’t occur 

 

Figure 8: Combine failure occured 
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Table 2: Max load and Stresses of different specimen 

 

Figure-9: Failure stress of specimens in 1st phase of experiment (without 

adhesive) 
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Figure-10: Failure stress of specimens in 2nd phase of experiment (with 

adhesive) 

From the table and the charts we can observe that, the failure stress of normal 

core was 1589.613 psi only but after jacketing its strength goes over 4000 psi in 

some cases so it proves that jacketing increases the strength of the core. Though 

the failure stresses and maximum loads of jacketed core without adhesive and 

jacketed core with adhesive may be close but the main reason for combined fail-

ure was because of the rough surface and the adhesive (Nitobond SBR). Because 

of the rough surface and the use of adhesive in the 2nd phase of experiment the 

shear force has transferred properly between the outer surface of core and inner 

surface of new concrete. From this experiment we can say that if a column is 

jacketed by new concrete and if the surface is roughed enough and appropriate 

adhesive is used then both old and new concrete will work as a single element. 

4 CONCLUSION 

Strengthening or retrofitting columns by the addition of reinforced concrete lay-

ers or jackets are normal construction practices in many earthquake prone coun-

tries. However, there are many unresolved issues regarding the capacity of the 

strengthened elements. Engineering judgment is often necessary to solve these 

unresolved issues. The present study has investigated the bonding between old 

concrete and new concrete. To the end of this experiment the following observa-

tion can illustrated below  

 Concrete with smaller course aggregate particle size (10 mm downgrad-

ed) are suitable for jacketing 

 The core with roughened surface bonded stronger and performed better 

than core with planer surface. 

 Roughening the surface with chisel and steel brush gave better rough sur-

face 

 Jacketed cores strength was almost 3 times stronger than normal core 

 The adhesive (Nitobond SBR) made stronger connection between old 

concrete and new concrete. 
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Abstract. In regions where earthquake occur in intervals measured in centuries, 

there is a prime need for a simple evaluation method that focuses on selection of 

buildings with high vulnerability rather than those with a high probability of sur-

vival. The current study focuses on the application of relatively simple but effec-

tive Japanese Method of seismic vulnerability assessment to existing medium to 

low-rise building of Dhaka city. A detailed survey has been carried out in the 

Dhaka city to assess the earthquake vulnerability of existing medium to low-rise 

reinforced concrete buildings. Three levels of screening have been followed for 

the seismic vulnerability assessment procedure. The Japanese seismic perfor-

mance evaluation is based on both site inspection and structural calculation to 

represent the seismic performance of existing medium and low–rise reinforced 

concrete buildings in terms of seismic performance indices of a structure. On the 

basis of the seismic performance index, the building is assessed either as ‘Safe - 

the building possess the seismic capacity required against the expected earth-

quake motions’ or as ‘Uncertain’ in seismic safety. This study presents the re-

sults of the detailed survey conducted on sixty randomly selected buildings of 

specific areas of Dhaka city. 

Keywords: Japanese method, Seismic vulnerability assessment, Reinforced con-

crete building, Seismic performance index 
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1 INTRODUCTION 

In recent years several severe earthquakes (Turkey, 2015; Afghanistan and Paki-

stan, 2015; Nepal, 2015; Japan, 2011; New Zealand, 2010 & 2011; Mexico,2011, 

Indonesia, 2010 & 2011; China, 2010; Haiti, 2010) have not only imposed inexo-

rable threat to humanity but also posed tremendous challenges to the researchers 

to develop a simple but effective seismic vulnerability assessment method. To 

predict the potential damage caused by such natural hazards like earthquake be-

fore its occurrence is still considered as a major scientific challenge. In regions 

where earthquake occurs in intervals measured in centuries, there is a prime need 

for a simple evaluation method that focuses on selection of buildings with high 

vulnerability rather than those with a high probability of survival. A relatively 

simple but effective method of seismic vulnerability assessment is used in the 

present study to check its suitability and application to Dhaka city which is con-

sidered as one of the most earthquake vulnerable cities by many earthquake spe-

cialists [6-9]. Previous researchers [1-10] have used various types of seismic 

vulnerability methods (i.e. Rapid Visual Screening (RVS) and Non Destructive 

Testing (NDT) Method [1], GIS Environment [3, 5], Turkish Method [4, 6-8], 

Fuzzy Approach [9] and Design of Experiment Methodology [8, 10]) for the ex-

isting medium and low-rise reinforced concrete buildings of Dhaka city. A de-

tailed comparison of the existing seismic vulnerability methods can be found in 

authors’ other publications [6-10]. However, after reviewing the existing meth-

ods and also after recommendations of other researchers [10-12], Japanese meth-

od of seismic vulnerability assessment is found to be a relative simple but 

appropriate method for densely populated earthquake prone cities like Dhaka. 

The expected intensity for Dhaka City is around VIII (Modified Mercalli Intensi-

ty Scale) which may be assumed to correspond to peak ground acceleration 

(PGA) in a range of 0.2g to 0.25g. According to current seismic zoning map of 

building code, for Dhaka city (Zone II) the PGA is around 0.15g on very firm 

soil, considering site effects it can be 0.20g or more [6, 13-14].A detailed survey 

was carried out in four different areas of Dhaka city as a part of the present study 

to assess the earthquake vulnerability of existing medium to low-rise reinforced 

concrete buildings. Three levels of screening have been followed for the seismic 

vulnerability assessment procedure. Detailed discussion of the Japanese method 

is not the scope of the present study. However, a summary of the method will be 

presented in the next section followed by the summary of the survey details. The 

results for the survey area will be shown in terms of seismic performance index 

of structure. On the basis of the seismic performance index, the building is as-

sessed either as ‘Safe - the building possess the seismic capacity required against 

the expected earthquake motions’ or as ‘Uncertain’ in seismic safety. A paramet-

ric study of the factors affecting the seismic performance index can be found at 

the later sections.  Finally the results obtained from the survey will be compared 

with the design of experiment method which is considered as a novel statistical 
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approach to explain the variation of information under conditions that are hy-

pothesized to reflect the variation.  

2 JAPANESE METHOD OF SEISMIC VULNERABILITY 

ASSESSMENT  

The Japanese seismic performance evaluation is based on both site inspection 

and structural calculation to represent the seismic performance of existing medi-

um and low–rise reinforced concrete buildings in terms of seismic performance 

index of structure, Is. Three levels of screening procedures, namely first, second, 

and third level screening, have been proposed for the seismic evaluation. Any 

level of the screening procedures may be used in accordance with the purpose of 

evaluation and the structural characteristics of the building [15].  

Building inspections are conducted to check the structural characteristics of 

the building, which are necessary to calculate Is. Appropriate methods for inspec-

tion are selected in accordance with the screening level; namely site inspection, 

collection of design drawings, and material tests. In case, design drawings of the 

building are not available, inspections on the structural dimensions, diameters 

and arrangements of reinforcing bars need to be examined on site, which are nec-

essary for seismic evaluation of the building in accordance with the screening 

level [15]. 

The seismic performance index of structure (Is) is evaluated based on the fol-

lowing equation valid for each storey and for each direction, 

Is= E0* SD* T      (1) 

     Where, E0= Basic seismic index of structure, SD= Irregularity index and T = 

Time index 

Basic Seismic Index, E0 (representing the basic seismic performance of a 

building) is a function of the strength index (C), the ductility index (F), and the 

storey-shear modification factor. The strength index (C) represents the lateral 

strength or the lateral load carrying capacity of a member or a storey in terms of 

shear coefficient, namely the shear normalized by the weight of the building sus-

tained by the storey. Ductility Index (F) signifies the deformation capacity of a 

structural member. Irregularity Index, SD is considered for modifying E0 in con-

sideration of unbalance in stiffness distribution and/or irregularity in structural 

plan, elevation of a building and time Index, T for  modifying E0 in consideration 

of aging of a building.  

The Basic Seismic Index of the Structure, E0is determined based on the fol-

lowing equations5and 6(whichever is larger) for the direction concerned. 

E0 = 
   

   
 (Cw + α1 Cc ). Fw   (5) 

 

E0 = 
   

   
 (Csc + α2 Cw+ α3 Cc). Fsc(6) 
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Where, n = number of stories of a building, i = number of the storey for eval-

uation, (the first storey is numbered as 1 and the top storey as n) 

Irregularity index, SD is determined based on the factors that are mentioned in 

Table 1. 

 

 

     

 

Figure 1: Definition of Cross Section Area of Wall,directly adopted from [15] 

Table 1: Factors for Irregularity Index 

Items to be 

checked 

 

Degree 

Parameters 

for Degree 

of Inci-

dence 

Horizontal 

Balance 

Regularity Ga&Ra 

Aspect ratio of plan [ Remarks b, b= length 

of the long side / length of the short side ] 
Gb&Rb 

Narrow part Gc&Rc 

Expansion joint (EJ) [d= clear width of the 

EJ / height from the base to the EJ ] 
Gd&Rd 

Wellstyle area Ge&Re 

Eccentric wellstyle area Gf &Rf 

Underground floor Gh&Rh 

Elevation 

Balance 

Story height uniformity Gi&Ri 

Soft storey Gj&Rj 

Irregularity Index, SD = q1a x q1b x q1c-------x q1j                                                      (7) 

and Degree of Incidence, q1i= [1-(1-Gi) x R1j]   ------{i=a,b,c,d,e,f,i,j}    (8) 

= [1.2-(1-Gi) x R1j] ------ {i=h}   
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Time Index is calculated based on the factors obtained from the degrees indi-

cated for the items in Table 2.  

Table 2:   Factors for Time index 

Items to be checked Degree 

Deflection 

Tilting of a building or obvious uneven settlement 

is observed 

Landfill site or former rice field 

Deflection of beam or column is observed visually 

No correspondence to the foregoing 

Cracking in walls and 

columns 

Rain leak with rust of reinforcing bar is observed 

Inclined cracking in columns is obviously ob-

served 

Countless cracking is observed in external wall 

Rain leak without rust of reinforcing bar is ob-

served 

No correspondence to the foregoing 

Fire experience 

Trace 

Experience but traceless 

No experience 

Occupation 
Chemical has been used 

No correspondence to the foregoing 

Age of building 

30 years or older 

Age of building 20 years or older 

19 years or less 

Finishing condition 

Significant spalling of external finishing due to 

aging is observed 

Significant spalling and deterioration of internal 

finishing is observed 

No problem 

     Seismic Demand Index of Structure, Iso defined as the standard level of the 

seismic index required for a building to be safe against the earthquake hazard on 

the site of the building. Expressed as the product of the constraints in Table 3. 
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Table 3: Constraints for Iso 

Basic Seismic Demand Index of Structure, Es (A sub-index representing the 

basic seismic demand for a building)  

Zone Index,Z (sub-index accounting for the expected seismic activities and 

seismic intensities) 

Ground Index,G (A sub-index accounting for the effects of soil profiles, 

geological conditions, and soil-and-structure interactions) 

Usage Index, U (sub-index accounting for the use of a building) 

Seismic safety of structure is judged by the following equation, 

Is≥ Iso  (9) 

Where, Is= Seismic index of structure and Iso= Seismic demand index of struc-

ture 

If Equation (9) is satisfied, the building is assessed as ‘Safe - the building 

possess the seismic capacity required against the expected earthquake motions’. 

Otherwise, the building is assessed as ‘Uncertain’ in seismic safety.  

The thorough procedure can be found in the Standard for seismic evaluation 

and Guideline for Seismic Retrofit of existing Reinforced Concrete building 

which is revised from the general outline given by Umemura [11] and by Japan 

Building Disaster Prevention Association in 1990 [15]. Authors were successful 

in similar analysis in implementing Design of Expert Methodology (DOE) for 

Japanese Method of assessment [10]. 

3 SURVEY DETAILS 

For the particular seismic vulnerability survey, four major areas (Mirpur, Mo-

hammadpur, Dhanmondi and Jhigatola) of the Dhaka City were chosen. Figure 

2.0 shows the distribution of the buildings in each surveyed area. The survey are-

as are also marked in the map as shown in Figure 3.0. The buildings in these are-

as are analogous to most of the densely populated areas which have high density 

of multi-storied residential buildings. Likewise the surveyed areas also reflect the 

unplanned constructions over the city. Sixty (60) randomly distinctive buildings 

were selected, of four (4) to six (6) storied levels above ground surface to con-

duct a detailed inspection for gathering data related to the structural dimensions 

of the buildings by the survey team. As per the new Bangladesh National Build-

ing Code (BNBC) 2013, provisions are now being given to higher levels of multi 

storied residential buildings due to the increase in the population density but still 

the older buildings with majorly the six stories were predicted to be the most 

seismically vulnerable. For this, analysis were conducted on majorly the build-

ings with six storied levels which sums up to forty three (43) buildings out of the 

sixty (60) residential buildings from the four distinguished survey areas.  



N. Islam, K. S. Roy, K. Islam, M. Imran and A. Hoosain 

 

 

440 

 

 

Figure 2: Distribution of Buildings in 

Each Survey Area 

 

Figure 3: Map on the portion of Dhaka 

City showing the Survey Locations in 

the Study Areas 

4 RESULTS  

Data are analyzed in the detailed spreadsheet which is developed using the Mi-

crosoft Excel software program for calculating the seismic performance indices 

where Tables1.0, 2.0 and 3.0 and empirical equations2-8areconsidered. Figure 

4.0 shows the distribution of the seismic index parameters with the building in-

ventory at each of the study area. Here, E0(X) and E0(Y) defines the basic seismic 

index of the structure for the directions concerned. SD defines the seismic index 

and T,as the time Index. 

The study areas are marked along the axis of the building inventory for sim-

plicity. However, Figure 5.0 shows the change in the seismic performance index 

of structure, Is(X) and Is(Y) for the direction concerned for the buildings in the 

study area. The seismic demand index, Iso is marked by the horizontal line which 

is calculated based on the parameters in Table 4.0. Comparison betweenFig-

ures4.0 and 5.0 concludes that, Is (X) and Is(Y) are mainly dependent on E0(X) 

and E0(Y) as SD and T are almost the same in all the study locations. This also 

indicates, the exterior outlook of the buildings do not affect much on the perfor-

mance Index Score of the buildings. 

 
Figure 4: Variation of Seismic Index Parameters with Building Inventory 
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If any of the seismic performance indices, Is(X) or Is(Y) is less than the seis-

mic demand index (Iso) for a particular building, the building is assessed to be 

UNCERTAIN. Figure 5.0 shows for a particular building in Mirpur area, Is(Y) is 

lower than Iso which leads the assessment of the building to be ‘UNCERTAIN’. 

Similarly, for Mohammadpur area two of the buildings are assessed to be 

UNCERTAIN which means the buildings have the high susceptibility to damage 

in high ground motion based on the performance score, Is(Y). Figure 6.0 shows 

the qualitative vulnerability of the buildings based on the study areas. Among the 

forty three (43) surveyed buildings, thirty eight (38) buildings are assessed as 

SAFE whereas five (5) buildings are assessed as UNCERTAIN as shown in Fig-

ure. 6.0. The reason for the five (5) ‘UNCERTAIN’ buildings is mainly due to 

the Is(Y) i.e. the shorter length of the buildings showing higher vulnerabilities.    

 
Figure 5: Variation of Seismic Indices with Building 

Inventory 

Figure 6: Qualitative 

Assessments on the 

safety of the build-

ings 

Figure 7.0 shows the change in the seismic vulnerability Indices with the in-

crease in the number of stories. Four (4) randomly selected six storied buildings 

from each of the study areas are considered. Likewise, the buildings in the pre-

scribed study locations are indicated in the graph by the seismic index symbols. 

A parabolic decrease in the seismic performance indices with the increase in the 

number of stories can be seen for most of the study locations which indicates that 

the increase in the number of stories increases the susceptibility to seismic dam-

age.   
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Figure 7: Variation of seismic indices 

with the change of number of stories 

for the study areas 

Figure 8: Comparison of DOE and 

Computed Seismic Indices for Ran-

domly selected Buildings 

Figure 8.0 shows the change in the computed Is(X) and Is(Y) in the randomly 

selected building numbers with the Is(X) and Is(Y) calculated using Design of 

Expert (DOE) Methodology [16-17] based on the Japanese Method as explained 

by the authors’ previous publications [10]. For all the locations, the Is(X) and 

Is(Y) are calculated based on the regression equations shown in [10] with the sig-

nificant parameters from the current survey data. Figure 8.0shows that the com-

puted scores from the study locations are in good agreement with those 

determined using the DOE Methodology. Detailed discussion on this issue will 

be published in authors’ future publications. 

5 CONCLUSIONS  

A relatively simple but effective Japanese method of seismic vulnerability as-

sessment is considered in the present study.A detailed survey was carried out in 

four different areas (Mirpur, Mohammadpur, Dhanmondi and Jhigatola) of Dha-

ka city as a part of the present study to assess the earthquake vulnerability of ex-

isting medium to low-rise reinforced concrete buildings. Three levels of 

screening have been followed for the Japanese method of seismic vulnerability 

assessment. The results for the survey area are shown in terms of seismic per-

formance index of structure. On the basis of the seismic performance index, the 

buildings are assessed either as ‘Safe - the building possess the seismic capacity 

required against the expected earthquake motions’ or as ‘Uncertain’ in seismic 

safety. Among the forty three (43) surveyed buildings, thirty eight (38) buildings 

are assessed as SAFE whereas five (5) buildings are assessed as UNCERTAIN.A 

parametric study of the factors affecting the seismic performance index are also 

performed. Finally, the results obtained from the survey are compared with the 

design of experiment method (DOE) and similar responses are found.  
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Abstract. This paper presents the flexural behavior of the Reinforced Concrete 

(RC) beams strengthened with Near Surface Mounted (NSM) technique. This 

technique is quite new and researchers generally used Fiber Reinforced Polymer 

(FRP) as a strengthening material. Having several attractive attributes, FRP 

products are less ductile, barely available and expensive. These are the major 

shortcomings of it to become a popular material of the current construction in-

dustry. In this perspective, steel bar is chosen in this study as an inexpensive but 

promising strengthening material in addition to the Carbon FRP material. The 

experimental study consists of seven NSM strengthened RC beams using variable 

bond length with different NSM strengthening material (steel and CFRP bar). 

The NSM strengthened RC beams showed an increment of 46% to 107% of ulti-

mate strength compare to the control beam. Besides, NSM steel strengthened 

beams showed better performance in terms of crack width and stiffness, although 

NSM CFRP strengthened beams exhibited enhanced strength increment. 

Keywords: NSM, Load-deflection, FRP, Steel, Crack, Stiffness and flexural 

strength. 
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1 INTRODUCTION 

Structural strengthening is now becoming an important branch of structural engi-

neering which aims to improve the efficiency of underperforming structures. Ex-

ternally Bonded Reinforcement (EBR) and NSM techniques are popular 

strengthening methods for RC structures. The EBR technique affixes the FRP 

plate or fabric on the beam soffit. However, premature debonding failure at plate 

end is a major drawback of it[1]. In NSM technique, FRP bar or strip is slotted in 

the groove of the concrete cover and attach with epoxy[2]. This technique offers 

higher level of strengthening efficacy, less prone to premature debonding failure 

and enhance protection against fire, mechanical damage, aging effect and vandal-

ism acts. It also demonstrate better durability, stress sharing mechanisms and fa-

tigue performance as the reinforcement is located inside [3]. 

FRP strengthened beams posed brittle failure due to its inferior ductility prop-

erty. Besides, FRP materials are not readily available to most of the countries and 

extremely costly[4]. Rahaland Rumaih [5] explored shear strengthening perfor-

mance using NSM technique with conventional steel and CFRP bar and only 

7%–10% shear capacity improvement was observed for CFRP over the steel 

strengthened test region. Rasheed et. al.[6] investigated to detect the corrosion 

influence on RC beam with NSM steel wrapped with GFRP jacket which was 

submerged in highly concentrated deicing salt solution. The study found that 

NSM steel was secured by the surrounding adhesive and GFRP laminate. Darain 

et.al [7, 8] compared NSM steel and CFRP strengthened beams and developed an 

Artificial Intelligence based serviceability prediction model. 

The assemblage of corrosion protective epoxy and ductile steel could be a 

promising NSM strengthening option. However, a few data are available on steel 

as a NSM strengthening material. The present study has a goal to assess and 

compare the flexural performance of NSM strengthened RC beam using CFRP 

and steel bar. Another important focus is to visualize the influence of variable 

embedment length on debonding failure behavior of the NSM strengthened RC 

beam. 

2 MATERIALS AND METHODS 

2.1 Test Matrix 

Numerous parameters influence the flexural performance of RC beams strength-

ened with NSM technique. This paper focuses only on the bond length deviation 

(1600 mm, 1800 mm and 1900 mm) and the strengthening materials (steel and 

CFRP bar). A total of seven RC beams were experimented under monotonic load 

with four-point bending until breakdown. The test matrix is presented below in 

Table 1. 
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Table 1: Test matrix of the experimental program 

Sl. 

No. 
Notation Description 

Groove size 

(mm) 

Total bond 

length (mm) 

1 CB 
Control RC beam  

(unstrengthened) 
- - 

2 N1.6F 12 mm NSM CFRP bar 

24×24 

(2db) 

1600 

3 N1.6S 12 mm NSM Steel bar 1600 

4 N1.8F 12 mm NSM CFRP bar 1800 

5 N1.8S 12 mm NSM Steel bar 1800 

6 N1.9F 12 mm NSM CFRP bar 1900 

7 N1.9S 12 mm NSM Steel bar 1900 

db = Diameter of the NSM bar 

2.2 Materials 

RC beam specimens were prepared in laboratory with strict supervision during 

steel reinforcement fabrication and casting operation. The concrete cube com-

pressive strength at 28 days was 43.24 MPa and cylinder strength was 35.63 MPa. 

Flexural strength was found to be 5.01 MPa. The deformed 12 mm diameter bars 

for internal and NSM reinforcement were tested in the laboratory and their yield 

stress was 400 and 520 MPa respectively and both of their modulus of elasticity 

was 200 GPa. The ultimate strength and modulus of elasticity ofsand coated 12 

mm diameter CFRP bars were 2400 MPa and 165 GPa respectively. The com-

pressive, tensile and shear strengths of Sikadur® 30 epoxy adhesive were 85-95 

MPa, 26-31 MPa and 16-19 MPa respectively at 7 days curing time and at 35
0
 C 

temperature (Sikadur®-30). 

2.3 Experimental Setup 

The under-reinforced RC beams were 2.3 m long with effective spans of 2 m and 

rectangular cross-sections with dimension of 125 mm × 250 mm. The tension 

reinforcements consisted of two 12 mm diameter ribbed bars with two 10 mm 

diameter ribbed bars in the compression zone as hanger bars. These bars were 

omitted at the middle top portion of the compression zone to ensure flexure fail-

ure. The shear reinforcements were made with 8 mm diameter ribbed steel bars 

spaced 90 mm apart. Figure 1displays the details of the beam configuration. 
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Figure 1: Reinforcement and strengthening detail of RC beam 

A special concrete saw with a diamond blade was used to create the groove 

(24 mm × 24 mm) in the longitudinal direction on the tension side of the RC 

beam. The groove dimension was selected twice the NSM bar diameter 

(2db)based on the experimental findings of different researchers work[9, 10]with 

a clear cover of 6 mm. The groove was filled with epoxy adhesive to around 2/3 

of the groove depth. The CFRP or steel bar was gently inserted halfway and the 

remaining space in the groove was filled with epoxy with proper surface level-

ling.  

2.4 Test Setup and Instrumentation 

A closed-loop Instron universal testing machine of 500kN capacity was used to 

apply four-point bending load on the prepared specimens. The machine was op-

erated under load control mode with a loading rate of 5 kN/min up to yielding of 

the internal reinforcement and then with displacement control at a rate of 1.8 

mm/min. The instrumentation of the beams is shown in Figure 2. Three vertical 

Linear Variable Differential Transducers (LVDT) were installed at the center, 

250 mm from the center (under the spreader beam load point) and 500 mm from 

the center of the RC beam to measure the deflection at these different points. 5 

mm length strain gauges were attached to the center of both the internal steel re-

inforcements and the NSM rods to measure tensile strains. 30 mm strain gauges 

2300
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were placed on the top surface of the RC beam to measure concrete compressive 

strains. Demec discs were planted at the midspan of the beams along the depth to 

measure transverse strains. A Dino-Lite digital microscope was used to measure 

micro cracks on the surface of the beams. 

 

Figure 2: Instrumentation and loading setup 

3 RESULTS AND DISCUSSION 

3.1 Load Deflection Behavior 

Figure 3(a) showed the load versus mid-span deflection of control and NSM 

CFRP strengthened RC beam. Figure 3(b) highlighted the moment-deflection 

behavior with an example of N1.8F beam. Trilinear response was observed for 

all the CFRP strengthened RC beam which can be divided into three distinct re-

gions. These are (a) elastic region, (b) concrete cracking to steel yielding region 

and (c) steel yielding to ultimate failure region.  

  

Figure 3: (a) Load – deflection diagram of control and NSM CFRP strengthened 

RC beam (b) explanation of moment vs. mid-span deflection for N1.8F beam 
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The first linear elastic region ends until the 1st cracking of concrete. After 

conversion to moment, it can be addressed as cracking moment, Mc in Figure 3. 

The 2nd
 
phase stayed until steel yielding, where widths were getting widened in 

old cracks with development of new cracks. The number of cracks stabilized at 

yielding moment My. At third phase after the steel yielding, the curve slightly 

changed its slope from My to the ultimate moment Mu due to lower stiffness of 

the CFRP bar. The load deflection curves in Figure 4for the NSM steel strength-

ened beams displayed almost a bi-linear response up to the yielding stage. Be-

yond this region the behavior of the specimens was totally nonlinear. All the 

strengthened beams demonstrated superior first cracking loads compare to the 

control beam. In addition, from Figure 4 it can be seen that the slope of the load 

deflection curve for steel is steeper than CFRP due to the higher modulus of elas-

ticity.  

 

Figure 4: Load – deflection diagram of control and NSM CFRP strengthened RC 

beam 

Table 2: Load-Defection results for different RC beams 

Beam 

ID 

Pcr 

(kN) 

Δcr 

(mm) 

Py (kN) Δy 

(mm) 

Pu (kN) Δu  

(mm) 

Failure 

mode 

CB 10.6 0.3 61.0 7.7 64.4 24.7 FF 

N1.9F 15.0 0.3 104.5 10.7 133.2 19.2 CCS 

N1.9S 23.0 0.7 101.3 10.0 103.8 12.4 FF 

N1.8F 14.0 0.6 110.6 13.0 130.8 18.6 CCS 

N1.8S 15.5 1.0 94.7 10.8 99.6 16.8 FF 

N1.6F 17.5 0.4 83.6 8.5 109.5 13.6 CCS 

N1.6S 14.4 0.7 88.7 8.3 94.1 9.4 CCS 
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Here, Pcr = first crack load; Py = yield load; Pu = ultimate load; ∆cr = deflec-

tion at 1st crack; ∆y = deflection at yield of steel; ∆max = mid-span deflection at 

maximum load, FF = flexural failure (concrete crushing after steel yielding), 

CCS = concrete cover separation. 

 

The effect of variable bond length (1600, 1800 and 1900 mm) irrespective of 

the strengthening material (CFRP or steel) is quite clear from the results of Table 

2. Here, 1900 mm bond length was performed efficiently compare to others. Oth-

er researchers also supported this findings [11, 12].From Table 2, at ultimate 

stage of the steel NSM beam with 1900 mm bond length exhibited less deflec-

tion(12.4 mm) compare to N1.9F beam. It is the highest percentile deflection re-

duction (55%) within steel or CFRP material group. Besides, N1.9S beam 

showed a tremendous 1st crack load improvement of 117% over control beam 

while for N1.9F it was only 42%. However, due to the higher tensile capacity of 

CFRP bar, it took the lead (70% to 107%) over steel NSM beam (46% to 61%) 

for the ultimate capacity of the beam comparing un-strengthened beam. 

3.2 Failure Modes 

The control beam was failed by concrete crushing at the compression zone after 

the internal tensile steel yielded. All the NSM CFRP strengthened beams were 

failed due to premature debonding problem. Except N1.6S, the other two NSM 

steel strengthened beams were failed due to concrete crushing after internal steel 

yielding. This is the most desirable failure mode of strengthened structures that 

commonly termed as flexure failure. The failure mode of N1.9F and N1.9S is 

displayed in Figure 5 and Figure 6 which were failed due to concrete cover sepa-

ration and concrete crushing respectively. 

 

Figure 5: Failure mode of N1.9F RC beam 

 

Figure 6: Failure mode of N1.9S RC beam 
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Failure for all CFRP strengthened beam and N1.6S beam was occurred due to 

concrete cover separation that initiated at the tip of NSM bar cut-off region. Sev-

eral tiny shear cracks were formed after the internal steel yielding of this beam 

and those cracks were close to the support region. The debonding failure was 

occurred slowly after formation of these shears cracks. The shear crack at the end 

of NSM CFRP rod triggered the failure mechanism where a bending crack fur-

ther aggravated the problem. Combination of these cracks further guided by hori-

zontal cracks formed at the level of internal steel and put forward along the beam 

mid-span which ensued final failure. 

3.3 Cracking Behavior 

Serviceability is measured by considering the magnitudes of deflections, 

cracks, and vibrations of structures. The well-known Gergely and Lutz [13] 

crack width equation is modified (Equation 1-2) for FRP reinforced mem-

bers[14] which is as follows: 
 

  
   

  
      √   

 
 

(1) 

 
     

        

   
 

(2) 

Here, kb can be less than, equal or greater than 1 depending upon FRP 

bond behavior with steel; Ef = modulus of elasticity of FRP (MPa);    = a 

ratio; ff= stress level in FRP (MPa); dc = thickness of cover from the ten-

sion face to the center of the closest bar (mm); A = the effective tension 

area of concrete around the main reinforcement divided by the number of 

bars (mm
2
). 

 

 

Figure 7: Crack width during 1stcrack and service load for different specimens 
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Figure 7 describes the different measurements of crack width at first crack 

and service loading. According to ACI 318-11, the service load deflection 

(span/480) for the beam specimens was found to be 4.17 mm. After analysis, the 

corresponding service load and its associated crack width was determined. Dur-

ing testing the crack width was measured with the help of digital crack micro-

scope at different load. At first crack, N1.9F, N1.8F, N1.8S and N1.6S beams 

showed almost same width around 0.05 mm. However, during service loading, 

N1.9S and N1.8S showed about 0.22 mm crack width which was lesser than oth-

er beams.  

3.4 Stiffness Behavior 

Stiffness can be defined as the capacity to repel bending or deflection when sub-

ject to loading which is also known as flexural rigidity. According to linear elas-

tic theory, the moment curvature relationship can be expressed as follows 

(Equation 3):  

  

 
 

 

  
 

(3) 

 
Here, 1/r = the curvature, M = the bending moment and K =EI, the flexural 

stiffness. 

Due to the composite nature of normal or FRP strengthened RC beam, this 

flexural stiffness changes according to increasing moment and corresponding 

cracking phenomenon (Figure 8). 

 

Figure 8: Moment-curvature diagram of FRP and without FRP strengthened 

structure 

The pre-crack stiffness K0 of all specimens were completely linear until first 

crack appeared and those were steeper compare to others stiffness (Table 3). 

From 1st crack up to the yield stage, the pre-yield stiffness K1 was comparatively 

lower than K0. However, this stiffness is significant as the service load range lies 

within this limit according to the most code of practice. The value of the pre-

ultimate stiffness K2 was the least among others stiffness (K0 and K1). At service 
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load level, the N1.9S beam displayed the superior pre-yield stiffness K1 among 

others which was due to the better modulus of elasticity of NSM steel. 

Table 3: Stiffness variation of control and strengthened RC beam 

Beam ID Pre-crack stiff-

ness, K0 

(kN/m) 

Pre-yield stiff-

ness, K1  

(kN/m) 

Pre-ultimate 

stiffness, K2 

(kN/m) 

CB 35333 7922 2607 

N1.9F 50000 9766 6938 

N1.9S 32857 10130 8371 

N1.8F 23333 8508 7032 

N1.8S 15500 8769 5929 

N1.6F 43750 9835 8051 

N1.6S 20571 10687 10011 

4 CONCLUSION 

The aim of the present study is to evaluate the flexural performance of NSM 

strengthened beams using steel and CFRP material with variable bond length. 

Recent research concentrates on CFRP product and a lack of data is found for 

steel as a NSM strengthening material. This study assesses and compares the 

flexure behavior of both materials and the outcomes are summarized as follows: 

 For both steel and CFRP strengthening materials, 1900 mm bond length 

performed better compare to 1800 mm and 1600 mm bond length. Even, the 

beams with least bond length (N1.6F and N1.6S) demonstrated enhanced ul-

timate capacity of 70% and 46% respectively compare to the control beam. 

 Flexure failure (concrete crushing after yielding of internal steel) was oc-

curred only in N1.9S and N1.8S beams where NSM steel was used with 

1900 mm and 1800 mm bond length. This result also confirmed the full 

composite action of the NSM steel with RC beams. The other samples were 

failed due to concrete cover separation which is generally known as prema-

ture debonding failure.   

 Altogether the NSM strengthened beams presented superior flexural per-

formance compare to the control beam. Even though CFRP strengthened 

beams exhibited greater increase in strength, the stiffness and cracking be-

havior were not outstanding and even less compare to steel strengthened 

beams. 
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Abstract. Retrofit measures are important considering recent events of devasta-

ting building failures, especially in the ready-made garments sector in Bangla-

desh. This paper will be assessing retrofit measures on existing structures with 

respect to realistic case studies. According to different codes and engineering 

practices, retrofit measures may vary considerably. The paper will be introdu-

cing and evaluating different retrofit measures based on FEM modeling and in 

perspective to existing seismic conditions. To achieve this, evaluations will also 

be made based on Pushover and Time history analyses conducted on the structu-

re in its present state and after retrofitting. The paper will basically focus on co-

lumn jacketing retrofit technique, which is the most common practice in this field 

in Bangladesh. The paper shows that concrete jacketing method, in view of sce-

nario in Bangladesh, is an effective method of retrofitting. Using time history 

analysis it has been seen that story drift decreases in a large manner in retrofit-

ted frame.  

 

Keywords: Finite element modelling, Retrofit, Seismic Response.  
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1 INTRODUCTION 

Retrofitting is technical interventions in structural system of a building that opti-

mize the building capacity by strengthening beam, column , footing and other 

structural members. Strength of the building is generated from the structural di-

mensions, materials, shape and number of structural elements. Ductility of the 

building is generated from good detailing, materials used, degree of seismic re-

sistance etc. Earthquake load is generated from the site seismicity, mass of the 

structures, important of buildings, degree of seismic resistant etc. Due to variety 

of structural condition of building, it is hard to develop typical rules for retrofit-

ting. Each building has different approaches depending on the structural defi-

ciencies. Hence, engineers are needed to prepare and design the retrofitting 

approaches. In the design of retrofitting approach, the engineers must comply 

with the building codes. The results generated by adopting retrofitting techniques 

must fulfill the minimum requirements on the building codes such as deformation, 

detailing strength etc.” [1] In view of this, the paper will be assessing a case 

study of an existing structure located in Gazipur. It is a six storied RC structured 

building. The building was constructed in two phases between 2007 and 2009. A 

three story structure was completed in 2007 and a further three stories were con-

structed in 2009. This building is used mainly for light factory operations includ-

ing operational offices, dining, and sewing, cutting, finishing and finished goods 

storage. 

2 METHODOLOGIES 

Several visits were made to check and collect data to assess building stability 

through Scanning, Rebar testing and Core cutting, on RCC column, beam and 

slab of different levels of the building. To assess and analyze data followed the 

code of BNBC [5], the guide line of Accord, Alliance and National Tripartite 

Plan of Action (NTPA) on structural integrity, using ACI-562 code to evaluate 

concrete strength from core test results. The software generated program ETABS 

[6] was used to analyze different types of load calculation and develop a 3D 

model of existing building structure. Based on the evaluation, a retrofit model 

was also developed. 

2.1   Preliminary Assessment of the Structure  

Based on visual inspection a preliminary assessment report was made including: 

Item 1: Highly Stressed Columns 

Item 2: Cracking above slabs around columns. 

Item 3: Building documentation does not match as built structure and undocu-

mented cantilever slabs. 

Item 4: Localized areas of high loading in all building 

Item 5: Unrestrained parapet at roof level 
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2.2 Geotechnical Investigation 

This proposed land consisted of 6 bore holes were drilled up to 15 meter depth 

from the existing ground level (EGL). The allowable bearing capacity of soil un-

der the bore hole 1 to bore hole 6 considered  as isolated column footing (shallow 

foundation) in the following way : The allowable bearing capacity of footing qa 

is taken for BH-1, 2 & 4 as 1.30 tsf, bh-3 & 5 as 1.40 tsf and BH-6 1.20 tsf. 

(F.S=2.50) at a depth 8 feet from EGL. 

2.3 Strength Assessment Of Concrete  

To assess the strength of the concrete, we performed core test in June 2014 and 

March 2015. According to the core test result of the concrete strength is 11.5 

MPA.  

2.4 Test Of Collected Steel Sample 

Rebar samples collected from the building showed 380 MPA yield strength 

according to laboratory test results.  

2.5 Scanning Of Structural Member 

To verify the reinforcement in the existing columns, beams and slabs, Ferro 

scanning was performed. Reinforcements were scanned at nineteen locations 

at different floor levels; two locations at level 1 (two beams), Five locations 

at level 2 (four columns and one slab), seven locations at level 3 (four col-

umns, one slab and two beams) and five locations at level 6 (four columns 

one slab). 

3 STRUCTURAL ANALYSIS  

3.1  Structural Model 

A three dimensional Finite Element (FE) analysis has been performed for this 

building based on as-built layout. The building has beam supported slab system 

(level-1, 2, 3) and edge supported slab system (level-4, 5, 6). Beams and columns 

were modeled with appropriate frame elements. The slab was modeled with shell 

elements. Fig.-1 shows the 3D model of the building and Fig.- 2 show the plan at 

typical floor level as modeled in the FE package ETABS 9.7.0. [2] Structural 

details are given in the table 1. 
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Table 1 : Structural Details of the Model Studied 

fc' 11.5 MPA 

fy 380 MPA 

Beam 0.375mx0.25m 

Column C1 0.3mx0.3m 

Column C2 0.4mx0.3m 

Column 

C3 

0.45mx0.3m 

Column C4 0.6mx0.3m 

Slab S5 0.125m 

Slab P5P5 0.175m 

Slab S8 0.2m 

 

 

 Figure 1: 3D view of the building 

3.2 Boundary Condition 

For a structure like this building, it is reasonable to assume that the bases of col-

umns are fully restrained in all directions both translational and rotational. Thus, 

all the nodes at the bottom of each column were rendered fully restrained against 

all sort of displacement in the node. 
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 Figure 2: Plan view of the building 

3.3 Retrofit Assessment 

After conducting FE analysis, a great number of columns in the building were 

found to be inadequate. Design Load to Structural Element Capacity of Column 

(D/C Ratio) for columns in Level-1 are shown in Table-2. Inadequate columns 

are to be considered as those with D/C ratio greater than 1 and marked in red in 

the table. 

Table 2: D/C ratio for columns in level-1. 

Grid 

Line 

A B C D E F G H I J K L 

1       2.18 1.91 2.37 2.34 2.33  

1C            O/S 

2 1.61   1.75  1.66       

3       2.66 1.98 2.06 2.01 2.42 2.24 

4   1.71   1.67       

5       2.95 2.01 1.99 1.97 2.02 2.11 

6  1.36    1.64       

7       1.88 1.95 1.96 1.97 1.95 1.95 

8       2.55 2.02 1.90 1.92 2.01 1.89 

 N O P Q R S T U V W X Y 

1A       2.51 2.58     

1B 1.65   2.23  1.87       
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After retrofitting the design load to structural element capacity are as follows 

(Table 3). 

Table 3: D/C ratio for columns after retrofit in level-1. 

Grid 

Line 

A B C D E F G H I J K L 

1       0.44 0.38 0.39 0.36 0.33  

1C            0.32 

2 0.42   0.21  0.41       

3       0.42 0.35 0.34 0.33 0.34 0.33 

4   0.48   0.47       

5       0.44 0.35 0.24 0.24 0.27 0.31 

6  0.43    0.43       

7       0.39 0.27 0.23 0.23 0.24 0.24 

8       0.37 0.25 0.19 0.19 0.24 0.25 

 N O P Q R S T U V W X Y 

1A       0.89 0.91     

1B 0.81   0.96  0.82       

Column jacketing method was incorporated in the structural retrofit model using 

SD section design process in ETABS 9.7.0 software. The column sections were 

increased by 5 inches on each side by reinforced concrete jacketing method. [3] 

3.4 Time History Analysis 

In this study, nonlinear time history analysis was performed using SAP2000 [4] 

in basic frame and retrofitted frame. It has seen that, in retrofitted frame, story 

drift was decreased by 40% with respect to the as built structure. Story drift data 

has shown in fig 3.  

 

Figure 3: Story Drift in Basic Frame and Retrofit Frame 
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4 CONCLUSIONS 

Based on the present study, the following conclusions can be drawn: 

 Concrete jacketing of columns and encasing the joint region in a rein-

forced fillet is an effective but the most labor-intensive strengthening 

method due to difficulties in placing additional joint transverse rein-

forcement.  

 Retrofitting by column jacketing decrease story drift by 40%  

 It is important to obtain accurate as-built information and analytical data 

to perform a seismic evaluation of the existing structure and to select the 

appropriate retrofitting strategy 

 Further research should be conducted to improve the selection of  appro-

priate retrofit techniques using criteria based on performance, economy 

and constructability 
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Abstract. Bridge decks often overhangs past exterior girders in order to increase 

the width of the deck. Bridge designers typically proportion overhangs so that the 

same sections can be used for both the interior and exterior girders. While this 

leads to economical designs, the construction of these overhangs results in tor-

sional moments due to the placement of the screed rails on the overhang form. 

These moments can cause excessive rotation of the exterior girders leading to 

thin decks, reduced concrete cover, poor rideability, instabilities during con-

struction, and possible girder overstress. The deck overhang is usually formed by 

wood sheathing supported with brackets spaced over the length of the bridge. 

The brackets are connected to the top of the fascia girder with steel hangers and 

react against the girder webs. In some cases, the construction loads have result-

ed in bridges that were dangerously close to failures resulting from global or 

local instabilities. For this research, two plate girder bridges were monitored 

during construction to determine the exterior girder rotations due to the unbal-

anced construction loads. This paper presents the field maximum rotation of the 

exterior girder due to construction loads. 

Keywords: Plate Girder Bridge, exterior girder rotation, screed machine, Over-

hang deck. 
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1 INTRODUCTION 

The decks of large plate girder steel bridges typically overhang past the fascia 

girders. In fact, the overhanging portion of the deck (shown in Fig. 1) is typically 

proportioned so the same section can be used for both the interior and exterior 

girders. During deck construction, loads on the overhanging portion are support-

ed by cantilever forming steel brackets placed every 3 ft. to 6 ft. along the length 

of the exterior girders.  

In fact, the loads from fresh concrete and screed machine as shown in Fig. 2 

can make an unbalanced eccentric loading to the exterior girders. In some cases, 

these loads have resulted in bridges that were dangerously close to failures result-

ing from local and global instabilities [1]. Local instabilities are a particular con-

cern for plate girder bridges due to the slenderness effect of the girder webs [2, 3]. 

There have been several studies to evaluate commercially available overhang 

brackets and hangers [4, 5, 6] although girder rotation continues to be a concern 

due primarily to difficulties with implementation and analysis. 

 
Figure 1: Overhang deck in a typical steel girder bridge 

 

 
Figure 2: Concrete pouring and finishing work using screed machine 
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Rotation in large plate girder bridges usually depends on the span length, 

symmetrical and unsymmetrical cross sections of the girder [7], and lateral brac-

ing system or lateral support system and their connection with the main girder 

[8,9]. In particular, the exterior girder rotation (shown in Fig. 3) mostly depends 

on the overhang deck width, total construction load on the overhang and on the 

effectiveness of the bracing system used to prevent exterior girder rotation during 

construction. Several types of construction loads are applied to the overhang 

deck which is transferred to the exterior girders through steel brackets placed 

along the exterior girder. Typically, construction loads include the weight of 

fresh concrete, bridge deck finishing screed and rails, overhang formwork, 

weight of laborers and other construction-related live loads. It is possible to re-

duce the net torsional moment caused by these loads by placing the machine rails 

directly on the centerline of the exterior girders (zero eccentricity) rather than on 

the overhang formwork. The reduction in moment must be weighed against po-

tential construction difficulties as the overhang requires hand placing and finish-

ing. Most contractors prefer to place the screed rail on the overhang form since in 

this configuration, the finishing machine can reach 95% of the deck surface and 

the movement of the screed rails setup during placement is not necessary [10]. 

Differential 

vertical deflection

Exterior girder 

outward rotation

Web deformation

Screed Machine 

Fresh Concrete

 
Figure 3: Exterior girder rotation due to unbalanced eccentric load on overhang 

deck 

 
To prevent the exterior girder rotations due to the unbalanced loads from the 

overhang deck, it is essential to provide an appropriate bracing system for the 

girders. Commonly used bracing systems in the state of Illinois include trans-

verse and diagonal ties; mostly transverse ties for large plate girder bridges. The 

transverse tie arrangement (shown in Fig. 4) is a No. 4 steel reinforcing bar con-

nected from one exterior girder to the other exterior girder. An alternate bracing 

system with diagonal ties is shown in Fig. 5. In the diagonal bracing system, No. 

4 bars are used as a diagonal link from the top flange of the exterior girder to the 

bottom flange of the first interior girder. All of these bracing bars are typically 

spaced at 3ft. to 4ft. along the span of the bridge. Proper tightening of the ties 
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plays an important role in their effectiveness. Square timber blocks (4in. × 4in.) 

are also used in between girders to prevent exterior girder rotations as shown in 

Fig.5. 

 

 
Figure 4: Transverse ties 

 

 
Figure 5: Diagonal ties 

 

 
In this paper, two plate girder bridges (one is skewed and another is non-

skewed) were monitored during construction in the field to measure the exterior 

girder rotation due to the overhanging portion of the deck during construction. A 

comparison of maximum rotation in the fascia girders is shown between these 

plate girder bridges.   
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2 BRIDGE DESCRIPTION AND INSTRUMENTATION  

For this study, a skewed and a non-skewed plate girder bridge were selected to 

instrument in the field in the state of Illinois. The basic information for these 

bridges is presented in Table 1. 

Table 1: Information of the bridges 

 Belleville-II Bridge Carlyle Bridge 

Beam Type 64” PLG 78” PLG 

Skewed? 30º None 

Staged construction? Yes None 

No of Span 2 2 

Span length 145’ 200’ 

Concrete Poured Up to 78’-0” Up to 100’-0” 

Overhang Width 3’-5” 3’-4” 

Girder Spacing 9’-1” 6’-6” 

Tie Type Transverse Transverse 

Screed Type Screed machine Screed machine 

Screed Location On overhang deck On overhang deck 

 

2.1 Two-axis tilt sensor 

CXTLA02 (2-axis: transverse and longitudinal direction) tilt sensors were used 

to monitor the girder rotations as shown in Fig. 6. The sensitivity of the tilt sen-

sors was checked prior to installation.  The range of tilt sensors in measuring ro-

tation is ±20º as recommended by the manufacturer manual. Therefore, two 

specific locations (bottom flange and web) in any predefined girder at any sec-

tion were chosen to attach the tilt sensors with some extra care during erection in 

every direction. All rotations were measured in degrees. 

 
Figure 6: Installed tilt sensor in the bridge 
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3 FIELD DATA COLLECTION AND ANALYSIS 

The middle spans were instrumented in both of the bridges to monitor the exteri-

or girder rotations. The section of interest is the section at the point of maximum 

rotation for the exterior girders in the middle span, generally either located ap-

proximately at 40% or 50% of the span. Therefore, the section for instrumenta-

tion was chosen at mid-span (located between the diaphragms) of the selected 

span where most of the tilt sensors were placed to find the largest possible trans-

verse rotation of the exterior girders. The tilt data was time-history data.  To pro-

cess the data, simple moving average (SMA) system (considering four periods) 

was followed to get a smooth trend line for the field data.   

Figs.7 and 8 show the outward rotations during construction at mid-span in 

the exterior girder, respectively. In the Figs. 7 and 8, “maximum rotation” means 

the rotation of the exterior girder when all loads (fresh concrete, screed machine, 

work bridge, and other live loads) are placed at mid-span and “stable rotation” 

means the rotation of the exterior girders when there are no other loads except 

fresh concrete load.  

The maximum rotation in Carlyle Bridge is 0.92º whereas the maximum rota-

tion in Belleville-II Bridge is 1.03º. In case of stable rotation for all two bridges 

are pretty negligible.  

 
Figure 7: Exterior girder rotation in Carlyle Bridge 
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Figure 8: Exterior girder rotation in Belleville II Bridge 

4 CONCLUSION 

Based on the field data, it can be concluded the following points:  

 The exterior girders experienced very small amount of rotation in large 

plate girder bridges due to unbalanced eccentric loadings from the over-

hang deck.  

 Difference in rotation between two bridges is 10.58%, which is very 

small. Therefore it can be said that the rotation in large plate girder 

bridges does not depend on the skewness of the bridges.  

 Span length of the bridges does not really affect to introduce more rota-

tion to the exterior girder. 
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Abstract. A study was conducted into the flexural behavior of earthquake-

damaged bridge deck repaired with fiber reinforced plastic (FRP) bars. A 

20’x7’x8” bridge deck was modeled in ABAQUS environment. FRP bras was 

placed down below the deck at 5” spacing. Static was applied to bridge deck to 

see the response due to the applied load. Performance of repaired decks in terms 

of their response is evaluated and compared to those of the original and unretro-

fitted deck. The results indicate that the suggested repair system is highly effec-

tive. Both flexural strength and displacement of deck was higher than those of the 

original deck. 

 

Key word: Bridge deck, Seismic retrofitting, FRP bars, Earthquake. 
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1 INTRODUCTION 

Nowadays near surface mounted (NSM) FRP is becoming a great technology for 

increase the flexural strength and shear resistance of deficient concrete bridge 

deck. This technology includes of employing the FRP rebars or strips into 

grooves pre-cut into the concrete cover in the tension section of the deck filled 

with high strength adhesive. NSM methods have become gradually common due 

to advantages over outstanding bonded reinforcement (EBR) such as a better at-

taching capacity of the FRP, better bonding performance and more ductility. 

While the structural behavior of RC members and concrete deck strengthened 

with NSM under normal environmental conditions is getting more and more doc-

umented [1-6] their satisfactory behavior at raised temperature. 

Concrete decks are the members of the bridge that can be weakened due to the 

vibration of during earthquake. FRP materials are susceptible to deterioration of 

mechanical properties and combustion when exposed to environment.  Indeed, 

the overall performance of the NSM FRP strengthened members depends on the 

properties of the FRP-adhesive and adhesive–concrete bond interfaces. 

In this paper, finite element results investigating the behavior of NSM FRP 

strengthened deck. To evaluate the feasibility of achieving FRP system, an inves-

tigation was undertaken to find out the performance of near surface mounted 

(NSM) FRP strengthened concrete deck.  

2 MATERIAL PROPERTIES 

2.1 Concrete deck 

The considered dimensions of the deck is 20’x7’x8” as shown in Fig. 1. The ma-

terial properties considered for the finite element analysis is shown in Table 1a 

and b. 

Table 1: a) Material Properties of concrete 

Elastic Behavior 
Young’s Modulus 1300000 psi 

Poisson’s Ratio 0.2 

Damping Behavior Structural damping  0.00323 

Mass Density -- 0.00868lb/in3 

2.2 Normal reinforcement bars 

The material properties of steel bars are shown in Table 2. 

Table 2: Material Properties of conventional steel bars 

Elastic Behavior 
Young’s Modulus 29000000 psi 

Poisson’s Ratio 0.3 

Mass Density -- 0.2836lb/in
3
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Table 1: b) Concrete Damaged Plasticity 

Plasticity  Compressive Behavior Tensile Behavior 

Dilation Angle 
36.31 

Yield 

Stress 

Inelastic 

Strain 

Yield Stress Cracking 

Strain 

Eccentricity 0 0.013 0 0.00029 0 

fb0/fc0 0 0.0241 0.001 0.00194393 0.066185 

K 0   0.00130305 0.12286 

Viscosity 

parameter 

0   0.000873463 0.173427 

    0.0005855 0.22019 

    0.000392472 0.264718 

    0.000263082 0.308088 

    0.000176349 0.35105 

    0.00011821 0.394138 

    7.92388E-005 0.437744 

    5.31154E-005 0.482165 

 

 

Figure 1: Concrete deck and the dimensions 

2.3 NSM FRP reinforcement bars 

The material properties of NSM FRP steel bars are shown in Table 3. 

Table 3: Material Properties of NSM FRP bars 

Area per No. 3 bar 0.1 in
2
 

Ultimate tensile strength  250ksi 

Rupture strain  0.013 in./in. 

Modulus of elasticity of FRP laminates  19230ksi 
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The detailing of the NSM FRP bar installation is shown below: 

 

3 FINITE ELEMENT MODELING AND RESULTS 

3.1 FE Modeling 

The finite element model was constructed using ABAQUS 6.13 environment as 

shown in Fig. 2. The concrete was modeled as solid element. The steel bar and 

NSM FRP bars were modeled using beam element. “Embedded Region” con-

straint was to keep the rebars inside of the concrete. An uniformly distributed 

load of 5 lbs was applied at top surface of the deck.  

Two different models were run to investigate the behavior of the NSM FRP 

bars; i) concrete deck with NSM FRP bars, ii) concrete deck without NSM FRP 

bras.  

 

Figure 2: Finite element model for the concrete deck (meshed part) 

3.2 Results 

The deformed shapes of the concrete deck due to loading are shown in Fig. 4 to 5. 

The deflection of concrete at mid span due to loading is shown in Fig. 6 where 

the deflection with and without NSM FRP bars. Figure 6 and 7 show that adding 

of the FRP bars reduces the vertical deflection and stresses of concrete respec-

tively.  
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Figure 3: Deformed shape of the concrete deck 

 

Figure 4: Deformed shape of concrete embeded normal reinforcement  

 

Figure 5: Deformed shape of concrete embeded normal reinforcement with NSM 

FRP bars 
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Figure 6: Deflection of concrete at mid 

span due to loading  

Figure 7: Tensile stress of concrete at 

mid span due to loading 

 

Figure 8: Tensile stresses in main rebars at support location due to loading 

Figure 8 shows that adding of the FRP bars can increase the overall flexural 

capacity of the tensile elements. 

4 CONCLUSION 

Based on the field data, it can be concluded the following points:  

 NSM FRP bars can increase the overall capacity of the deck during 

earthquake.  

 Addition of FRP bars can increase the flexural strength of the deck by 

10%.  

 Effective deck thickness could be increased due to application of NSM 

FRP bars. 
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Abstract. Concrete is one of the basic elements of RCC structure and also the 

most crucial one. In recent years, a lot of researches have been conducted to de-

velop special types of concrete for special purposes. Micro-concrete is one of 

them which is mainly used for retrofitting. According to recent statistics, a large 

number of structures in the major cities of Bangladesh are vulnerable to collapse. 

Retrofitting may thus be required as a sustainable solution and for this purpose 

we can consider the utilization of micro-concrete. In this study we have aimed at 

producing micro-concrete using available local materials. Import of micro-

concrete from foreign countries costs almost five to six times more than that pro-

duced using local materials. We can also reduce the production cost even more 

by magnifying the scale of production. This paper delineates proper mixing pro-

portions of water, cement, aggregates and admixtures, to attain characteristics of 

micro-concrete using indigenous material in the context of Bangladesh.  

Keywords: Retrofitting, Vulnerable, Sustainable solution, Strength, Low cost, 

Indigenous material. 
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1 INTRODUCTION 

Recently retrofitting of structures has become an important issue to get continued 

service of existing structures such as building, bridge and others. Owing to struc-

tural deficiencies, as in a lot of cases, columns are found inadequate under seis-

mic or lateral loads and thereby jeopardizing stability and performance of whole 

structure. In these cases, columns are needed to be repaired or retrofitted. Recent-

ly, several initiatives have been taken to identify structurally deficient RMG 

(ready mate garments) factory buildings of the country after the tragic incident of 

Rana Plaza. Eventually, retrofitting of several buildings will become inevitable 

though such practice is not very common in Bangladesh. Use of Micro-concrete 

is one of the most convenient ways. Due to its high price, the practice of retrofit-

ting using micro-concrete is not common in Bangladesh. If its price can be re-

duced then it might be the most effective way. By using these materials high 

strengthen concrete can be achieved. Not only it will enhance the load carrying 

capacity but also it will give us the privilege to do retrofitting in a convenient 

way. 

2 MATERIALS & PROPERTIES 

The raw materials used for laboratory tests are locally available and they are of 

low cost too. In this study ordinary Portland cement, locally available sylhet sand, 

5 mm downgraded coarse aggregate, non-shrink water reducing admixture and 

potable water have been used to form concrete samples. The properties of these 

materials are as follows: 
 

Table 1: Properties of raw materials 
 

Materials Properties 

Ordinary Portland Cement (i) Specific gravity – 1.56 

Fine Aggregate (FA) 

(i) Absorption capacity - 

1.11% 

(ii) Specific gravity - 2.60 

(iii) Fineness modulus- 2.83 

Course Aggregate (CA) 

(i) Absorption capacity- 

2.17% 

(ii) Specific gravity - 2.48 

Master Glenium JP30 Admixture Non-shrink, water reducing 

Water Potable water 

3 METHODOLOGY  

As micro concrete is mainly used for retrofitting purpose, the basic objective of 

this study is to find a mix ratio that will provide high early (14 days) compressive 

strength as well as enough tensile strength (28 days); and also high flow ability 
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for self-compaction. After collecting materials the properties were tested. Initial-

ly the target was to achieve at least 7000 psi compressive strength and deter-

mined normal concrete mix ratio 1: 0.96:1.56 (Cement: FA: CA) for 7000 psi 

compressive strength. Five ratios were selected on this basis of normal concrete 

mix ratios. 9 cylinders were made for each ratio including 3 for 7 days compres-

sive strength, 3 for 14 days compressive strength and 3 for tensile strength. In 

following table those mix ratios is shown along with the amount of admixture, 

w/c ratio and their cost: 
 

Table 2: Final ratios of concrete tested for compressive strength 
 

Trails 

Cement : Sand : 

Coarse Aggre-

gate 

w/c 

ratio 

Admixture 

(ml/kg of ce-

ment) 

Material 

Cost 

(Taka/cft) 

F-1 1 : 1.5 : 3 0.37 6 386 

F-2 1 : 1.2 : 1.7 0.34 6 409 

F-3 1 : 1.1 : 1.6 0.35 6 415 

F-4 1 : 1 : 1.5 0.31 4.55 422 

F-5 1 : 1.1 : 1.4 0.30 3.33 418 

3.1 WORKING FLOW  DIAGRAM 

Total working procedure is presented below by flow diagram and sample pictures 

are shown in Figure 1. 

 

 

 

 
 

 

 

 

 

 
 

Figure 1: Working on laboratory 

Mixing 

Removing formwork of 

samples on following day 

Compacting cylinder 

samples 
Weighing materials 

Curing 
Compressive strength test 

on 7
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 and 14

th
 day 

Tensile strength test on 

28
th
 day 
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4 CYLINDER TESTS 

4.1   COMPRESSIVE STRENGTH TEST 
 

Compressive Strength test of the concrete specimen is most widely used test to 

measure its compressive strength. For this purpose two types of concrete speci-

men are used, Cubes & Cylinder. In this study we use cylinder test 
 

Initial Compressive strength was measured at 7 days of casting and final 

compressive strength was measured at 14 days. At time of casting initial slum 

value and slum value after 12 minutes was also counted.  The compressive 

strength and slum value of final mix ratios are shown in the following: 

 

Table 3: Compressive strength and slum value of final mix ratios of concrete 
 

Trials 

Compressive strength (psi) Slum value 

Initial 

(inch) 

Slum value 

12 min 

(inch) 
7 days 14 days 

F-1 4910 5350 3.25 2.8 

F-2 6260 6830 8.5 6.45 

F-3 5600 5780 8 6.4 

F-4 6990 7820 9 6.9 

F-5 6820 7110 8 6.5 
 

From ASTM C 39-03“Standard test method for compressive strength of cy-

lindrical concrete specimens” shows five different types of fracture. Such as a) 

cone, b) Cone and split c) Cone &shear, , d) shear, e) Columnar. Shear failure 

which occurs in this compressive strength test is shown in figure-4. 

 

 
Figure 2: Compressive test 

 

 



Production of micro-concrete using indigenous materials 

 

483 

 

4.2   TENSILE STRENGTH TEST 
 

 
 

Tensile strength is an important property of concrete because concrete structure 

is highly vulnerable to tensile cracking. Due to difficulty in applying uniaxial 

tension to concrete specimen, the tensile strength of concrete is determined by 

indirect test method: 1) split cylinder test, 2) flexure test. To determine tensile 

strength, here split cylinder test was done and we follow ASTM designation C 

496-96. The compression load is applied to diametrically and uniformly along 

the length of cylinder until the failure of the cylinder along the vertical diameter. 

 

 

The tensile strength test was done at 28
th
 days of curing. Conventionally ten-

sile strength is always approximately 10% of compressive strength. But here it 

was found more than 10% for all the ratios. In the following table these values of 

tensile strength are shown: 
 

Table 4: Tensile strength of final mix ratios of concrete 
 

Trails 
Tensile Strength (psi) 

28 days 

Tensile Strength of %Compres-

sive Strength 

F-1 915 17 

F-2 1270 18.6 

F-3 900 15.6 

F-4 1215 15.5 

F-5 950 13.4 

 

The cylinder concrete specimens of tensile strength tests were failed along the 

vertical diameter of cylinder and sample pictures are shown in Figure 3.  
 

 
 

Figure 3: Tensile test 
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5 TEST RESULTS  

A comparison between compressive strength of 14 days, tensile strength of 28 

days and cost of every trial are shown by the following diagram: 

 
 

Figure 4: Comparison between compressive and tensile strength 

 

a)  For F-1 trial, cost and strength both are minimum. Because here the 

amount of cement is less comparing to coarse and fine aggregate’s surface area 

and as a result presence of void is more and bonding strength becomes low. Its 

slum value is also comparatively low.  

b) For F-4 trails maximum material cost is required but it provides maximum 

compressive as well as tensile strength. Here the strength is maximum because 

cement is more enough with respect to surface area of course and fine aggregate 

and so inter particular void is reduced and bonding strength is high. Its flow abil-

ity is also high enough for self-compaction. 

c) Another trial F-2 shows average material cost with average compressive 

strength but its tensile strength is highest and tensile strength is 18.6% of com-

pressive strength where generally we assume tensile strength is 10% of compres-

sive strength. The trial shows initial slum value of 8.5 inch and after 12 minutes 

it becomes 6.45 inch which indicates high flow ability.   
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6 CONCLUSION 

In this study various trials of concrete samples was designed using indigenous 

materials varying in proportion of cement, coarse aggregate, fine aggregate, ad-

mixture and w/c ratio. Highest compressive strength 7820 psi was achieved for 

ratio of 1:1:1.5 (cement: sand: coarse aggregate) and its corresponding tensile 

strength was 1215 psi which was 15.5% of compressive strength. The water ce-

ment ratio was0.31 and the amount of admixture used was 4.55 ml/kg of cement. 

Its initial slum value is 9 inch and after 12 minutes it was 6.9 inch which repre-

sents high flow ability. Material cost for this specimen is 422 per cft of concrete. 

Hence, it can be concluded that the ratio of 1:1:1.5 can be considered as micro 

concrete which will have high compressive strength, higher tensile strength and 

higher slum value than conventional concrete. 

However, depending on one’s requirement other mix ratios may be selected con-

sidering the compressive strength, tensile strength and cost data of figure 4. Fig-

ure 4 may also serve as a guideline for the trend of those properties for other mix 

ratios. 
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Abstract. Bangladesh lies in moderate to high seismic zones. Many high-rise 

buildings are being constructed in different cities of the country. As per BNBC 

2006, flat plate structures, as a part of lateral load carrying system is not permit-

ted in high-seismic zone. However, many flat plate building have already been 

constructed in high-seismic zones, i.e. in Sylhet. Also, there are many flat plate 

buildings which have been designed without considering the seismic loads at all. 

For flat plates, the region around the column is always the critical location as it 

transfers combined gravity and lateral loads in a relatively small shallow section. 

Unbalanced moments generated due to seismic action need to be transferred to 

column from the flat plate. These moments are large, particularly for high-rise 

building having large span length and pose a problem in the design of the con-

nection. The percentage of moment transfer through different strip of slab of a 

ten storied flat plate structure is analysed by using Simpson’s 1/3rd rule and 

‘ETABS’ software under gravity and lateral loads and compared with percentage 

according to ACI code provision. 

Keywords: Flat plate structure, Percentage of moment, Gravity load, Seismic 

load, ETABS software. 
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1 INTRODUCTION 

Bangladesh and the north-eastern Indian states have long been one of the seismi-

cally active regions of the world and have experienced numerous large earth-

quakes during the past 200 years. In geological point of view, part of Bangladesh 

is situated in moderate to high seismic zones. However, in the country a rapid 

urbanization is going on. Presently, flat plate building is popular for its ad-

vantages regarding use and constructability. However, in the design of reinforced 

concrete flat plates, the regions around the column always pose a critical analysis 

problem. When exposed to seismic loads, the performance of slab-column frames 

has often been less than satisfactory. Brittle punching failures of flat plates have 

been observed during several earthquakes as documented by AISI, (1964) and 

Mitchell et al. (1990). Moreover, flat plate as part of lateral load carrying system 

is not permitted in high seismic zone according to ACI 318, (2008) and BNBC, 

(2006) code provisions as slab-column connection performance are not satisfac-

tory in carrying seismic loads. So it is important to understand the slab-column 

connection at critical section of flat plates. Many research efforts have been made 

in the past and are still being continued to establish rather restrictive rules for 

flat-slab systems in earthquake prone regions. It has also inspired researchers to 

start extensive experimental work, and to develop new ways to make the connec-

tions stronger and more ductile in order to allow more widespread use of flat slab 

systems in seismic zones. In the mid-seventies, Hawkins et al. (1975) were the 

first to research the effects of lateral loads on flat plate structure. Numerous tests 

(Ghali et al., 1976; Pan et al., 1989; Cao, 1993; Dilger et al., 1994) have been 

carried out to evaluate the behavior of slab-column connection at critical section. 

In this study, consider a ten storied building having flat plate slab system. For 

such type of flat plate structures in regions of seismic risk, checked the percent-

age of moment for column strip and middle strip under gravity and lateral loads. 

Again recheck the percentage of moment transferred through effective width 

(c+3h) due to lateral load. Computer software ‘ETABS’ have used for three di-

mensional frame analysis based on elasticity. 

2 GENERAL SPECIFICATIONS 

In the flat plate structures, whereas the columns are cast integrally with the floor 

slabs and reinforced in two directions so that it brings its loads directly to sup-

porting columns behave similar to moment resisting frames under horizontal 

loading. The lateral deflections of the structure are a result of simple double cur-

vature bending of the columns and a more complex three-dimensional form of 

double bending in the slab. Flat plate slab systems may be designed for gravity 

loads by empirically based direct design method according to ACI Code provi-

sion [Code Sec. 13.6]. The direct design method is generally simpler to use, but 
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is restricted to very regular layouts and normal live-load-to-dead-load ratios as 

outlined below: 

1. A minimum of three spans each way, directly supported on columns. 

2. Rectangular panels with the long span not more than twice the short span. 

3. Successive spans not differing by more than 1/3 of the longer span. 

4. Live load not more than 3 times dead load. 

5. All loads to be uniformly distributed gravity loads. 

6. For panels with beams between columns on all sides the beam relative 

stiffness must fall within a range of 5 to 1. 

Considering above all points, a typical interior frame of a ten storied flat plate 

building has been considered having 18 ft (5.5 m) (Short span) × 20 ft (6.1 m) 

(Long span) slab, supported on a 15 inch (381 mm)  square column as shown in 

[Fig. 1] and [Fig. 2]. The thickness of the slabs is 7 inch (177.8 mm) by ensuring 

that punching shear failure has not occurred according to ACI 318-08 and BNBC 

(2006) code provisions. In this modeling the dead load with self weight was 

162.5 psf (7.8 kN/m
2
) and the live load was 40 psf (2 kN/m

2
) as it is a residential 

building. Seismic zone have considered according to BNBC (2006) code provi-

sion. Zone-2 have been selected to analyze the frame considering lateral loads as 

the above mentioned residential building is located at Dhaka city. For the model-

ing of this flat plate structure, the compressive strength of concrete and yield 

strength of steel have been considered 4000 psi (27.6MPa) and 60 ksi (413 MPa) 

respectively. 

 

 

 
 

 

 
 

Figure 1: Plan view of flat 

plate slab system 
Figure 2: Plan view of interior 

panel 
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Sec. 13.6 of ACI 318-08 code provision regarding direct design method was 

considerably simplified by the 1983 Code revision. That removed the somewhat 

cumbersome earlier procedures for determining the distribution of total span 

moment in end spans and substituted a table of moment coefficients. This simpli-

fication allows direct determination of end-span moment distributions without 

the need for computation of equivalent column stiffness. 

According to ACI 318 (2008) code provision, the percentages of total nega-

tive moment, total positive moment, column strip moment and middle strip mo-

ment for interior panel are as follows:  

Negative factored moment ............................ 65% of total factored static moment 

Positive factored moment............................... 35% of total factored static moment 

Column strip negative moment....................... 75% of negative factored moment 

Middle strip negative moment......................... 25% of negative factored moment 

Column strip positive moment......................... 60% of positive factored moment 

Middle strip positive moment..........................  40% of positive factored moment 

In this study, an analysis has been done to check the percentage of moment 

transfer through column strip and middle strip of flat-plate slab system by using 

Simpson’s 1/3rd rule and ‘ETABS’ software due to gravity and lateral loads. 

Again, recheck the amount of total moments have transferred through column 

strip and effective width due to lateral load. 

This rule is applicable when even number of strips and odd number of ordi-

nates. 

Area=Common distance/3{1
st
 ordinate + last ordinate +2(Σ even ordinates) + 

4(Σ odd ordinates)} 

Area=Δx/3{y0 + yn +2(y2 + y4 + …) + 4(y1 + y3 + …)}  (1) 

 

3 RESULTS AND DISCUSSIONS 

The plan view of flat plate slab system and interior panel have given in fig-

ure1and figure 2 respectively. The flat plate slab or interior panel is divided by 

grid lines. Thirteen grid lines (A, B, C, D, E, F, G, H, I, J, K, L, M) have consid-

ered in one direction(short span) of interior panel and Fifteen grid lines (1, 2, 3, 4, 

5, 6, 7, 8, 9, 10, 11, 12, 13, 14, 15) have considered in other direction(long span) 

of interior panel. After apply the loads and complete the analysis by using 

‘ETABS’ software, moment at all nodal points can be determined. Total moment 

in the grid lines mentioned above can be calculated by using Simpson’s 1/3rd 

rule. 

 

A graphical representation of moments for that interior panel under gravity load 

is given below: 
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Figure 3: Ordinate value for moment in kip-ft/ft under gravity load along short 

span of interior panel of flat plate structure (1 kip-ft = 1.36 kN-m). 

 

 

Figure 4: Moment in kip-ft under gravity load along short span of interior 

panel of flat plate structure (1 kip-ft = 1.36 kN-m). 
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Under gravity load the percentages of total negative moment, total positive 

moment, column strip moment and middle strip moment for that interior panel 

are given below:  

Negative factored moment ......................... 67.4% of total factored static moment 

Positive factored moment............................ 32.6% of total factored static moment 

Column strip negative moment.................... 83.7% of negative factored moment 

Middle strip negative moment..................... 16.3% of negative factored moment 

Column strip positive moment..................... 53% of positive factored moment 

Middle strip positive moment...................... 47% of positive factored moment 

There are some differences in between the above discussed percentages of 

moment from Simpson’s 1/3rd rule and ‘ETABS’ software and the percentages 

of moment based on direct design method according to ACI 318 (2008) code 

provision as discussed in Sec. 2for an interior panel. 

 

A graphical representation of moments for that interior panel under lateral 

load is given below: 

 

 

Figure 5: Ordinate value for moment in kip-ft/ft under lateral load along short 

span of interior panel of flat plate structure (1 kip-ft = 1.36 kN-m). 
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Figure 6: Moment in kip-ft under lateral load along short span of interior panel of 

flat plate structure (1 kip-ft = 1.36 kN-m). 

 

Again, under lateral load the percentages of total negative moment, total posi-

tive moment, column strip moment and middle strip moment for that interior 

panel are given below: 

Negative moment...................................  100% at one side of the supporting end 

Column strip negative moment..............  98.6% of negative moment 

Middle strip negative moment................ 1.4% of negative moment 

Positive moment..................................... 100% at other side of the supporting end 

Column strip positive moment...............  99.1% of positive moment 

Middle strip positive moment................. 0.9% of positive moment 

The above discussed percentages of moment from Simpson’s 1/3rd rule and 

‘ETABS’ software in case of positive or negative moments at column strip due to 

lateral load, it can be decided that about 100% moment has transferred through 

column strip. It is also observed that in case of negative moment about 82% of 

column strip negative moment has transferred through effective width (c+3h) and 

18% of column strip negative moment has transferred through rest of the column 

strip. Similarly, in case of positive moment about 82.4% of column strip positive 

moment has transferred through effective width (c+3h) and 17.6% of column 

strip positive moment has transferred through rest of column strip. 
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4 CONCLUSIONS  

Based on limited number of model stated above, the following conclusions can 

be drawn. The study provides some necessary information related to percent-

age of moment transfer through different strip of flat plate slab system: 

 It is found that the percentages of moment from Simpson’s 1/3rd rule and 

‘ETABS’ software plays on column strip and middle strip is slightly differ-

ent from moment as specified by direct design method according to ACI 

318 (2008) code provision under gravity load. 

 In case of lateral load it is found that about 100% moment has transferred 

through column strip where the significant amount (82%) of column strip 

moment has passed through effective width(c+3h). 
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Abstract. This paper presents the deflection prediction model of Near Surface 

Mounted (NSM) RC beam using Fuzzy Logic Expert System (FLES) with different 

types of membership function. The absence of complete theoretical deflection 

prediction model of NSM strengthened RC beams persuades this research to de-

velop an Artificial Intelligence based prediction model using FLES. The pro-

posed model uses triangular and trapezoidal membership function to simulate 

the deflection behavior of strengthened beams. An experimental study was con-

ducted with one control and seven NSM strengthened beams, where the study 

variables were the strengthening materials (steel and CFRP), and the length of 

NSM bars (1600mm, 1800mm and 1900 mm). In this study, two inputs (applied 

load and variable length) were used to predict two outputs (deflection of steel 

and CFRP strengthened beams). The relative error of the predicted values was 

found to be within the acceptable limit (5%) and the goodness of fit of the pre-

dicted values was found to be closed to 1.0.  

Keywords: Artificial intelligence, Steel, CFRP, Prediction model, Error analysis. 



Application of fuzzy logic for deflection prediction of near surface mounted RC beams             

 

495 

 

1 INTRODUCTION 

Structural strengthening can upgrade the existing underperforming structural sys-

tem to carry additional loads. Among several techniques, NSM technique is 

comparatively new and effective due to its better bonding arrangement with con-

crete substrate. In this technique, FRP bar or strip is fixed in the groove of the 

concrete cover with epoxy [1]. It demonstrates less possibility of premature 

debonding failure, and enhances protection against fire, and vandalism acts [2]. 

It is essential to predict the deflection behavior of a new structural technique 

to make it popular in the professional field. However, NSM technique does not 

have any complete theoretical model. To address this gap, the present study is 

proposing a deflection prediction model using FLES which is simple, rapid, reli-

able and accurate alternative method. Already a number of researchers used this 

technique in similar applications [3, 4]. FLES uses expert appraisals as well as a 

logical system closer to human reasoning rather than extensive experimental re-

sults [5, 6] 

The present study develops a deflection prediction model using artificial intel-

ligence (AI) based technique. Another aim is to assess and compare different 

membership function used in the FLES. It is expected that this approach could be 

directly applied to real application without solving complex mathematics. 

2 METHODOLOGY OF THE EXPERIMENTAL PART 

2.1  Test Matrix 

The parameters of this study were different bond length (1600 mm, 1800 mm and 

1900 mm) and strengthening materials (steel and CFRP bar). Seven RC beams 

were tested under four-point bending load. Table 1 showed the test matrix. 

Table 1: Test matrix of the experimental program 

Sl. 

No. 
Notation Description 

Groove size 

(mm) 

Total bond 

length (mm) 

1 CB Control RC beam  - - 

2 N1.6F 12 mm NSM CFRP bar 

24×24 

1600 

3 N1.6S 12 mm NSM Steel bar 1600 

4 N1.8F 12 mm NSM CFRP bar 1800 

5 N1.8S 12 mm NSM Steel bar 1800 

6 N1.9F 12 mm NSM CFRP bar 1900 

7 N1.9S 12 mm NSM Steel bar 1900 
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2.2  Materials 

RC beam specimens were prepared in laboratory with 28 days’ cube compressive 

and flexural strength of 43.24 MPa and 5.01 MPa respectively. The yield stress 

of deformed 12 mm diameter internal and NSM reinforcement were 400 & 520 

MPa respectively with a common 200 GPa modulus of elasticity. The ultimate 

strength and modulus of elasticity of sand coated 12 mm diameter CFRP bars 

were 2400 MPa and 165 GPa respectively.  

2.3  Experimental Setup  

The under-reinforced RC beams were 2.3 m long with an effective span of 2 m 

and a rectangular cross-section of 125 mm × 250 mm (Figure 1). The main bar, 

top hanger bar and shear reinforcement were 12mm, 10mm and 8 mm diameter 

respectively. Four-point bending load was applied through a 500 kN capacity 

universal testing machine. LVDT and strain gauges were mounted to capture the 

linear deflection and strain variation.  

 

Figure 1: Reinforcement and strengthening detail of RC beam 

3 FUZZY LOGIC EXPERT SYSTEM PREDICTION MODEL  

3.1  Fuzzy Inference System 

The basic two-dimensional Mamdani type fuzzy logic expert system (FLES) 

comprises of four principal components [7].They are: (1) Fuzzification – which 

takes crisp numeric inputs and converts them into the fuzzy form needed by the 

decision-making logic, (2) Rule base – which holds a set of if-then rules, that 

quantify the knowledge that human experts have amassed about solving a specif-

ic problem, (3) Inference – which creates the control actions according to the in-

formation provided by the fuzzification module and by applying knowledge, and 

(4) Defuzzification – which calculates the actual output, i.e. converts fuzzy out-

put into a precise numerical value (crisp value).  
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3.2  Membership Function 

Membership function (MF) describes the way that every single point in the 

input space is mapped to a membership value (or degree of membership) between 

0 and 1.  The input space is sometimes referred to as the universe of discourse, a 

fancy name for a simple concept [8, 9]. The membership function which repre-

sents a fuzzy set is usually denoted by μA.  For an element x of X, the value μA(x) 

is called the membership degree of x in the fuzzy set. The Fuzzy Logic includes 

11 built-in membership functions.  These 11 functions are, in turn, built from 

several basic functions:  piecewise linear functions, the Gaussian distribution 

function, the sigmoid curve, and quadratic and cubic polynomial curves. The 

membership with piecewise linear function are the simplest. Among this category 

triangular function are mostly used due to its simplicity and rigorousness. Basi-

cally these choice of the membership function depends on the nature of the work 

[10].  

Figure 2 showed the triangular and trapezoidal MF which were used in this study. 

A triangular MF is described by three parameters a,b and c given by the ex-

pressions; where the parameters a and c locate the feet of the triangle and the pa-

rameter b locates the peak.  

 
 (       )     {   (

   

   
 
   

   
)   } 

 

        (1) 

A trapezoidal MF is described by four parameters a, b, c and d given by the ex-

pressions; where the parameters a and d locate the feet of the trapezoid and b and 

c locate the shoulder.  
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Figure 2: a) Triangular MF; b) Trapezoidal MF for input variables Length (L) 

3.3  Fuzzy Logic Development 

The proposed FLES model has two input parameters: applied monotonic load (F) 

and variable bond length (L). It was experimentally found that these two input 

parameters could significantly influence the two output parameters: deflection of 

NSM steel (DS) and FRP (DF) strengthened RC beams. The load was changed 

within the range from 0 to 100 kN and the bond length of NSM reinforcement 
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was altered between 1600 mm and 1800 mm. For fuzzification, the input variable 

F was given eleven possible linguistic variables: very very low (VVL), very low 

(VL), low (L), High low (HL), low medium (LM), medium (M), high medium 

(HM), medium high (MH), high (H), very high (VH), and very very high (VVH).  

Four linguistic variables were used for input variable L: very low (VL), low (L), 

medium (M), and high (H). The linguistic variables used for the output variables 

were Level 1 to 12 for DS and DF.  
 

Table 2: Rules for the FLES prediction model 

Rule no. 
Input variables Output variables 

F L DS DF 

1 VVL VL L1 L1 

7 VL M L2 L2 

…. …. …. …. …. 

25 VHM VL L6 L9 

36 H H L7 L9 

…. …. …. …. …. 

44 VVH H L9 L10 

 

     A Mamdani max-min inference approach and the center of gravity defuzzifi-

cation method were applied as these operators assured a linear interpolation of 

the output between the rules [5] . A total of 44 fuzzy inference rules were formed 

based on expert knowledge and past experience. Some of the rules were shown in 

Table 2. An example was illustrated in Figure 3 concerning how the output pa-

rameters were generated using the FLES rules. 
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Figure 3: Rule viewer of fuzzy inference system 

 
Explanations of these rules are described below for rule no. 1

st
 and 36

th
. 

 Rule 1: If applied force (F) is very very low (VVL), and bond length (L) 

is very low (VL) then deflection for steel bar strengthened beams (DS) is 

level 1 (L1), and deflection for CFRP bar strengthened beams (DF) is lev-

el 1 (L1). 

 Rule 36: If applied force (F) is high (H), and bond length (L) is high (H) 

then deflection for steel bar strengthened beams (DS) is level 7 (L7), and 

deflection for CFRP bar strengthened beams (DF) is level 9 (L9). 

3.4  Numerical Error Criterion 

The following statistical indicators were picked to assess the efficacy of the 

FLES. In order to establish the relative error (ε) of the structure, the following Eq. 

(3) was used. 

 

ny

yyn

i i

ii %100

1







  (3) 

In addition, the goodness of fit (η) of the predictive system was calculated as fol-

lows [Eq. (4)]. 
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where n is the number of interpretations, yi is the measured value, 


iy is the pre-

dicted value, and y is the mean of measured values. The relative error provides 

the difference between the predicted and measured values and in a perfectly ac-

curate system should be equal to zero. The goodness of fit provides the ability of 

the developed system and its highest value is 1. 

4 RESULTS AND DISCUSSION 

4.1  FLES Model Analysis 

The FLES prediction model was developed using MATLAB
®
 software. The sim-

ulated output of the prediction model was checked thoroughly by changing the 

input values. Figure 3  showed an example where the applied load (F) was 50 kN 

and the rod length (L) was 1750 mm, then all forty-four fuzzy rules were as-

sessed concurrently to determine the fuzzy outputs deflection for steel bar 

strengthened beams (DS), and deflection for CFRP bar strengthened beams (DF) 

respectively. The simulated fuzzy control surfaces were depicted in Figure 5 and 

Figure 6. It demonstrated about the dynamic nature of the fuzzy simulation over 

time which synchronized with the input and output parameters. The plots were 

used to verify the rules and the membership functions.  It is also important to 

monitor the parameters which could significantly improve the output. The incre-

mental trend of the control surface demonstrated the impact of the increasing 

load on both steel and CFRP strengthened RC beams.  

  
Figure 4: Control surface for deflection of NSM steel beam using (a) triangular 

MF, and (b) trapezoidal MF 
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Deflection increased slowly at first phase as applied load also increased until a 

certain value and reached its peak when the applied load and bar length were 

both at their maximum levels. The increment of deflection was less prominent at 

the higher levels of bar length since the stiffness of the beam became high. Con-

sequently, deflection was less for the lower levels of applied load and bar length, 

which is as expected. 

  
Figure 5: Control surface for deflection of NSM steel beam using (a) triangular 

MF, and (b) trapezoidal MF 

 

If these control surfaces are analyzed carefully, it can be easily understood that 

the difference of the triangular and trapezoidal MF are negligible and their effect 

is also less significant. It was early mentioned that the selection of MF and its 

performance is actually dependent on the nature of the work and their data pat-

tern. Some researchers also agreed that the triangular MF gave better response 

and the trapezoidal MF showed the identical result [10]. However, those works 

were involved with induction motor drive controller. So, the present study of de-

flection prediction model and its results also support the same hypothesis as oth-

ers postulated.    

4.2  Error Analysis 

The difference between the experimental values and the fuzzy predicted output 

were verified using Eqs. 3-4. The experimental and predicted values were ana-

lyzed considering variable load and bond length. The correlations between pre-

dicted and experimental values for deflection of steel and FRP bars were depicted 

in Figure 6 and 7. In the case of steel bar, the correlation coefficient (R) and 

mean relative error between the experimental and predicted deflection values 

were found to be 0.9854 and 10.20% for triangular MF and 0.9924 and 8.75% for 

trapezoidal MF respectively (Figure 6). Whereas, in the case of CFRP bar deflec-

tion, the values were 0.9904 and 9.24% for triangular MF and 0.9893 and 8.04% 

for trapezoidal MF, respectively (Figure 7). 
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Figure 6: Correlation between experimental and fuzzy output of steel bar deflec-

tion with (a) triangular MF; (b) trapezoidal MF 

  
Figure 7: Correlation between experimental and fuzzy output of CFRP bar de-

flection with (a) triangular MF; (b) trapezoidal MF 

 
The experimental outcomes confirmed about the good prediction accurateness of 

the fuzzy inference model. From Figure 6 and 7, it was observed that the correla-

tion coefficient for both steel and CFRP NSM beam showed similar superior per-

formance which was very close to 1. However, trapezoidal MF showed slight 

improved correlation over triangular MF for steel bar. This behavior was fully 

contrasted in case of CFRP bar where the correlation of triangular MF was im-

proved than trapezoidal MF. The relative error of trapezoidal MF was less com-

pare to the triangular MF for both steel and CFRP NSM beam. 

5 CONCLUSION 

This study developed a deflection prediction model for NSM strengthened RC 

beam. Static applied load and variable reinforcement length were the input pa-

rameters to obtain the deflection of NSM steel and CFRP strengthened RC beam. 

The triangular and trapezoidal membership function was considered for fuzzifi-

cation process in this analysis. This MF was chosen deliberately to check wheth-
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er there was any significant difference and impact on the fuzzification process or 

not. The conclusion is as follows: 

 

 The outputs of the suggested FLES model conformed well to the experi-

mental results. A very good correlation was found for the predicted and 

experimental values for deflection behavior of steel and CFRP strength-

ened RC beams. The relative error of the predicted values was found to 

be within the acceptable limit of 5% and the goodness of fit of the pre-

dicted values was very close to 1.0, confirming the superior performance 

of the developed model. 

 No significant difference was observed for the triangular and trapezoid 

MF for the prediction model using FLES. The variance of the correlation 

coefficient and relative errors were also negligible. The slight differences 

in these statistical parameters would not affect the performance of the 

proposed model. This observation is also supported by different re-

searchers who worked in other area of soft computing research. 
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Abstract. Bridge structures are subjected to continuous degradation due to envi-

ronmental effect and excess loading. Monitoring of bridges is a key part of any 

maintenance strategy as it can give an early warning if the bridge becomes un-

safe. This paper theoretically assesses the ability of vehicle fitted with accel-

erometers to evaluate and localize the bridge damage. Damage is defined in this 

study as loss in structure stiffness. A two degree of freedom quarter car model is 

used to represent the passing vehicle. The bridge is modeled as a simply support-

ed beam. Both car and bridge is modeled using Finite Element Analysis comput-

er program LS-DYNA program.  

 . 
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1 INTRODUCTION 

In recent years there has been a move toward sensor based monitoring for bridges 

instead of visual inspection. However, sensor based monitoring is costly, and 

need maintenance. Some authors have shifted to the instrumentation of a passing 

vehicle, rather than the bridge for monitoring. This approach is referred to as 

'drive-by' bridge inspection (Kim and Kawatani, 2009). Using this approach, 

bridge itself is not instrumented, and so the concept has the potential to be far 

more cost effective than traditional Structure Health Monitoring (SHM).  

The feasibility of using an instrumented vehicle to extract the first natural fre-

quency of the bridge has been verified in numerical studies and filed tests (Yang 

et al., 2004; Lin and Yang, 2005; Oshima et al., 2008). The use of drive-by 

method for health monitoring has been developed by Kim and Kawatani (2009), 

McGetrick et al. (2010) and Toshinami et al. (2010). 

McGetrick et al. (2009) investigated the effect of road profile on drive-by 

methods for health monitoring. Results shows that the method works well in ab-

sence of road roughness, that the road roughness excites the bridge, and the axle 

frequency acceleration become predominate in the Power Spectral Density. 

Keenahan et al. (2012) studied the use of half car four degree of freedom sys-

tem (with two axles) model over rough profile. The study shows that the effect of 

road profile in acceleration spectra can be removed by subtracting the two axle 

acceleration at the same location.  

This paper presents a novel alternative to acceleration signal analysis using 

the Apparent Profile to evaluate bridge damage. When a car passes over certain 

road profile without a bridge, the car starts to excite. Using the acceleration data 

as an input we can recalculate the profile that causes the excitation. If the car 

starts to pass over the same road profile over a healthy bridge, the back calculat-

ed profile will be contaminated by bridge displacement which refers to the 'Ap-

parent Profile'. By repeating the process for the same road profile with damaged 

bridge we will have a damaged 'Apparent Profile'. Subtracting the damaged ap-

parent profile from undamaged one will show the damage level of the bridge. In 

this paper the a set of graphs shows the change in the 'Apparent Profile' for dif-

ferent damage levels, and locations are calculated and referred to 'Damage Map-

ping' which will be used to determine the damage levels and location.  

2 VEHICLE AND BRIDGE MODEL 

A theoretical quarter car model (Fig. 1) is considered with two degrees of free-

dom, which allows for axle hop and body mass bouncing. The body mass of the 

car is presented by a suspension mass ms while the axle mass is presented by ma. 

The body mass ms is connected to the axel mass ma by a suspension spring with 

stiffness ks and viscous damper with damping value cs. The axel mass is con-

nected to the road surface by spring with stiffness ka. The tire damping is ne-
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glected. The body mass vertical acceleration is represented by  and the axle 

vertical acceleration is represented by  
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Figure 1: Theoretical quarter car model 

 

The properties of the car are listed in Table 1 and are obtained from work by 

Cebon (1999) and Harrise et al. (2007) 

 

Table 1: Properties of quarter car model 

 

Property Unit Symbol Quarter Car Model 

Body Mass kg Ms 17300 

Axel Mass kg Ma 700 

Suspension Stiffness N/m Ks 4 × 105 

Suspension Damping N.s/m Cs 10 × 103 

Tire Stiffness N/m Ka 1.75 × 106 

Body mass frequency of vi-

bration  

Hz Fbounce 0.69 

Axel mass frequency of vibra-

tion 

Hz Faxle 8.8 

 

The paper studies a real 10 m span reinforced concrete bridge. The bridge 

properties are calculated from the geometry of the bridge. An Eigen value analy-

sis was made to extract the bridges first natural frequencies. The three bridge 

properties are listed in Table 2. 
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Table 2: Properties of the Actual Bridges 

 

Bridge(m) First Natural Frequen-

cy (Hz) 

Moment of inertia around 

horizontal axe (m4) 

10 8.75  0.0434  

 

An equivalent 1D Belytschko-Schwer full cross-section integration beam el-

ement issued to represent the bridge. The equivalent rectangular beam has the 

same moment of inertia and first natural frequency for the bridge. The Elastic 

Modulus is Ec=3.5 × 1010 N/m2 and the density γ=2400 kg/m3. The equivalent 

Bridges properties are listed in Table 3. 

 

Table 3: Equivalent 1D bridge properties  

 

Bridge First Natural 

Frequency(Hz) 

Moment of inertia around hori-

zontal axe (m4) 

Section Area(m2) 

10m 8.75  0.0434  2.04   

 

The crossing of the moving vehicle over the bridge is modeled by LS-Dyna 

FEA program. The quarter car model is moving with 25m/s constant speed over a 

200 m approach distance to reach the steady state case for car excitation, fol-

lowed by the bridge.  

3 CALCULATION OF THE APPARENT PROFILE 

This section describes the Apparent Profile calculation process for quarter 
car model. The process is divided into two main stages, both of them are 
used to be modeled using LS-Dyna FEA program. First to run the quarter car 
model over the bridge to generate the acceleration data for the body mass 

 and the axle mass . This model use to simulates the actual acceleration 
data that will be collected from the instrumented truck. The quarter car 
applies a force on the bridge which can be calculated form equation (1) 

                     (1) 
 

Where'g' is the ground acceleration. This force will be used as a data 
input in the second model to get the apparent profile.  

The second model is for quarter car only without bridge. By applying the 

body mass acceleration  to the body mass, the axle mass acceleration  to 
the axle mass and the force 'F' to the contact point, thenrunning this model 

we should get the same profile ' '  which produce the acceleration data. 
The method is illustrated in Fig. 2 
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a) First Model : simulate the real life truck and the accelerometer data. 
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b) Second Model : recalculatingthe profile  
Figure 2:  Apparent Profile calculation process 

 

4 CREATE 'DAMAGE MAPPING' GRAPHS 

In this section, the quarter car is simulated crossing an approach distance 
followed by damaged bridge without roughness  to create 'Damage Mapping' 
graphs. The damage is represented as loss in stiffness as recommended by 
Shinha et al. (2002). The crack causes a loss in stiffness over a region of 
three times the beam depth varying linearly from maximum at the center. 
The damage is defined as ratio of crack depth to overall beam depth; thus, 
20% damage implies that the crack depth is 20% of the beam depth.The 
quarter car crosses a 200 m approach distance followed by 10m simply 
supported bridge. The damage is located at 10% of the bridge span (1m 
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from the end support) .The process is repeated six times for each damage 
level (from 0% to 50%).  Then the damage location moved to 20% of the 
bridge span(2m from the support) and then the process is repeated six times 
for each damage level(from 0% to 50%).  This process is respected 9 times 
for different damage location along the bridge (from 1m to 9m).The damage 
location is shown in Fig. 3 
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Figure 3: Damage Locations along the Bridge  

 
 The change in the Apparent Profile represents the damage level in 
the bridge, so damage level for 10% damage can be calculated by subtracting 
the Apparent Profile for 10% damage from the Apparent Profile for 0%. For 
20% damage, by subtracting the Apparent Profile for 20% damage from the 
Apparent Profile for 0% and so on. The change in the 'Apparent Profiles' for 
each damage level (from 10% to 50%) is calculated for each damage 
location. This set of changes in 'Apparent Profiles' refers to the 'Damage 
Mapping' for the 10m bridge which will be used to determine the exact 
damage value and location for the bridge. The 'Damage Mapping' graphs are 
shown in Fig. 4 
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(a)Damage at 10% of bridge span  (b) Damage at 20% of bridge span 
 

 
(c)Damage at 30% of bridge span          (d)Damage at 40% of bridge span 
 
 
 

 
(e)Damage at 50% of bridge span        (f)Damage at 60% of bridge span 

 
(g)Damage at 70% of bridge span    (h) Damage at 80% of bridge span 
 



Ahmed El-Hattab, Nasim Uddin and Eugene Obrien 

 

512 

 

 
(i)Damage at 90% of bridge span  

 
Figure 4: 'Damage Mapping' For 10m Bridge.  

  

5 DETERMINE DAMAGE LOCATION AND VALUE FOR DAMAGED 

BRIDGE  

In this section, the quarter car is simulated crossing an approach distance fol-

lowed by the damaged bridge. The damage is predefined at certain locations with 

certain level, and the process seeks to determine the damage level and location. 

In order to study the effect of the road roughness on the process, three different 

road profiles are used in the simulation. The road roughness is randomly generat-

ed according to ISO (International Organization for Standardization). Road 

roughness Class 'A' used for a 'very good' profile (Fig. 5a), Class 'B' for 'good' 

profile (Fig. 5b) and Class 'C' for 'fair' profile (Fig. 5c). 

 

           

   

(a) Profile A (b) Profile B (c) Profile C 

Figure 5: Road roughness along the car path. 

 

The quarter cross a 200 m approach distance followed by 10m simply sup-

ported bridge with road roughness Class 'A'. This process repeated two times: 
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first for healthy bridge, second for damaged bridge with 30% damage level at 

20% of bridge span (2m from the end support). Fig. 6 shows the recalculated 

damaged 'Apparent Profile' over 'Damage Mapping' graphs. 

 

(a)Damage at 10% of bridge span  (b) Damage at 20% of bridge span 

(c)Damage at 30% of bridge span             (d)Damage at 40% of bridge span 

 

 
(e)Damage at 50% of bridge span           (f)Damage at 60% of bridge span 
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(g)Damage at 70% of bridge span          (h) Damage at 80% of bridge span 

 
(i)Damage at 90% of bridge span  

Figure 6: Damaged 'Apparent Profile' over 'Damage Mapping' For 10m Bridge. 

 

The result shows that the 'Apparent Profile' for damaged bridge is matching 

only with the 'Damage Mapping' graph for damage at 20% of bridge span with 

30% damage level which identical with the defined damage level and location. 

The process has been repeated for damaged bridge with all other damage levels 

at different location of the span with very similar level of success and not report-

ed here for the sake of brevity of the paper. The process has been repeated two 

times for road roughness Class 'B'& Class 'C' for both damage location (20%and 

50% of bridge span) with the same damage value (30% damage). A plot shows 

the results for 20% damage location for both road roughness Class 'B'& Class 'C' 

in Fig. 7. The results show that the process is not affected by the road roughness. 

Similar results has been obtained for other damage locations but not reported 

here for the sake of brevity.  
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 Fig. 7a Profile Class B    Fig. 7b Profile Class C 

Figure 7: Apparent Profile over Damage Mapping for 20% Damage location with 

30% damage value 

 

6 CONCLUSION 

This paper studies the feasibility of using the 'Apparent Profile' to evaluate dam-

age level and location. The damage evaluation process is divided in to two main 

steps. First to calculate the 'Damage Mapping' graphs which is a set of apparent 

profiles for different damage levels and locations. Second the bridge damage lev-

el is extracted from the 'Apparent Profile'. By comparing the damaged 'Apparent 

Profile' with the 'Damage Mapping' graphs we can determine the damage level 

and location. The study shows also that the process is not affected by the road 

roughness. 
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Abstract. Edge fairings are often applied to the box-girder to improve the aero-

dynamic behavior of the long-span bridge deck. The effects of fairing on aerody-

namic behavior should be well investigated for a better design of the long-span 

bridge deck and to ensure safety against wind. The present study numerically 

investigated the influence of nose location of edge fairing on aerodynamic behav-

ior of box-girder bridge deck. The flow was simulated by two-dimensional Un-

steady RANS simulation with k-ω-SST turbulence model. Two identical shapes of 

fairing one with nose-up position and another one with nose-down position were 

considered and their aerodynamic behaviors were compared. The mean and 

RMS values of force coefficients were calculated. The pressure and velocity fields 

were scrutinized in detail to explain and understand the influence of nose loca-

tion on aerodynamic characteristics of the bridge deck. Simulations were con-

ducted at a Reynolds number of 6.0x10
4
. The results depicted that the nose 

location of the fairing influences the aerodynamic response significantly and the 

fairing with nose-down position had a better aerodynamic behavior than the fair-

ing with nose-up position for the considered shape of the fairing. 

Keywords: Aerodynamic response, Box girder, Fairing, Nose location, CFD, 

Unsteady RANS. 
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1 INTRODUCTION 

Long-span bridges often suffer from the aero-elastic problems. Various aerody-

namic countermeasures are applied to the deck to improve the aerodynamic per-

formance of the long-span bridge. Edge fairing is one of the most common 

aerodynamic countermeasures that is often applied to the long-span bridge deck 

to improve the aerodynamic behavior by reducing the along wind load and after-

body vortex shedding activity. 

For edge fairing, there are a number of important shaping parameters such as 

the top plate slope (θT), bottom plate slope (θB) and the nose location (h/D) as 

shown in Figure 1. The aerodynamic response is quite sensitive to the shape of 

the fairing [1, 2]. In previous studies [2 – 4] only the top (θT) and bottom (θB) 

plate slopes were taken into consideration and their influence on aerodynamic 

responses were investigated. However, along with the top (θT) and bottom (θB) 

plate slopes, the nose location (h/D) is also an important shaping parameter and 

its effects on aerodynamic responses and flow field should be known for efficient 

design of the long-span bridge deck.  

In this study the influence of nose location (h/D) of edge fairing on the aero-

dynamics of a closed box girder was investigated numerically. A two-

dimensional unsteady RANS simulation with k-ω-SST turbulence model was 

employed to predict the static aerodynamic response and the flow field around 

the bridge deck. A comparative study was made between two shapes of the edge 

fairing, one with nose-up position (h/D＞0.5) and another one with nose-down 

position (h/D＜0.5). The top and bottom plate slopes were kept same, yet the 

nose location (h/D) was altered by changing the orientation of the top and bottom 

plate slopes as demonstrated in Figure 1. The force coefficients and the flow 

fields such as the pressure and the velocity distributions were considered as pa-

rameter of interest. All the simulations were carried out at a Reynolds number (Re) 

of 1.2x10
4
. 

2 NUMERICAL PROCEDURE 

The unsteady Reynolds-Averaged Navier-Stokes (URANS) equations were used 

to model the flow around the bridge deck. Flow was assumed to be two dimen-

sional and incompressible in nature. The governing equations are as follows: 

 

  
(a) Nose-down (b) Nose-up 

Figure 1: Geometric configuration of the considered bridge deck 
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Where, iU   and xi are the averaged velocity and position vectors respectively, 

t is the time, P is the averaged pressure, ρ is the air density, ν is the fluid viscosity. 

Due to time averaging process, the new variable 
jiuu  appeared is known as Reyn-

olds stress. It needs modeling to close the equation, which is known as turbulence 

modeling. Turbulence modeling was attained by k-ω-SST, a two equations turbu-

lence model [5]. The Convective and diffusive terms in the governing equation 

were discredited with second order accurate central differencing schemes. For 

time integration second order accurate backward differentiation formulae method 

was utilized. PISO (Pressure implicit with splitting of operator) algorithm was 

utilized to solve those discredited equations. An open source code Open FOAM 

was used. 

 

A two dimensional domain with 48D in the lengthwise direction and 25D in 

the vertical direction, where D is the height of the bridge deck section was used 

to conduct the simulation. The object was placed at 18D downstream of the inlet. 

The outlet boundary was placed at 25D downstream of the object and height of 

the domain was 25D. The height of the domain was justified in [6]. At the outlet, 

pressure boundary condition, at the top and bottom of the domain, slip boundary 

condition and at the body, non-slip boundary condition was implemented. The 

domain was discredited spatially by a non-uniform structured grid and the cell 

size was varied gradually with a geometric progression of 1.05 in all directions 

based on previously proposed strategy [6]. The first cell height away from the 

body was selected such a way that the normalized wall distance (y
+
) remains a 

value near about 5. Further details and validation of the study can be found in [6, 

7]. 

3 RESUTLS AND DISCUSSIONS 

Simulation was conducted for the bridge decks as shown in Figure 1. The top (θT) 

and bottom (θB) plate slopes were kept unchanged, yet the orientation was altered 

to change the nose location (h/D) of the fairing. Table 1 summarizes the common 

statistics of the aerodynamic coefficients. The aerodynamic coefficients were 

calculated in per unit length in the span-wise direction and normalized with the 

width (B) of the deck. 
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Table 1: Aerodynamic coefficients of the considered bridge deck 

 Fairing with nose-down 

position (θT40-θB12) 

Fairing with nose-up 

position (θT12-θB40) 

Mean drag (CD) 0.12508 0.131131 

Mean lift (CL) -0.34875 0.17178 

Mean moment (CM) 0.093889 -0.06161 

RMS drag (CD′) 0.000619 0.001178 

RMS lift (CL′) 0.020485 0.033174 

RMS moment(CM′) 0.005276 0.008553 

 

The results imply that the fairing with nose-up position has higher drag as 

compared to the nose-down position. The sign of the lift force and moment coef-

ficients also alter when the nose location (h/D) of the fairing changes. The mo-

ment coefficient sign doesn’t bear any significance, yet the sign of the lift force 

coefficient bears significant meaning in bridge aerodynamics field.  The deck 

with nose-down position has better aerodynamic behavior as the lift force acts 

downward (negative value) increasing the cable tension and thereafter the stabil-

ity of the deck against wind. The root mean square (RMS) value of the aerody-

namic coefficients provides a general idea about the dynamic characteristics of 

the bridge deck against wind. Similar to the mean value of the aerodynamic coef-

ficients, the bridge deck with nose-down position has smaller RMS value of aer-

odynamic coefficients.  

The mean surface pressures are plotted in Figure 2 for detailed analysis of the 

flow field. The mean pressures are mainly affected in the leading edge side due 

to variation of the nose location (h/D). The magnitude and sign of the lift and 

moment coefficients are mainly controlled by the leading edge side pressure dis-

tribution. In case of nose-down position, there is a large negative pressure in the 

leading edge bottom surface and positive pressure in the leading edge top surface 

of the deck, as a result the bridge deck experienced negative lift force coefficient 

(downward) and positive moment coefficient (counterclockwise). Reverse mech-

anism is true for the case of nose-up position. The RMS pressures of the bridge 

decks are compared in Figure 3. In contrary to the mean surface pressure the 

RMS pressures are mainly affected at the trailing edge side and the deck with 

nose-up position had a little bit higher amplitude than the nose-down position.   

To improve the understanding about the flow field, the time averaged veloci-

ty fields are plotted in Figure 4. The general observation that was made in the last 

section also reflected in Figure 4. The clear shear layer separation and reattach-

ment can be seen in the leading edge side and after-body vortex shedding can be 

found. The velocity distribution at the middle of the section is plotted in Figure 5. 

The picture depicts that the flow moves much faster on the bottom deck surface 
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in case of nose-down position and creates suction on the bottom deck surface, 

increasing the negative lift value of the bridge deck. 

 
(a) Top surface pressure 

 
(b) Bottom surface pressure 

Figure 2: Mean surface pressure distribution around the bridge deck 

 

 
(a) Top surface pressure 

 
(b) Bottom surface pressure 

Figure 3: RMS surface pressure distribution around the bridge deck 
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(a) Nose-down position  

 
(b) Nose-up position 

 

Figure 4: Time averaged velocity field around the bridge deck 

 

 
 

Figure 5: Velocity distribution at the mid-section of the bridge deck 

 

4 CONCLUSIONS 

The influence of nose location (h/D) on aerodynamic response of a box girder 

bridge deck with edge fairing was investigated by employing two-dimensional 
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unsteady RANS simulation. The magnitude of the top (θT) and bottom (θB) plate 

slopes were kept same, yet the orientation of the slopes were altered to change 

the nose location (h/D). For the considered shape (θT40-θB12 or θT12-θB40) of the 

fairing, it was found that the nose-down position of the edge fairing has better 

static aerodynamic performance. The deck experienced lower aerodynamic load-

ing and less fluctuation of flow around the deck for the nose-down position of the 

edge fairing. However, in the present study only steady-state responses were ex-

plored and the discussion was limited for a particular shape of the fairing (θT40-

θB12 or θT12-θB40).In future, detailed investigation will be carried out to explore 

both the static and dynamic responses of the bridge deck for a wide range of 

shapes of the edge fairing. 
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Abstract. The Concrete Filled Steel Tubular (CFT) column system has many 

advantages compared with the ordinary steel or the reinforced concrete system 

as the orientation of the steel and concrete in the cross section optimizes the 

strength and stiffness of the section. In this study a three dimensional linear finite 

element method using ANSYS 10.0, finite element software, has been employed to 

simulate a Concrete Filled Steel Tubular (CFT) column under axial loading and 

bending to investigate the capacity and load-displacements behavior of the com-

posite sections. The dimension of the column is 5×5×113 in., slenderness ratio 

(l/r) is 78.29 and the thickness of the outer steel is taken 0.5 in. During analysis 

with ANSYS software, the CFT column model is created using 3D Solid65 ele-

ment representing the linear behavior of concrete and 3D Solid45 element repre-

senting steel tube and steel plates. For the goal of this study, Concrete 

constitutive relation is assumed linear; steel is assumed elastic plastically perfect 

and perfect bonding is assumed at the concrete-steel interface.  The analysis re-

sults obtained from this study are well matched with theoretical and numerical 

results available in literature. It is found from the study that capacity of CFT 

column is decreasing when eccentricity increases, and for concentric & eccentric 

loading, displacement increases with load increment.  

Keywords: Concrete filled steel tubular (CFT) column, Load-displacement be-

havior, Concentric, Eccentric, Finite element modeling. 
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1  INTRODUCTION 

Composite steel-concrete structures are used in civil engineering projects world-

wide. Applications include buildings, bridges, foundations, and special structures  

steel-concrete composite systems combine the advantages of a ductile steel frame 

with the stiffness of concrete components to control drift. Steel-concrete compo-

site columns are among the most common type of composite structural system. 

There are two types of composite columns: Concrete Encased Structural Steel 

Columns and Concrete Filled Steel Tubes (CFTs). Concrete Filled Steel Tubular 

(CFT) column consists of a steel tube filled with concrete and column is simply 

constructed by filling a steel hollow section with concrete. Concrete Filled Steel 

Tubular (CFT) columns have the potential of becoming the common place struc-

tural members in both low-rise and high-rise building construction. The ad-

vantages of using Concrete Filled Steel Tubular (CFT) columns in structures are: 

economic designs, improved constructability, and enhanced performance. Con-

crete Filled Steel Tube (CFT) also has many advantages over other types of col-

umns, including (a) The tube eliminates the column formwork during 

construction, (b) The tube provides longitudinal and confining reinforcement, so 

that usual reinforcement for concrete columns is often not used, (c) The steel pipe 

prevents spalling of the concrete, (d) The concrete prolongs the local buckling of 

pipe wall, (e) CFTs possess more strength, lateral stiffness, and ductility relative 

to reinforced concrete columns of similar size. Researches on Concrete Filled 

Steel Tube (CFT) as a composite member have been on-going for many decades. 

An experimental research on Circular Concrete Filled Steel Tubular (CCFT) col-

umns published in German is cited in English by Knowles and Park [1] who de-

scribed the experimental results and the other details. Malone [2] focuses on the 

behavior of concrete-filled tubular (CFT) columns under combined axial load and 

bending moment by using ANSYS finite element software. Slender columns 

were studied with varying amounts of load eccentricity. His results were com-

pared to study buckling failure modes and section capacities.  

This study focuses on the numerical analysis of the Concrete Filled Steel 

Tubular (CFT)) columns under concentric and eccentric axial loading. The study 

was conducted using ANSYS finite element software. With the help of Microsoft 

Excel, Capacity-Eccentricity, Displacement-Eccentricity, Load-Stress and Load-

Displacement curves were plotted for concentric and eccentric loading condition. 

Eventually results are compared with the experimental and theoretical results 

(Malone, 2002) and understand the behavior of Concrete Filled Steel Tube (CFT) 

properly. 

2  MODELLING APPROACH AND VALIDATION 

This study discuss about the Behavior of Concrete Filled Steel Tubular (CFT) 

slender column. The results obtained were initially compared with available pa-
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per where theoretical results as well as ANSYS results were carried out. While 

comparing with the software data the element type, the properties of the elements 

used, the steps of analysis and the analysis type were kept almost indifferent with 

that of available paper. The similarity of the result was encouraging enough to 

proceed further towards the study eliminating the need for carrying out laborato-

ry tests reducing the time for analysis thus helping to carry out more detailed and 

elaborate study. 

Two materials are used to develop the Concrete Filled Steel Tube (CFT) 

model. These two materials are designated by material 1 which stands for con-

crete and material 2 which stands for steel tube and steel plates. The characteris-

tic strengths of concrete (material 1): compressive strength of 3.5 ksi and tensile 

strength of 0.35 ksi with an elastic modulus, E= 3372 ksi and Poisson ratio ϑ=0.2. 

Figure 1 shows the liner stress-strain curve of concrete. 

 
Figure1: Stress Strain Curve of  

Concrete for Liner Action 

 

Steel (Material 2) was assumed to be elastic plastically perfect with yield 

stress Fy  = 50 ksi. with an elastic modulus E = 30,000 ksi. and Poisson ratio 

ϑ=0.3. Figure 1 shows the liner stress-strain curve of steel. Figure 2 shows the 

liner stress-strain curve of steel. A Concrete Filled Steel Tubular (CFT) column 

with concentric and eccentric loading was considered for analysis whose geomet-

ric section shown in Figure 3. 

In this paper no convergence study was carried out to determine an appropriate 

mesh density. So an assumed mesh size was examined in ANSYS.  As the mesh 

density becomes finer, the degree of accuracy of the results becomes higher. 

Therefore, 0.5 in. mesh density is selected to develop this model and the ultimate 

load was obtained.  Results obtain from theory and ANSYS in Malone [2] paper 

has been used for validation. The results of Malone’s [2] study supplemented 

experimental research which was conducted at the University of Massachusetts 

Structural Engineering Laboratory. 
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Figure 3: Specimen Geometry (a) Longitudinal Section with Steel Plates (b) 

Cross Section.

 
Figure 4: Boundary  Condition at Top  

Surface. 

 

The end boundary conditions for all the finite element models were chosen to 

simulate the actual experimental set up. The pin ended boundary condition has 

been modeled by restraining all the translational degrees of freedom and rota-

tional degree of freedom of the nodes at both ends, except the translational de-

gree of freedom in the axial direction at the top end of the column. Since the load 

is applied from the top of the column the translational degree of freedom has 

been released. Nodes other than the two ends are free to translate and rotate in X, 

Y and Z directions. Figure 4 and 5 show a schematic of the loading condition at 

the ends of each tube. 

 

 

 

 

Figure 5: Boundary Condition at 

Bottom Surface. 
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During modeling of CFT column in Malone’s [2] paper, solid45 used for steel 

assumed elastically plastic and solid65 used for concrete which supports cracking 

and crushing properties of concrete. But in this study, properties of concrete are 

limited to linear. Loading, eccentricity and boundary conditions are kept same. 

The result of model created in ANSYS 10.0 shows some difference from the re-

sult of the study of Aaron W. Malone [2]. These variations take place due to line-

ar concrete constitutive model is used in this study, whereas non-linear concrete 

constitutive model is used in Malone’s study. The percentage of variation is 2.96% 

for concentric loading, 0% for 1 in eccentric loading and, 5.33% for 2 in eccen-

tric loading Table 1 and Figure 6). Therefore, it is proven that ANSYS software 

is an appropriate method to analysis the model accurately and this model can be 

used for further study. 

 

Table 1: Comparison of loads on CFT Results 

Eccentricity 

(inch) 

Theo-

ry(Malone,2002) 

ANSYS(Malone,20

02) 

ANSYS  

(This study) 

0 139 135 131 

1 85 90 90 

2 64 68 71 

 

 
Figure 6: Comparison of Capacity- 

Eccentricity curve between the study  

of Malone[2] and this study 

 

 

     From Figure 7(a) it is understood that in Malone’s response failure was con-

trolled by global instability, there was no yield observed in steel tube. But Figure 
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7(b) global buckling is not captured in this study due to linear steel and concrete 

constitutive model are used for modeling CFT column. 

3    RESULTS AND DISCUSSIONS 

3.1 Behavior of Concrete Steel Filled Tube (CFT) with Varying of Load 

Figure 8(a) and 8(b) shows the comparison of load-stress and load-displacement 

respectively between three types of loading condition i.e. Case 1 (Concentric 

Loading), Case 2 (Eccentric Loading of 1 in.) & Case 3 (Eccentric Loading of 2 

in.) 

3.1.1Case 1: Concentric Loading 

The model was developed in ANSYS with 0.5 in. mesh. The point load was ap-

plied concentrically on a 2 in thicken plate to distribute the load over the column. 

The ultimate load obtained from ANSYS is 131 kips and concrete exceed its 

crushing limit at the upper end of column near loading plate with the increment 

of further load. The stress varies linearly with loads as concrete is assumed to be 

linear. The maximum lateral displacement occurs at the top surface. From the 

curve it is seen that the lateral displacement increases linearly with the increment 

of loads. 

3.1.2Case 2: Eccentric Loading of 1 inch 

Model was analyzed under 1 in. eccentric loading. The load was applied eccen-

trically. The ultimate load obtained from ANSYS is 90 kips. Stress is maximum 

at the upper end of column near loading plate where concrete meet its crushing 

limit. Maximum lateral displacement occurs at 76 in from the bottom face of col-

umn. 

3.1.3Case 3: Eccentric Loading of 2 inch 

Model was analyzed under 2 in. eccentric loading. The load was applied eccen-

trically. The ultimate load obtained from ANSYS is 71 kips. Stress is maximum 

at the upper end of column near loading plate where concrete meet its crushing 

limit. Maximum lateral displacement occurs at 76 in from the bottom face of col-

umn. 
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(a)                                                              (b) 

Figure 8: (a)Load-Stress Comparison Graph (b) Load-Displacement Comparison 

Graph for Three Loading Cases. 

3.2   Relation of Displacement with Eccentricity 

Figure 9 shows the variation of displacement with varying eccentricity for any 

fixed load, i.e. 60 kips and displacement increases with the increases of point 

load distance from the centre point of the plate (eccentricity). 

 
 

Figure 9: Displacement- Eccentricity Graph for 60kips Loads. 

4  CONCLUSIONS AND RECOMMENDATIONS 

Following conclusions and recommendations can be drawn on the basis of the 

result obtained from the analysis of Concrete Filled Tube (CFT) under concentric 

and eccentric loading. 
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 The ultimate load obtained from ANSYS in this study for Concrete 

Filled Steel Tube (CFT) is very close to the ultimate load measured by 

both theory and ANSYS performed by Aaron W. Malone [2]. 

 Comparing with the theory results of Malone [2], it is obtained that the 

percentage of variation in between the range of 5% to 11%. Comparing 

with the ANSYS results of Malone [2], the percentage of variation is in 

between the range of 0% to 5%. 

 In this study the linear properties of Solid65 (concrete) are taken in con-

sideration. It would be better if nonlinear properties are taken on account 

to perform the study. The results would be more precise when the mesh 

sensitivity are performed i.e. finer mesh provides more accurate results. 

The results may be less accurate due to the assumption of perfect bond-

ing of the steel-concrete interface.  

 The deterioration of load capacity with increasing load eccentricity was 

captured by CFT models. From load-stress relation, it is seen that stress 

increases with the increase of loads i.e. stress varies linearly with loads 

and also indicates the linear behavior. 

 Non-linear analysis can be performed on various shapes (i.e. circular, 

rectangular etc) Concrete Filled Steel tubular (CFT) columns. 

 A study on Concrete Filled Steel tube with various slenderness ratios can 

take place. This study could demonstrate that the behavior of concrete 

filled tube can be affected by slenderness ratio.   

 Contact material can be used in the interface of concrete and steel to in-

vestigate the interface bond of the composite sections.  

 Buckling analysis can be performed to determine critical load at which a 

structure becomes unstable and buckled. 
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Abstract. The objective of the research is to determine how the energy efficiency 

of building in Bangladesh can be improved. This research introduces the concept 

of green roofs, which has been assessed using the PHPP software. The cooling 

demand of the building is modelled on the basis of the physical and behavioural 

aspects of the occupancy. The building configurations considered are: 1) without 

green roof; 2) with green roof.A cost analysis of energy efficient measure at the 

building is done using Microsoft excels. The study reveals in which extent the 

reduced cooling demand reduce utility bills. A green roof will be financially 

attractive if the externality is internalized. The research compares the cost of 

green roof and insulation systems which reduce energy consumption and energy 

bill with internalized externalities and the cost of present energy situation with 

the existing building. The findings from the study indicate that design 

modification related to the green roof can reduce cooling load of the case study 

building top floor by 37%. It can be calculated that the savings stand at about 

taka 40, 384Tkfor the Shapla building. It can be concluded that architects, 

developers, government bodies and users should be influenced and motivated to 

change the design practice. 

KEYWORDS: Green Roof, PHPP, Building envelop, Bangladesh National 

Building Code (BNBC). 
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1 INTRODUCTION 

Bangladesh is a very densely populated country located in south Asia with one of 

the lowest per capita energy consumption in the world. The country has total area 

of 1, 47,750 km
2
, out of which1, 30,168km

2 
is land and13, 830km

2 
is 

water(Bangladesh Area). Bangladesh lies between 20.420-26.38N latitude and 

88.010-92.5000E longitude (Bangladesh latitude and Longitude Map). 

According to world population review, 160.4 million people live in Bangladesh, 

making it the 8
th
 most population country in the world. The density of population 

in Bangladesh is 1, 033 people per kilometres; making it rank 12
th
 of the 

world(Bangladesh Population 2015- World Population Review). Dhaka the capital of 

Bangladesh is located at Eastern longitude 90° and Northern longitude 

23°45´(Worldatlas).. The current population of Dhaka city is 15.391 million. 

Reasons are rural-urban migration at one of the globally highest annual rates of 

5% (Risks and opportunites of Urbanisation and magacities). Mirpur city is one 

of the conurbations in Dhaka, famous for the freedom fighter memorial. This city 

is also highly populated because of several garments factories. The case study 

building is in the Mirpur cantonment, located at 23.8042°N; 90.3667°E(Mirpur 

road wikipedia). It has a total area of 58.66km
2
 and is situated in the north east of 

Dhaka. Mirpur had a population of 10,74,232 in 2011(Mirpur road wikipedia). 

Mirpur Cantonment is well known to be the education village of Bangladesh 

armed forces, a hub of knowledge for military and civil professions. The number 

of buildings and flat of the area, including the conditions and characters of the 

flat were studies. The house owners enjoy the liberty to choose and afford 

internal layout and energy efficient house appliances at their own expenses. The 

house owners are not allowed to change the wall thickness, partition wall, floor 

tiles and roof insulation material. The case study building is shown in the 

following figure 

   
Source: (worldatlas) Source: Google Earth 

2 GENERAL PROBLEM 

In spite of having large natural gas resources and very small amount of oil and 

coal in reserve energy infrastructure in Bangladesh is poorly managed. In 

October 2011, the electricity generation capacity was 7, 119MW (Ahmed, 2011). 

Only 68% of population has access to energy and per capita availability of 
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electricity is 348 Wh per annum (Dhaka Tribune). Despite a high poverty rate 

and low energy availability, it is achieving steady economic growth with 

increased rateof electrification. The energy consumption rate has increased 

gradually due to rapidly growing population.  

3 CLIMATE OF STUDY AREA 

Climate refers to many elements including temperatures, precipitation, humidity, 

air pressure and wind. Bangladesh has a tropical climate because of its 

geographical location. Bangladesh has mainly six seasons. A hot humid summer 

from March to June; a rainy monsoon season from July to October; and dry 

winter from November to February. The use of appropriate climate data is 

essential to accurately designing an energy efficient building as it defines the 

boundary conditions, upon which all of the thermal modelling calculations are 

based. For the project, climate data were derived from the Meteonorm7 software 

(Meteonorm data given by Dipl.-Ing.Wulf Boie, Europa-Universität Flensburg). 

Latitude and longitude of the location was entered into the PHPP software. The 

two cases (normal case and worst case) of data are entered. PHPP requires two 

types of climate data set of monthly temperature and radiation in order to be able 

to calculate the cooling demand and heating demand. One of normal cases and 

one of worst cases has been shown in the following Table 1 and 2. 

Table 1: Climate data normal cases of Dhaka iterate into PHPP 

*Sources: PHPP 

Table 2: Climate data worst cases of Dhaka iterate into PHPP 

 

*Sources: PHPP 

From the climate analysis maximum and minimum temperatures in the 

normal case 28.7°C in mid-July and minimum temperatures is 17.7°C in the early 

January. It is shown in the Figure 1 that the maximum temperature in the normal 

case is 29.3°C in mid-June and minimum temperature is 15.9°C in early January, 
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it is shown in the Table 3. Heat can enter building directly through the roof or it 

can heat the building shell to higher temperature than the ambient, increasing the 

heat transfer through the building envelope. 

 

Figure 1: Ambient temperatures Worst case (Sources: Author, using PHPP). 

In the case study building both cases are considered. The first analysis 

comprises the present situation of the building. After that, solutions for saving 

energy are analysed. For example, by adding insulation systems in the top floor 

roof. Figure 2 illustrates the maximum heat gains in the room bellow of roof. In 

the case study building, there is no insulation system on the roof. Therefore, the 

roof absorbs and gains a lot of heat. Through Figure 2 and 3 it has been shown a 

lot of heat gain reduce after using insulation material on the top floor roof. 

 

Figure 2 Energy Balance cooling 

without insulation 

 

Figure 3 Energy Balance cooling 

with insulation 
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4 AN OVERVIEW OF CASE STUDY BUILDING 

The name of this 14-storey residential building is Shapla; it is situated in Mirpur 

Cantonment in Dhaka. These types of high-rise buildings are very demanding in 

Bangladesh because of increasing population. Government also prefers to build 

high rise buildings. This case study building has 4 flats on each floor, making 

total of 52 flats on all 14 storeys. There are two types of flats, C and D types. All 

dwellings are for higher middle classes. The C type floor area is 156.06m
2
 while 

the D type has 139.21m
2
. The building design followed the USD method and 

BNBC. In this report, only top floor energy consumption is discussed. Figure 4 

shows the Shapla building of Mirpur. 

    

Figure 4: Elevation view of East (A), West (B), North (C), and South (D) 

(Source: Provided by MIST). 

According to PHPP software all the components of the building envelope (the 

building envelope of a house consists of its roof, sub floor, exterior doors, and 

windows and of course the exterior wall) need to work together to keep a 

building cool. This building roof is flat and of 100mm thickness with cement 

finish on top. The house owner of the top floor pronounced that in summer it is 

very hot and very cold in winter. Systematic energy analysis of the energy 

consuming systems of the building a bottom-up approach has been chosen. This 

approach includes detailed analysis of principal sources of energy usage, which 

are celling fan and air-condition. 

All flat owners want to use celling fan because celling fan is cheaper than the 

air-conditions.In this building, all ceiling fans are 55 inches (1397 mm), 

which consume 100W. According to the survey, they use ceiling fans for 15 

hours during 8 months of the year and during 2 months for 5 hours daily and 

another 2 months for 1 hour each day. According to the interview, some time 

they also use the ceiling fan to dry their room. Occupants clean their rooms 

with water every day. The total numbers of air conditions are 8 in the top 

floor. The absence of insulation systems in the roof increases the need for air-

conditioning. A room air condition system is used to cool rooms and they 

A B C D 
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come in many different sizes, depending on the size of the room. This type of 

air conditioning unit consumes 1000 W electricity. According to the survey, 

occupants use air condition 6 hour daily during 8 months and during 2 months 

it is used for 2 hours each day. In winter they do not use air condition.  

5 ECONOMIC ANALYSIS 

To estimate the cost for power per category the current rate of energy is taka 

16.00 per kWh. The results of the demand calculation were elaborated using 

Microsoft Excel as a calculation tool. The service, which contributes to the 

thermal conditioning of the building, accounts for almost 49% of the overall 

power consumption. Because of the weather, the cooling demand is very 

high. The total energy consumption for cooling is 16,277 KWh/year, which 

results in costs of taka 260,432 TK per year in the building. A big amount of 

electricity is consumed by the top floor compared to other floors. The top 

floor is very hot because the rear insulation systems. Figure 5 shows the 

combined annual electricity consumption by different appliances in the 

building. 

 

Figure 5: Percentage of energy consumption by Appliances 
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6 DATA USED FOR COOLING DEMAND CALCULATION 

 

Figure 6: Top floor plan before rehabilitation (provided by architect) 

PHPP only considered the thermal envelope and composition of a given space 

to calculate cooling demand for such space. For the present paper, only the 

thermal envelope of the top floor of the case study building was considered in 

cooling demand calculation shown in Figure 6. The dimension of the thermal 

envelope was taken from the architectural drawing. The composition and 

thickness of the thermal envelope components required for the calculation of U-

values in PHPP were taken from data provided by MIST. 

7 COOLING DEMAND CALCULATION WITH PHPP 

The top floor of Shapla building will have a major impact on the overall energy 

consumption by air-conditioning. The decision to equip all rooms in the building 

with air condition is the major reason of the high energy consumption. The 

thermal conductivity value is used to calculate U-value for the various thermal 

envelope components, external walls, ceiling, floor, external doors chosen from 

the PHPP manual.  

Exterior and interior heat transfer resistance of these components were taken 

from general literature review. Using the passive house planning package (PHPP) 

software tool from the Passive House Institute, the energy demand required to 

keep the rooms in the building of the case study at a temperature of 25°C or less 

in the present situation was calculated for the top floor. In the present situation 

the energy demand is 1301.5kWh/flat. After a green roof is installed, the top 

floor energy consumed for cooling is reduced to 773kWh/flat. All roof material is 

chosen from the green roof cross section plan. 
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Figure 7 Temperature levels  of the top floor (Source: Author using PHPP) 

The calculated cooling load of 5,411 kWh/flat for insulation in the case of 

weather condition, and 9,110.5 kWh/flat for the case without insulation and the 

same weather conditions. Figure 10 illustrates the energy demand being reduced 

to 37% because of the insulation system. There are many proposed buildings of 

this kind, while several buildings are under construction. 

A green roof consists of mechanisms to support the roof structure as well as 

components to help perform the traditional function on a roof, which is 

waterproofing and channelling excess water towards the drains. Figure 11 shows 

a cross section of a green roof. The soil and water both have the ability to store 

heat, and they contribute to reducing the temperatures of the roof. Regarding the 

urban heat island effect, experiences show that green roof surfaces absorb solar 

radiation and this has a positive impact on both outdoor and indoor quality. It 

could be a great shade for the roof. It also adds beauty to the building. 

 

 

Figure 8: U-values for Roof without insulation 
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Figure 9: U-values for Roof with in insulation system 

 

 

Figure 10:  Comparison between present and future energy consumption 

kWh/Year 

 

Figure 11 Cross section of Basic element of roof (Source: Christopher 2010) 

8 STRUCTURE 

Additional loading is the main issue of the case study building. If a green roof is 

part of the initial design of the building, the additional load can be 
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accommodated easily. However, if a green roof is installed on an existing 

building the design will limit the carrying capacity of the existing roof. This is a 

matter to be considered in Dhaka, Bangladesh, where existing roofs are typically 

designed for a live load of 120 kg/m2. According to British Building Code, a 

green roof may have a thickness of 35.6 cm (14``). In Bangladesh, there is no 

code for green roofs, but if the owner wishes to make a roof garden then they 

should consider a live load 50 kg/m
2
. Therefore, the live load is not problem for 

green roof. This concept is very new for Bangladesh, which is a rainy country. 

Although the green roof will retain much of the rain that falls onto it, proper 

drainage must be maintained. As this is a high rise building, this green roof is to 

be used only for flower beds or vegetables. It may not be advisable to plant big 

and heavy trees. An example for a vegetable garden on a green roof is shown in 

Figures 12 and 13. 

    
 

Figure 12:  Farming on a green roof 

(Source: www.intercongreen.com) 

Figure 13: Cross section of the green 

roof for a vegetable garden 

 

Figure 14: Green roof plan for the top floor 

Table 3: Total energy consumption and cost each year 

Energy consumption( kWh/year) Cooling demand both weather  

Without green roof With green roof 

Cooling Demand 

kWh/year 
Cost per year 

Cooling Demand 

kWh/year 

Cost per 

year 

9,110.5 145,768 5,411 86,576 

http://www.intercongreen.com/
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For the calculation of the economic feasibility, it was assumed that the 

electricity tariff of taka 16.00 /kWh and the remaining electricity consumption 

remain constant. The total electricity consumption for cooling in the base 

scenario is 9,110.5kWh/ year, which will be reduced significantly after the green 

roof is constructed. 

 

Figure 15: Cash Flow of Green Roof 

9 SUGGESTION AND CONCLUSIONS 

In warm climate region like Bangladesh, where temperatures are high round the 

year, designing for the climate means designing to reduce heat gain. Orientation 

and carefully planning is very important for a comfortable house. 

Looking at the overall house design, the more surface area a building 

envelope has the more the heat gains and losses. Increasing the solar reflectivity 

of roof and horizontal or near horizontal surface around building and planning 

shade trees can yield dramatic energy savings. The benefit of trees arises both for 

direct shading and cooling the ambient air. 

The entire feature that was analysed in this case study was the reduction of the 

energy demand for cooling. According to the analysis, 37% of the cooling 

demand of the top floor can be reduced in the Shapla building by constructing a 

green roof. Therefore, the study suggests influencing the developers, architects, 

owners, and the government to build energy efficient building. This case study 

building is a government residential building; therefore, if government considers 

the construction cost and the moderate pay-back period of 9 years, it may be 

possible to design energy efficient residential building all over Bangladesh. 

About 50% of electricity consumed in households are relates to cooling 

demand. The present use of air-conditioning is not always comfortable, because 

there are only 8 air-conditions to cover the cooling demand, where really there is 

a requirement of 25 air-conditions. 

 The total annual energy demand of the case study building top floor has been 

identified as 16,277.00 kWh. per year, resulting in costs of taka 260,444.00per 

year according to researchers calculations based on present data.  
From the financial analysis, 37% of these costs can be saved by insulation of 

the roof.Apart from the economic gains for the occupants, a green roof can 
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address many of the challenges urban cities like Dhaka are facing. Plants reduce 

carbon dioxide in the atmosphere and produce oxygen. Green roofs reduce the 

volume of rain water submitted to drainage by capturing precipitation in the 

vegetated surface and through evaporation from soil and the evapotranspiration 

of plants.  

A green roof policy should be included in the BNBC. Green roofs should be 

mandatory for all new constructed buildings. Government may provide subsidies 

for a significant amount of green roof installation costs to home owners and 

developers. 
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Abstract. Masonry infill panels are often used as interior partitions and exterior 

walls in buildings. They are usually treated as non-structural elements, and their 

interaction with the bounding frame is often ignored in design. A three storey 

reinforced concrete frame structure consists of RC frames, RC floor slabs and 

URM infill walls are analyzed for strong ground motions to evaluate the influ-

ence of masonry infill panels on the dynamic response. Equivalent Strut method 

has applied on the simulation of infill walls. A detailed finite element model is 

constructed to carry out three-dimensional nonlinear time history analysis on the 

structure. The response simulations were performed for of bare frame and in 

filled frame.  

Keywords: Infill wall, Seismic response, Equivalent strut method, Time history 

analysis 
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1 INTRODUCTION 

Reinforced concrete framed building with masonry infill walls have been widely 

constructed for commercial, industrial and residential buildings in seismic-prone 

regions worldwide. It is a structural composite system which consists of a rein-

forced concrete frame with masonry or concrete panels filling the planar rectan-

gular voids between lower and upper beams and side columns. Structural 

engineers, during the design process of a building, typically, ignore the effects of 

infill masonry walls in the structural analysis. The Masonry panels which are re-

quired to build the partition and enclose the structure are generally considered as 

non-structural elements. Observations made after earthquake that these non-

structural elements had beneficial effect on buildings seismic lateral capacity. 

The main objective of this paper is to bring a contribution to the knowledge of 

the effect of infill wall on seismic response of RC frame buildings. Fig. 1 shows 

lateral load transfer mechanism in bare frame and infill wall frame.  

 

Frame action in bare frame                 Compression action in infill frame 

 

Figure 1: Change in the lateral load transfer mechanism due to infill wall panels 

2 EQUIVALENT STRUT METHOD 

From several research paper studies it shows that Equivalent diagonal strut meth-

od is used for modeling the infill wall to easy represent the effect of inplane dur-

ing lateral load and its equations for  equivalent diagonal strut width for full infill 

wall given by various researchers are, 

In 1961, Holmes [1] states that the width of equivalent strut to be one third of 

the diagonal length of infill.  

  
  

 
                                              (1) 
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Where dz = diagonal length of infill panel  

In 1969 Stafford smith and cater [2] proposed a theoretical relation for the 

width of the diagonal strut based on the relative stiffness of infill and frame.  
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Where, t, H in f and  E in f are the thickness, the height and the modulus of 

the infill respectively, is the angle between diagonal of the infill and the hori-

zontal, Ec is the modulus of elasticity of the column, Icis the moment of inertia of 

the columns, His the total frame height, and his a dimensionless parameter. 

In 1971 Mainstone [3] gave equivalent diagonal strut concept by performing 

tests on model frames with brick in fill’s 
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In 1984 Liauw and Kwan [4] proposed another relationship 
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In 1992 Paulay and Preistley [5] proposed, 

  
  

 
                                                                   (6) 

3 RESEARCH OBJECTIVES 

The main objective of this study is to investigate the contribution of hollow ma-

sonry infill panels to lateral strength and stiffness of RC frame buildings. The 

simulation has done by creating a 3-D analysis model by ETABS 2015 a product 

of Computer and Structure Inc. [7] 

4 THE CASE STUDIED  

4.1   General Description Of The Structure 

The three story concrete structure shown in the Fig. 2 is designed according to 

the BNBC 1993 (Bangladesh National Building Code) [6]. From soil report it has 
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found the structure is built on soft soil (SD Type, SPT < 15) in zone 2 (moderate 

seismic intensity zone) of Bangladesh Seismic map.  

This building is 64.5mx45m in plan and 4m x 3 floors in elevation. The bays 

are 8m center to center in X direction and 5 m center to center in Y direction with 

8 bays in X direction and 9 bays in Y direction. There is an expansion joint in the 

middle of X direction. It has exterior infill wall panel in the all four sides of 

structure. To assess the influences of infill wall two structural models has been 

developed, one with infill wall panel (IF) another one is bare frame (BF). Infill 

panels with openings are not considered here, for simplification purposes.  

 

Figure 2:  Typical layout plan of 3 storied industrial building 

4.2   Mechanical Properties Of  Materials 

The compressive strength of concrete found from core test results is, f’c = 18 

MPA for all the element, yield strength of the longitudinal and transverse rein-

forcement is fy = 415 MPA and the average compressive strength of masonry infill 

wall was 10 MPA. The modulus of elasticity of brick masonry is 8275MPA.   

The geometrical parameters of the frame members are presented in the Table 

1, and the properties of the materials are in the Table 2.  
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Table 1: Geometrical parameters of the frame members 

Frame Element Transverse Di-

mension (m) 

Transverse  

Section Area (m
2
) 

Moment of  

Inertia (m
4
) 

Longitudinal Beams 0.38x0.76 0.29 0.0139 

Transverse Beams 0.38x0.76 0.29 0.0139 

Columns 0.38x0.38 0.14 0.00174 

Table 2: Properties of material 

Frame Element Modulus  

of Elasticity 

(KN/m
2
) 

Poison Coef-

ficient  

Tension 

Steel , As 

(cm
2
) 

Compression 

Steel , As 

(cm
2
) 

Longitudinal 

Beams 

2.9x10
6 

0.3 17.03 8.51 

Transverse 

Beams 

2.9x10
6
 0.3 14.19 8.51 

Columns 2.9x10
6
 0.3 34.064 34.064 

Masonry 1.2x10
6 

0.17 - - 

5 NUMERICAL METHODS 

All computer models are generated and analyzed by ETABS 2015 finite element 

software developed by a product of Computer and Structure Inc. 

Preliminary assessment, modal analysis and time history analysis has done to 

investigate changes in different parameter in infill wall frame with respect to bare 

frame. 

 

 

Figure 3: Bare frame 3D model                Figure 4: Infill Wall frame 3D model 
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6 FINDINGS AND DISCUSSION 

6.1  Dynamic Responses 

The response of a structure subjected to dynamic loading mostly dependent on 

such basic properties as the damping and fundamental period of structure. These 

properties are dependent on the mass, stiffness and strength of the structure af-

fected by bay size, steel ratio, section dimension, number of storey, infill panel, 

concrete cracking and axial load level.  

After performing a modal analysis it can be seen that the fundamental period 

for the bare frame is 0.476s and for infill wall frame 0.366s. 

From the decreasing of fundamental period in infill wall frame it can be pointed 

out that infill wall contribute to increase the stiffness of the structure. In case of 

bare frame the time period calculated by Raleigh’s method T =0.075H
0.75

= 

0.484s is close the estimated value. With regard instead of infill structure, the 

formula reported by BNBC 1993, T =0.046H
0.9 

= 0.431s can be assumed as a 

reference point.  

Finally a comparison has been carried out also with respect to displacements. 

It is possible to observe that the presence of infill is crucial. Moreover, it is ob-

served a reduction of about 175% of the maximum displacement in the X direc-

tion between the bare and infilled frame and 110% in the Y direction.  

 

6.2  Time History Analysis 

In this study an earthquake record obtained at Natore (Ansary, 2009) is taken as a 

reference which has been used to develop earthquake time history for Dhaka after 

appropriate scaling. The acceleration data for recent earthquake at Station 

ID:ALTUS S/N 2928, 06th Jan 2009 16:04:03 (GMT), Magnitude 4.0, location:  

Natore, Bangladesh is shown in Fig. 5.  

 

Figure 5: Earthquake Time History of Natore 

Here in the Natore earthquake record the peak ground acceleration is 2.43 

cm/sec
2 
at 11.425 sec. but the maximum ground acceleration as per BNBC (1993) 
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for Dhaka is 0.15g = 147.15 cm/sec
2
 resulted 61.58 times greater. So, the values 

have been multiplied by 61.58 and the modified Time history curves for Dhaka is 

shown in Fig. 6 

 

Figure 6: Modified Earthquake Time History of Dhaka 

The story drift value for time history analysis is shown in Table 3.  

Table 3: Storey Drift value for bare frame and infill frame 

Story Level Direction Story Drift in mm 

Bare Frame Infill Frame 

0 X 0 0 

3 1.13 0.09 

0 Y 0 0 

3 1.75 0.15 

 

7   CONCLUSIONS 

Under the light of the results of the present numerical study, the following con-

clusions may be stated: 

 The distribution of masonry infill panel throughout the story has insignif-

icant effect on seismic response of reinforced concrete buildings.  

 As compared to the bare frame the maximum roof displacement is re-

duced in a large extent in infill wall frame. 

 The storey drift values decreases in infill frame and therefore  infills in-

crease the stiffness of RC frame 

 It can be concluded that brick infill wall is to be included and carrying 

out seismic analysis of multistoried frame. 

 This three storied RC frame arranged with symmetric pattern of infill 

wall panel further study can be worked out for unsymmetrical arrange-

ment of infill wall.  
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Abstract: The use of Self-tapping Screws (STS) in Cross-laminated Timber (CLT) 

is increasingly becoming popular in both residential and non-residential applica-

tions in North America. This paper presents the experimental results on CLT-STS 

shear connections of thirty quasi-static tests. Different joint types were tested in 

3-ply CLT: i) Single surface spline with STS in shear, ii) Half-lap with STS in 

shear, iii) Half-lap with inclined STS in withdrawal, iv) Butt-joints with inclined 

STS in withdrawal at double angles, and v) Butt-joints with STS in shear. The 

performance of the connections were evaluated in terms of i) capacity; ii) yield 

strength; iii) stiffness; and iv) ductility. The results confirmed that ductile but less 

stiff connections can be achieved using STS in shear. Much stronger and stiffer 

connections can be achieved using STS in withdrawal; this screw configuration, 

however, exhibits low ductility. Using double inclined STS in butt joints leads to 

high capacity, high stiffness, and moderate ductility. The obtained data will pro-

vide guidance to the structural engineers, architects, and builders for designing 

shear connections with STS in CLT panels. 

Keywords: Cross-laminated-timber, Self-tapping-screws, Static tests. 
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1 INTRODUCTION 

The forest industry is a key driver of the economies of several Canadian provinc-

es and US states, and one main application of forest products is the use of solid 

timber and its engineered wood products (EWPs) derivatives in construction. In 

non-residential construction in North America, however, wood products are un-

derutilized compared to steel and concrete. In Canada, one reason is the lack of 

design guidance in the National Building Code of Canada [1], and the Canadian 

Standard for Engineering Design in Wood [2] for novel EWPs like CLT or novel 

fasteners like STS.  

One external driver in Canada for giving timber products more consideration 

in non-residential construction is Bill 9 [3], passed in 2009 by the province of 

British Columbia, which aims to promote a culture of living and building with 

wood by requiring its use as a principal material in any provincially funded 

building. Besides this Bill, several Canadian provinces implemented code chang-

es that allow for wood to be used in six-storey high light-frame buildings.  

Timber has been successfully used in multi-storey buildings because of its 

light weight, smaller carbon footprint, and the ease of prefabrication and assem-

bly [4]. Apart from those advantages, however, there are several challenges in 

designing and constructing timber buildings, including the stability against wind 

loads, fire safety, noise, vibration, and durability. In buildings where stiff wind 

bracing systems are required, CLT elements can be a solution either in some part 

of the walls or as a whole [5-7].  

An important issue of consideration is the connection between CLT panels, 

especially for heavily loaded walls [8]. STSs are a cost efficient timber connector 

appropriate for many structures as they do not require pre-drilling and are there-

fore faster to install than traditional lag or wood screws [9].  

The objective of this study, carried out at the University of British Columbia 

Vancouver (UBC), was to investigate the performance of STS shear connections 

between CLT panels. Specifically the following characteristics are presented: i) 

capacity; ii) yield strength; iii) stiffness; and iv) ductility. 

 

2 TEST SERIES OVERVIEW 

A total of thirty CLT test specimens, 700mm wide, 290mm high, and 105mm 3-

ply) thick, were tested. Each test specimen consisted of two CLT panels exhibit-

ing one joint plane. The load was applied at a 14.5⁰ angle to the center line of the 

specimen, see Error! Reference source not found..Five types of joints were 

investigated: i) Single surface spline with STS in shear; ii) Half-lap with STS in 

shear, iii) Half-lap with STS in withdrawal, iv) Butt joint with STS in withdrawal, 

and v) Butt joint with STS in shear. Six replicates per test series were fabricated 

and tested. Different STS were used according to the joint configurations, leading 

to the use of screws with lengths of 80mm, 90mm, 140mm, and 180mm (Error! 

Reference source not found.).  
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Figure 1: Test specimen (left), test setup (right) 

Table 1: Test Series 

Series Joint Type STS action STS length [mm] STS# 

1 Surface Spline  Shear 80 8 

2 
Lap Joint 

Shear 90 4 

3 Withdrawal 140 6 

4 
Butt Joint 

Withdrawal 180 4 

5 Shear 140 8 

 

2.1 Series 1: Surface spline with STS in shear 

For the surface splines, 3/4" (3-ply) or 1" (5-ply) deep and 40mm wide slots were 

cut into the panels. Plywood sheets 3/4" or 1" deep and 80mm wide were used as 

splines.  

 

Figure 2: Surface spline joints with STS in shear (layout and specimen) 
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2.2 Series 2: Lap joint with STS in shear 

The laps were 80mm wide and 52.5mm (3-ply) or 87.5mm (5-ply) deep (half the 

panel thickness). 

 

Figure 3: Half lap joints with STS in shear(layout and specimen) 

2.3 Series 3: Lap joint with STS in withdrawal 

The laps were cut identical to those of lap joint with STS in shear. In this joint, 

however, the STS were placed at an angle of 45° to load these in withdrawal.  

 

Figure 4: Half lap joints with STS in withdrawal (layout and specimen) 
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2.4 Series 4: Butt joint with STS in withdrawal 

STS were installed at an angle of 45° to the edge of the CLT panels, and at an 

angle of 33° to the face of the panels. This joint was tested only for 3-ply.  

 

Figure 5: Butt joints with STS in withdrawal (layout and specimen) 

2.5 Series 5: Butt joint with STS in shear 

STS were installed at an angle of 45° to the face of the panels. This joint was 

tested only for 3-ply. 

 

Figure 6: Butt joints with STS in shear (layout and specimen) 

3 MATERIAL 

CLT panels (3-ply and 5-ply) were supplied by Structurlam Products Ltd. STS 

were provided by MyTiCon Timber connectors Ltd. For shear action SWG 
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ASSY Eco with CSK head type partially threaded STS and for withdrawal action 

SWG ASSY VG with CSK head type or cylindrical head type fully threaded STS 

were used. The STS and CLT are shown in Figure 7. The screw were spaced ac-

cording to the product approvals [10, 11]. 

 

Figure 7: CLT (left) and STS (right) 

4 METHODS 

A hydraulic actuator with a capacity of 400kN was used to apply the load to one 

of the CLT pieces. Two 20mm thick 100x100mm steel plates were used to dis-

tribute the load (Error! Reference source not found.). The other CLT piece was 

placed on a steel support with. The actuator load was applied according to a mod-

ified loading protocol [12]at a displacement controlled rate of 5mm/min. At first 

the specimen was loaded up to 40% (approx.) of estimated maximum load, then 

that load was hold for 30 seconds. After that the specimen was unloaded to 10% 

(approx.) of estimated maximum load and again the load was hold for 30 seconds. 

Finally the specimen was loaded to failure where failure is assumed to occur 

when load drops to 80% of the recorded maximum load. The actuator load and 

the relative vertical displacements between the two CLT panels using two trans-

ducers attached at front and back of the assembly were recorded at a sampling 

rate of 10 Hz.  

5 RESULTS 

Table 2summarizes the results and Figure 8illustrates the averages of the experi-

mentally observed load-displacement curves of all test series using 3-ply CLT 

panels. Herein, the common definition of ductility (   as the ratio between the 

ultimate displacement,    at maximum load,      and the effective yield dis-

placement,       (           ⁄ ) was applied. Stiffness was calculated for the re-

gion of the load-displacement curves between 10% and 40% of the ultimate load 

according to [12].  
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Figure 8: Load-displacement curves 

Table 2: Test results summary  

Series 

Capacity 

Vmax        

(kN) 

Yield 

load VY 

(kN) 

Displ.@ 

capaity∆max 

(mm) 

Displ.@ 

yield ∆y 

(mm) 

Ductility 

µ 

(-) 

Stiffness  

k     

(kN/mm) 

1 3.42 1.46 51.00 6.62 7.71 2.57 

2 7.23 4.93 18.00 3.04 5.91 5.39 

3 6.44 7.16 7.00 1.66 4.21 25.84 

4 7.60 6.72 4.00 1.39 2.88 19.54 

5 6.67 5.96 40.00 9.46 4.23 4.77 

Note: Results are averages out of 6 specimens. 
*
All values are per screw. 

 

6 CONCLUSIONS  

This study provides experimental results on the structural performance of STS 

shear connections between CLT panels. Using STS in shear led to moderately 

ductile connections which can reach very large relative displacements between 

the individual panels. In that context it needs to be reminded that the measure of 

ductility can be misleading, as it is a relative measure for the ratio between dis-

placement at capacity and maximum displacement. Using STS in withdrawal 

leads to much stronger and stiffer joints. These joints, however, exhibit much 

lower deformation capacity and fail at very small relative displacements. Using 

STS with double inclined angles in butt joints leads to high capacity, high stiff-

ness, and moderate ductility. 
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Abstract. Cross-laminated timber (CLT) is a relatively new product that is gain-

ing popularity in residential and non-residential applications in the North Amer-

ican construction market. As an engineered wood product, CLT provides many 

benefits when compared to either light-fame wood construction or concrete and 

steel construction. An accurate quantification of in-plane stiffness of the CLT 

panels is required to design a CLT structure subjected to wind and earthquake 

loads. Nevertheless, till today, there are no standardized methods for determin-

ing the stiffness of CLT walls in the North American codes. Therefore, the pre-

sent study aims to quantify the stiffness of CLT walls under in-plane loading. An 

experimental programme was conducted on CLT beams and walls at FPInnova-

tions, Canada, to measure the load-deformation and the in-plane behavior of 

CLT panels. A finite element (FE) model of CLT panels was developed where the 

wood was modelled using orthotropic elastic material, and the glue-line between 

lamellas using non-linear contact elements. The FE model was verified from test 

results of CLT panels which showed that the FE analyses were sufficiently accu-

rate in predicting elastic stiffness of CLT panels. 

Keywords: Cross laminated timber, Finite element analysis, Stiffness. 
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1 INTRODUCTION 

Cross-laminated timber (CLT) is an engineered wood product categorized as 

“mass” timber. The use of CLT is increasingly gaining popularity because of its 

many benefits when compared to either light-fame wood construction or concrete 

and steel construction. The cross lamination provides dimensional stability, 

strength and rigidity. CLT has a low carbon footprint due to low embodied 

greenhouse gas emissions and carbon storage capacity of wood. The good ther-

mal insulation and a fairly good behavior in case of fire are added benefits. Fur-

thermore, it is a clean product to work with resulting in less waste and dust 

produced on site which is better in terms of health and safety. 

CLT panels consist of several layers of boards stacked crosswise and glued to-

gether. A CLT element has usually 3 to 11 glued layers of boards placed orthog-

onally (90
0
) to form a solid panel (Figure 1). The pre-cut wall and floor panels 

are assembled on the construction site using various types of screws and steel 

connectors to form the structural system.  

 

Figure 1: CLT panel configuration. 

To design CLT shear walls, understanding of the mechanical properties of 

CLT panels and connectors connecting them is needed. Several studies have been 

carried out in this field and some analytical equations to predict the mechanical 

properties of CLT panels loaded in plane are proposed. E.g., Blass and Fellmoser 

[1] developed a methodology for the design of CLT panels under in-plane load-

ing based on the composite theory. The composition factors (k-factors) were pro-

posed to calculate the strength and stiffness of CLT panels in various directions, 

based on single layer properties. Moosbrugger et al. [2] proposed a mechanical 

model based on the regular periodic internal geometric structure of the CLT wall 

element, considering uniform shear loading on CLT wall boundaries. They de-

fined the complex internal structure of CLT element with smallest unit cell called 
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Representative Volume Element (RVE). The RVE extends over the whole plate 

thickness and is sub-divided into the sub-element named as Representative Vol-

ume Sub-Element (RVSE). Bogensperger et al. [3] experimentally investigated 

the in-plane behavior of CLT panels and verified their results with FE analyses. 

The effective shear modulus was calculated and a deviation of the shear modulus 

of up to 26% was reported comparing tests results and FE analyses. Bogensper-

ger et al. [4]also performed FE analysis to achieve better correlation between the 

experimental and analytical results and further verify the studies by Moosbrugger 

et al. [2]. Their FE model accurately predicted the effective shear of CLT panels. 

Finally, Flaig and Blass [5] developed a new methodology for shear design of 

CLT beams loaded in plane and proposed analytical equations for shear stress 

and stiffness and verified them with test results. 

Nevertheless, till today, no general approach is available for the design of 

CLT-members loaded in plane. In fact, the strength and the stiffness properties 

reported in different technical approvals for verification of in plane resistance of 

CLT walls vary significantly [5]. Although, accurate quantification of the in-

plane strength and stiffness of CLT panels and shear walls is required to design a 

CLT structure subjected to lateral loads,, there are no detailed analysis and de-

sign provisions for CLT buildings under lateral loads in the current North Ameri-

can building codes (National Building Code of Canada, ASCE7 and IBC in the 

US). In addition, there are no standardized methods for determining the stiffness 

and resistance of CLT shear walls in the respective material design standards: the 

CSA O86 [6] in Canada, and the NDS [6] in the US. The present study aims to 

calculate the in plane stiffness of CLT panels analytically to address this research 

need.  

2 EXPERIMENTAL PROGRAMME 

A four point bending test on CLT panels was performed at FPInnovations, Cana-

da. Three series of CLT beams (2 replicates of each type) were tested with a span 

length of 3.5m, 5.9m, and 8.4m, see Figure 2.  The beams were 1.2m high and 

laterally supported, where the CLT panels were made of 5-ply boards with a 

thickness of 175mm. CLT panels were from Canadian S-P-F and manufactured 

at NORDIC. The specifications of different CLT beams are shown in Table 1. 

The deformation was measured at mid span by LVDT under a monotonic loading 

from top using a hydraulic actuator. From the load-deformation behavior and the 

geometry of the beams, the stiffness and modulus of elasticity (MOE) of the 

beams were calculated (See Table 1).  
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Figure 2: A schematic of CLT beam (top) and 3.5 long CLT beam specimen, A1 

(bottom).  

Table 1: Description of CLT beams series. 

Test 

Series 

Specimen Width Depth Span MOE Stiffness K 

# (mm) (mm) (mm) (MPa) (N/mm) 

A 
1 175 1220 3505 1014 35139 

2 175 1220 3505 1012 35077 

B 
1 175 1220 5944 3122 22190 

2 175 1220 5944 3400 24165 

C 
1 175 1220 8382 4762 12065 

2 175 1220 8382 5075 12861 

 

The present study also adopted monotonic test results on CLT walls at FP Inno-

vations, Vancouver, Canada [8]. The results obtained from CLT wall test were 

calibrated in the FE modelling. The test walls were made of 3-ply boards with 

2.3m X 2.3m panel size and thickness of 94mm (Figure 3). CLT panels were 

made of European spruce and manufactured at KLH. Several types of connectors 

(hold-downs and steel brackets) and fasteners (annular ring nails, spiral nails, 

screws, and timber rivets) were used for the connections.  
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Figure 3: A schematic of CLT wall (left) and 2.3m X 2.3m wall specimen (right 

[8]).  

3 FINITE ELEMENT ANALYSES 

3.1 Model Development  

A 3D FE model of CLT panel was developed in ANSYS (Figure 4). The CLT 

panel was modelled using 20-node SOLID186 element where each node has 

three degrees of freedom. Elastic material properties were assigned in each or-

thogonal direction of the lamella as prescribed from manufacturer’s specifica-

tions. The glue-line in between panels was modelled using contact element 

(Conta_174 and Targe_170). A high frictional co-efficient (1.0) for the glue-line 

was used since the glue-line was found very stiff from the test results.The con-

nection between the CLT wall and floor was modelled using linear COMBIN14 

spring element. The stiffness properties for the connections were taken from pre-

vious research [9]. 

 

Figure 4: FE models of CLT beam (left) and wall (right).  
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3.2 FE Model Validation 

The FE model was validated using the load-deformation curves from the test re-

sults, see Figure 5. The numerical results closely matched with the elastic part of 

the experimental curves. The inelastic behavior was out of scope for the present 

study. A deformed shape of the CLT beam and wall from FEA is presented in 

Figure 6.  

 

Figure 5: Experimental vs FE load-deflection curves.  

 

Figure 6: Deformed shape of CLT beam (left) and CLT wall (right) from FEA.  

3.3 Parametric Study 

A parametric study was performed with variation of the wall thickness and the 

wall aspect ratio. The same material properties and modelling technique was ap-

plied in the FE. The stiffness of different CLT walls was calculated and com-

pared from the parametric study.   
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4 RESULT AND DISCUSSION 

4.1 Walls With Various Thicknesses 

The research studied the effect of thickness on in-plane stiffness of CLT panels. 

The panel thickness was varied from 3 to 7-layers of lamellas where each layer 

has a thickness of 35mm. The stiffness increased up to 24% (Table 2).  

Table 2: Effect of wall thicknesses on stiffness. 

CLT Size (m) Thickness (mm) k (N/mm) % Increase 

3-Layer 2.3x2.3 105 3491 - 

5-Layer 2.3x2.3 175 4028 15 

7-Layer 2.3x2.3 245 4324 24 

 

4.2 Walls With Various Aspect Ratios 

The effect of panel aspect ratios (length vs. height) on the in-plane stiffness was 

also investigated. It was observed that the in-plane stiffness was increased up to 

79% with a 50% increase in wall aspect ratio (Table 3).  

Table 3: Effect of wall aspect ratios on stiffness. 

Aspect Ratio Size (m) Thickness (mm) k (N/mm) % Increase 

1:1 2.3x2.3 94 3,403 - 

1.25:1 2.9x2.3 94 4,660 37 

1.5:1 3.5x2.3 94 6,087 79 

 

5 CONCLUSIONS 

FE models were developed that accurately predict the in-plane stiffness of CLT 

panels. The experimental and analytical investigation on the CLT panels allows 

the following conclusions to be drawn: 
 The FE model accurately predicted the load-deformation of CLT panels. 

The stiffness of the panels from experiment and FE model was found 

similar.  

 It was observed that both wall thicknesses and aspect ratios are affecting 

the stiffness of walls.  

 However, the future study should include the effect of opening on CLT 

wall stiffness.  
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Abstract. This work presents results of numerical and experimental works per-

formed on the seismic response of structural models with soft stories. Part of the 

work concentrates on the numerical work on nonlinear three-dimensional RC 

frames with brick infills, which show the potentially destructive effect and signifi-

cant permanent deformation of structures with soft stories caused by a major 

earthquake. Simple 6- and 12-storied RC building frames are designed for verti-

cal loads only, incorporating the seismic detailing provisions for major and 

moderate earthquakes. Relative floor deflections and curvatures (for ‘Partial 

Infill’s) demonstrate the significance of masonry infills. The experimental facili-

ties described in the latter part of the work includes a small shake table capable 

of generating defined earthquake motion (scaled El Centro earthquake) using an 

indigenous and inexpensive approach. The soft-storied structural models used 

for the experiments also demonstrate the possible severe distress in the soft sto-

ried floor columns. The experimental results are found to match very well with 

the experimental data. 

Keywords: Equivalent diagonal strut, Nonlinear dynamics, Seismic detailing, 

Soft storey, Partial infill, Shake table. 
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1 INTRODUCTION 

Reinforced Concrete (RC) frame structures constitute a common type of building 

structure in Bangladesh. However, due to quick growth of high-rise buildings and 

lack of parking facilities, most newly built buildings are designed with open 

ground floors supporting stories with masonry infills, which creates a ‘soft’ or 

‘weak’ storey at ground floors. Structural damage patterns during earthquakes all 

over the world have diagnosed it as a prime reason of structural failure. But very 

little attention is paid to this potentially serious deficiency by architects or engi-

neers in Bangladesh. 

Therefore, it is necessary to understand the characteristics of masonry infills 

to better understand the structural behavior of the frame itself. Analytical and 

experimental works indicate the behavior of the combined infill-frame system 

depends on the mechanical properties and overall arrangement of infill, relative 

stiffness and interface behavior of frame and infill [1]. 

2 MODELING OF INFILLS 

The in-plane behavior of infills has been studied extensively over the last several 

decades [e.g., 2, 3, 4, 5 among others] in attempts to develop a rational approach 

for design of such frames. Nonlinear dynamic analysis is performed in this work 

by replacing the brickwalls by an ‘Equivalent Diagonal Strut’ based on masonry 

infill model proposed by Saneinejad and Hobbs [6] and modified by Madan et al. 

[7]. The proposed analytical development assumes that the contribution of the 

masonry infill panel can be modeled by replacing the panel by a system of two 

diagonal masonry compression struts, which provides a lateral load resisting 

mechanism for opposite lateral directions of loading. 

The lateral force-deformation relationship for the structural masonry infill 

panel is assumed to be a smooth curve bounded by a bilinear strength envelope 

with an initial elastic stiffness until the yield force Vy thereon a post-yield de-

graded stiffness until the maximum force Vm is reached. The corresponding lat-

eral displacement values are uy and um respectively. The proposed maximum 

lateral force Vm and corresponding displacement um in the infill masonry panel are 

Vm
 Ad fm cos v tL'/[(1 0.45 tan) cos]  0.83t1'/cos  (1) 

 um

 = mLd /cos       (2) 

Here, t = Thickness of the infill panel, L'= Lateral dimension of the infill pan-

el, f'm = Masonry compressive strength, ε'm = Masonry compressive strain, θ = 

Inclination of the diagonal strut, v = Basic shear strength of masonry, Ad= Area 

of equivalent diagonal strut, Ld = Length of equivalent diagonal strut. These 

quantities can be estimated by using the formulations of [6].  

Initial stiffness K0 of the infill masonry panel may be estimated using the fol-
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C3 16″× 16″ 

(4-#9, 8-#7) 
C3 22″× 22″  

(12-#9, 8-#8) 

lowing formula [7] 

 K0 = 2 Vm/um               (3) 

3 STRUCTURAL MODEL 

Figure 1 shows structural plan of both the (6- and 12-storied) buildings used in 

this work, with wall arrangement assuming exterior walls W1, W2 as 10 walls 

and interior walls W3, W4to be 5thick In this work, the stiffness K0 for 10 walls 

came out to be around 11,000 kip/ft, while those of the 5 walls were about 5,000 

k/ft. However, it must be mentioned that the walls will crack at large defor-

mations and those with thickness Ld/40 are not effective as diagonal struts.  

 

 

 

 

 

 

 

 

 

 

Figure 1: Building plan showing Infill Walls 

 

 

 

 

 

 

 

 

Figure 2: Cross-sections for Column C3 (6- and 12-storied) and Beam (at support 

face) 

The frames are analyzed and designed for vertical loads only. The column and 
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beam sections (with steel reinforcements) obtained are shown in Figure 2. 

4 NUMERICAL ANALYSIS OF RC FRAMES 

4.1 Moment-Curvature Relationships 

The material properties used in this work include ultimate strength of concrete 

(fc = 3 ksi), yield strength of steel (fy = 60 ksi), their elastic moduli as well as ul-

timate strains. For concrete it is obtained for unconfined and confined concrete 

without and with moderate and major seismic detailing [8]. The nonlinear Mo-

ment-Curvature (M-) relationships (Figure 3 and 4) based on earlier work at 

UAP [9] show results for sections with and without moderate and major seismic 

detailing. They indicate relatively weaker columns for 6-storied building (Figure 

3) and beneficial effect of seismic detailing for columns (Figure 3, 4). However 

the strength or curvature ductility of beam section hardly improves due to seis-

mic detailing (Figure 3). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3: M- relationship for (a) Beam at support face, (b) 6-storied C1, (c) 6-

storied C2 

4.2 Relative Floor Deflections 

The relative floor deflections (F0, F1, FTop indicate ground, 1
st
 floor, top floor in 

Figures 5 and 6) demonstrate the significance of masonry infills by concentrating 

the structural stiffness and thereby inducing significant deflections in the softer 

stories. This is demonstrated more profoundly in results with ‘Partial Infills’ 

(Figure 6). Whereas ‘No infill’ option (Figure 5) may result in large permanent 

deformations particularly due to plastic hinges formed at weaker columns of 6-

storied building, the ‘Partial Infill’ increases the relative deflections drastically. 

 

-120

-80

-40

0

40

80

120

-0.12 -0.06 0 0.06 0.12

Curvature (rad/ft)

M
o

m
e
n

t 
(k

-f
t)

No Mod Maj.

-60

-40

-20

0

20

40

60

-0.2 -0.1 0 0.1 0.2

Curvature (rad/ft)

M
o
m

e
n
t 
(k

-f
t)

No Mod Maj.

-80

-60

-40

-20

0

20

40

60

-0.06 -0.04 -0.02 0 0.02 0.04 0.06

Curvature (rad/ft)

M
o

m
e
n

t 
(
k
-
f
t)

No Mod. & Maj.



Iftekhar Anam, Main Uddin and Himadree Roy 

 

572 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4: M- relationship for Column C3 for (a) 6-storied, (b) 12-storied build-

ing 

 

          

 

 

 

 

 

 

 

 

 

Figure 5: Relative floor deflections of (a) 6-storied, (b) 12-storied building (No 

Infill) 

 

         

 

 

 

 

 

 

 

 

 

 

Figure 6: Relative floor deflections of (a) 6-storied, (b) 12-storied building (Par-

tial Infill) 
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4.3 Member Curvatures 

The curvatures induced in columns C3and beams are shown in Figure7 for frames 

with partial infill. As with relative floor deflections, the curvatures also increase 

drastically for frames with partial infills. Although the beams are able to 

withstand these large curvatures (as shown by the beam M- graphs of Figure 4) 

and the relatively lightly loaded columns (of 6-storied building) may barely 

survive with major seismic detailing, the more heavily loaded columns (of 12-

storied building) will not survive such curvature demands even with major 

seismic detailing, as shown by comparing Figures7(b) and 3(b). 

 
 

 

 

 

 

 

 

 

 

      
 

Figure 7: Curvature for 1
st
 Floor C3and Bam (a) 6-storied, (b) 12-storied (Partial 

Infill) 

5 RESULTS FOR LABORATORY MODELS 

Structural model used in the experimental works is a three-storied model struc-

ture [Figure 8(a)] in addition to the ground floor and is about 2 ft high. Each floor 

is composed of a 2 2 timber plate (‘floor slabs’) and nine helical springs (‘col-

umns’). The ground floor is supported on four rollers on the corner. Each floor 

weighs about 4 pounds with provisions for attaching extra weight. Ground mo-

tion is created by a 5 ft long plate marked by El Centro earthquake data reduced 

by a numerical value (3.68). Figure 8(b) shows considerable distress of soft sto-

rey ‘columns’ (reduced number of springs) during laboratory simulations. Figure 

9(a) and 9(b) show a sample result demonstrating very good agreement between 

numerical and experimental results (peak displacements being 5.02 numerical vs. 

4.80 experimental). 

Influence of soft storey is apparent in results shown from the laboratory mod-

el. Figure 10(a) shows relative floor displacements of 1.76 and 1.35 in the 1
st
 

and 2
nd

 storey of regular model (with extra weight on the top two floors). On the 
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other hand, Figure 10(b) shows a corresponding soft first storey results in maxi-

mum relative column deformations of 3.32 and 1.51, while Figure 10(c) shows 

these deformations to be 1.84 and 2.59for a soft second storey. 
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Figure 8: (a) Structural model with ground motion, (b) ‘Column’distress at soft 

storey 

Figure10: Column Displacements (a) No Soft Storey (b) Soft Storey1, (c) Soft 
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6 CONCLUSIONS 

Numerical results presented in this paper show that the structural behavior of RC 

frames changes drastically by the inclusion of infill walls (particularly when dis-

continued at ground floor level) in the dynamic analyses. Results also show 

potentially destructive effect of a major earthquake and permanent deformation 

of structures with soft stories, demonstrating that even if these structures do not 

collapse, they are unlikely to remain serviceable. In this work, relatively weaker 

columns of 6-storied building are rendered more vulnererable by soft stories, 

while collapse mechanism also transfersfrom beam to stronger columns of 12-

storied buildings, whose smaller ductility would cause immediate collapse.  

Experiemental results on a 3-storied model show very good agreement with 

numerical results and also demonstrate very large deformations and significant 

distress in soft-storied ‘columns’. 
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Abstract. The main objective of the present work is to explore the effect of blast 

loads on the dynamic response of RC structures. Simple RC building models of 

three different heights (6-, 12- and 24-storied) are analyzed as ‘equivalent’ 

SDOF systems and their ‘Ductility Demands’ from blast loads of various weights 

and stand-off distances are compared with ‘Ductility Ratios’ derived numerically 

from column moment-curvature curves. 

The study shows the drastic change in blast pressure with stand-off distance and 

equivalent weight of the explosive. Material stress-strain properties also change 

significantly with strain rate. Nonlinear dynamic response to blast loads and the 

‘Ductility Demand’ are found to vary most significantly with resistance ratio. 

Seismic detailing provisions are found to increase the ductility of RC sections at 

slow strain rates, but their effect on ‘high strength’ materials at large strain 

rates are insignificant.  

For charge weights of 100, 1000, 10000 kg, almost all the structures are found to 

‘fail’ for stand-off distances of 3m or less, while they ‘survive’ most other condi-

tions (all weights and stand-off distances 10 and 30m). 

Keywords: Blast load, Nonlinear Dynamics, Charge weight, Stand-off, Ductility 

ratio. 
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1 INTRODUCTION 

The abrupt and violent release of energy in blast may result in dynamic loads that 

are much greater than the typical design loads of most structures and can cause 

catastrophic damage to life and property. Efforts have been made during the past 

fifty years to develop methods of structural analysis and design to resist blast 

loads.  

The problem has been relatively rare and some relevant publications are con-

sidered classified secrets therefore also not readily available. As a result, in a de-

veloping country like Bangladesh with much more common and pressing 

engineering challenges, the wealth of knowledge and available literature on this 

topic is rather thin. However, with the rise of extremist views and efforts within 

the region and increasing access to explosive materials, engineers should realize 

the impact that even one single blast may have on a nation’s history and its citi-

zens’ lifestyle. The significance of this research can be justified in this context. 

2  NATURE OF BLAST LOADING 

2.1 Blast Pressure and Stand-off Distance: 

Blast loading is a function of distance of the structure from the explosion and the 

charge weight. Charge Weight or weapon size (W) is expressed in weight or mass 

of TNT; the equivalent W of any other explosive material is based on experimen-

tally determined factors or the ratio of its heat of detonation to that of TNT. 

Stand-off distance refers to the direct, unobstructed distance between a weapon 

and its target. It is the key parameter that determines blast pressure, so for pro-

tecting a structure is to keep the bomb as far away as possible by maximizing 

stand-off distance. 

Blast wave parameters for conventional high explosive materials have been 

the focus of a number of studies during the 1950’s and 1960’s. The factor Z = 

R/W
1/3

 was used by Brode [1] to estimate the peak overpressure due to blast, as 

ps0= 0.975/Z + 1.455/Z
2
 + 5.85/Z

3
 0.019 (0.1 ps0 10 bar) (1a) 

ps0= 6.7/Z
3
 + 1 (ps0 10 bar)     (1b) 

Other equations on blast pressure include [2], [3]. Comprehensive discussion for 

predicting blast pressures and blast durations are given by [4], [5]. 

As blast wave propagates through the atmosphere, the velocity of air particles, 

and hence the wind pressure, depends on the peak overpressure of the blast wave. 

This later velocity of the air is associated with the dynamic pressure, q(t), whose 

maximum value, qs, is given by 

qs= 2.5 ps0
2
/(ps0  + 7 p0)      (2) 

wherep0 is the atmospheric pressure.  
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Figure 1 shows the variation of peak dynamic blast pressure with the stand-off 

distance (R) and weight (W) of blast load of various explosives. The drastic 

change of blast dynamic pressure with the standoff distance (i.e. from 10
7
 to 10

-6 

psi within 5 meters) as well as the explosive weights is to be noted.  

 

 

 

 

 

 

 

 

 

 

         

         

         

         

         

         

         

          

Figure 1: Peak Dynamic Blast Pressure vs. Stand-off Distance 

 

The range of pressures between 1~10 psi is noted in Figure 1, which also re-

lates to corresponding stand-off distances for various weights of explosives. Ta-

ble 1 shows the stand-off values obtained therefrom. These pressures are chosen 

for their significance in causing damage and fatalities to human beings. As 

shown in Table 1, smaller loads (e.g. W = 1 kg hand-grenade) may cause fatali-

ties at very close ranges (R  2m) only, while larger loads (e.g. W = 10,000 kg 

truck-bomb) may cause significant fatalities up to about 50m from the source. 

Table 1: Stand-off R (m) for Dynamic Pressures and TNT Equivalents 

W (kg) qs = 1 psi qs = 100psi 

1 3.8 1.1 

100 17.4 5.3 

10,000 81.0 24.4 

Figure 2(a) shows the typical variation of blast pressure with time, which is 

represented in building codes (also in BNBC) in Figure 2(b) and more simplified 

in Figure 2(c), also used in this work. 
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Figure 2: Dynamic Blast Loading (a) Typical, (b) Code specified, (c) Simplified 

3  STRUCTURAL MODEL AND MATERIAL PROPERTIES 

Structural analysis in this work uses the single-degree-of freedom (SDOF) model, 

since its objective is to provide an approximate first estimate of the implications 

of blast-loading on various structures. The SDOF model approach, commonly 

used to analyze individual components, is likely to produce overly conservative 

designs, while an accurate representation of the structural system truly requires a 

complex multi-degree-of-freedom (MDOF) model.  

The model 6-, 12- and 24-storied buildings considered for structural analysis 

have the same (30 30) plan and supported by RC columns at four corners. Fig-

ure 3shows the column cross-sections as well as steel reinforcements. 

 

 

 

 

 

 

 

 

 

Figure 3: Column Sections of 6-, 12- and 24-storied buildings 

Mechanical properties of concrete (at low strain rate) used in this work are the 
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-3

and 
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However, these properties change significantly at high strain rates; i.e. the ul-

timate strength of concrete increases to 5.34 and 12.23 ksi at strain rates of 

100/sec and 1000/sec respectively. The corresponding yield strengths of steel are 

97.5 and 106.1 ksi respectively. Figure 4 shows the Dynamic Increase Factor 

(DIF) of the strengths of concrete and steel. Such increases are quite common in 

literature. In fact strength magnification factors as high as 4 in compression for 

strain rates in the range 100~1000/sec have been reported [6]. 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

 

4  RESULTS FROM NUMERICAL ANALYSIS 

4.1  Effect of Design Parameters 

Figure 5(a), (b) and (c) show the significance of the parameters (i.e., Damping 

Ratio DR, Resistance Ratio RR and Time Ratio TR). The ‘reference’ model is 

considered to have a DR of 0.05 (= 5%), and both the RR (i.e., ratio of the max-

imum internal ‘spring’ force within the structure to the maximum blast force) and 

TR (duration td of blast force to time period of structure) equal to 1.0. 

Figure 5(a) shows the effect of structural DR, as it varies between 0, 0.05 and 

0.10. Of course the structural displacement decreases with increased damping 

ratio, but damping also slows down the structural vibration, as shown by the 

longer time periods for DR of 0.05 compared to 0, and 0.10 compared to 0.05. 

The effect of RR [Figure 5(b)] shows the very large increase (about 4 times) 

in structural displacement (as well as slowing down of vibration, as the structure 

shifts to a more flexible nonlinear range) for RR of 0.5 and a large decrease 

(about half) for RR of 2.0. Figure 5(c) shows the increase in peak displacement 

for larger TR (= 2.0, compared to 1.0) and decrease for TR of 0.50. However, 

this change is less than the value of TR, and the structure retains its original peri-

od of vibration. 
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4.2  Nonlinear Moment (M) vs. Curvature () Relationship 

The nonlinear moment-curvature relationship of only the 12-storied column sec-

tions are shown in Figure 6. The strain rates are shown with the number of stories 

(e.g., 12-1000 indicates strain rate of 1000/sec for 12-storied buildings) and de-

tailing provisions (N for ‘No’ detailing and M for ‘Major’ seismic detailing). 

Results show that seismic detailing (often assumed to be effective in blast re-

sistant design) is very effective particularly increasing the section’s ductility at 
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slow strain rates [i.e. ‘zero’ in Figure 6(a)], but is much less effective on materi-

als at large strain rates [i.e. 1000 sec
-1 

in Figure 6(b)]. 

 

 

 

 

 

 

 

 

 

 

 

 

 
 

Figure 6: M- of 12-storied Building Columns for Strain Rate (a) zero, (b) 1000 

sec
-1

 

 

Dynamic response properties of the SDOF multi-storied structures are shown in 

Table 2 and 3. Table 2 shows the column ‘Ductility Ratios’ (i.e., ratio of ultimate 

deformation yu to elastic deformation ye), while Table 3 summarizes the ‘Ductili-

ty Demands’ on the structures (i.e., ratio of maximum deformation ym to the elas-

tic deformation ye) for different ‘time ratios TR’ (blast duration td compared to 

the structure’s natural period of vibration Tn). Therefore, comparison between the 

(yu/ye) of Table 2 and the (ym/ye) of Table 3 forms the core of design conclusions. 

 
Table 2: ‘Ductility Ratios’ (yu/ye) of Different Columns 

Column ye(ft) yu (ft) Ru (k) yu/ye 

6-00N 1.06E-02 0.43 15.2 40.3 

6-00M 9.45E-03 3.83 12.0 406 

6-1000 1.69E-02 6.14 18.7 364 

12-00N 1.28E-02 0.21 28.0 16.6 

12-00M 4.89E-03 1.10 21.7 225 

12-1000 1.47E-02 3.24 35.7 221 

24-00N 1.44E-02 0.15 43.3 10.4 

24-00M 5.83E-03 0.73 35.0 124 

24-1000 1.87E-02 2.10 59.0 112 

Such comparison indicates that all 6-storied columns ‘fail’ for stand-off dis-

tances of 3m (except 100 kg with TR = 0.0125), while they survive most other 
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conditions. Columns of 12- and 24-storied structures can withstand larger forces 

(with larger RR), but they are less ductile which offsets the advantage.  

Table 3: Ductility Demand (ym/ye) for Different Loading Conditions 

W 

(kg) 
td/Tn 

6-Storied  12-Storied  24-Storied 

R = 3m R=30m  R = 3m R=30m  R= 3m R=30m 

100 
0.0125 356 0.016  153 0.008  90 0.005 

0.0500 1859 0.069  879 0.035  560 0.023 

10000 
0.0125 55190 6.91  27480 2.32  18266 1.34 

0.0500 245327 65.90  122519 24.08  81661 12.85 

5 CONCLUSIONS 

Nonlinear structural dynamic response to blast loads and the ‘Ductility Demand’ 

vary significantly with damping ratio (decreasing with higher damping), time 

ratio (increasing at larger time ratios), and resistance ratio. Seismic detailing pro-

visions are found to increase the ductility of RC sections at slow strain rates, but 

their effect on at large strain rates are insignificant.  

Stand-off and charge weights are two key factors of blast pressure. It is usual-

ly economically efficient to increase the standoff distance and keep the threat 

away from a facility in the first place. The columns (of model SDOF structures) 

studied here ‘fail’ in most cases at stand-off distances of 3m, while they survive 

all other conditions of TNT weights and stand-off distances.  
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Abstract. Fracture toughness of plain concrete specimens made with industry-

burnt brick aggregates cured in marine environment was determined in this study. 

To determine the fracture toughness value for different depth of beam having 

initial crack, at the mid span of beams, thirty beams made of brick chips were 

tested according to ASTM specifications. Range of initial crack depths were tak-

en varied between 0.30 to 0.45 times the beam depths. The experimental failure 

load for each beam with crack was determined. Fracture toughness was deter-

mined from the established formula of ASTM specifications, for 4-point loading. 

It was observed that the fracture toughness values obtained from the experi-

mental study in marine environment was varying between 0.445 and 0.790.The 

experimental investigations referred that the fracture toughness values increase 

with the decrease of beam widths.  

Keywords: Fracture toughness, Industry-burnt brick aggregate, Plain concrete, 

Initial crack, Marine environment, Four-point loading. 
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1 INTRODUCTION 

Concrete is one of the most commonly used building materials in the world. It is 

utilized in different forms such as, Normal Strength Concrete (NSC), High 

Strength Concrete (HSC) and Ultra High Strength Concrete (UHSC), depending 

on the requisite design strength and the importance of the structure. However, in 

some countries of South East Asia, viz., Bangladesh, Myanmar, India, and others, 

for NSC production where stone aggregates are not easily available, industry-

burnt brick aggregates are also used as an alternative to stone aggregates. 

When a fracture in the form of crack develops in the structure, its load bearing 

capacity reduces significantly. If it develops in the major structural components 

such as beams/girders, columns/piers, shear wall, retaining walls, dams, etc., to a 

significant amount, the entire structure could be collapsed. It is also important to 

study the behavior of concrete with inherent flaws under static or dynamic load-

ing. For this reason fracture toughness test of concrete is important. Fracture 

toughness is the resistance of a material to failure from a fracture, starting from a 

preexisting crack [1]. The durability of structural components also depends on 

their sub-critical crack growth. Recent publications have shown that fracture me-

chanics has now been established as a fundamental approach that can explain 

certain nonlinear aspects of concrete behavior, help to prevent brittle failures of 

the structure and be an important aid in materials engineering [2, 3]. From the 

discussion of applications of fracture mechanics to failure of concrete structures, 

it was demonstrated that experimental phenomena associated with the failure of 

concrete such as size effect on tensile strength and brittleness of concrete can be 

interpreted properly through fracture mechanics [4]. For large concrete speci-

mens, fracture toughness increases initially as crack propagates but that a length-

independent value is reached asymptotically. In addition, the failure of large size 

concrete elements can be predicted realistically using linear elastic fracture me-

chanics [5]. The naturally cracked beams (pre-cracked) yield higher failure loads 

and stress-intensity values than notched beams with the same crack length and 

the average stress intensity factors to be higher by 38%, 77% and 96% for pre-

cracked beams than for notched beams, for the crack-depth ratios of 0.3, 0.5 and 

0.7, respectively, where crack-depth ratios means that the ratio between initial 

crack depth and depth of the beam [6]. 

The primary chemical constituents of seawater are the ions of chloride, sodi-

um, magnesium, calcium and potassium [7]. The concentration of major salt con-

stituent of seawater is given in percentage such as 78% NaCl, 10.5% MgCl2, 5% 

MgSO4, 3.9% SO4, 2.3% K2SO4 and 0.3% KBr [9]. It is evident from above that 

sodium chloride is by far the predominant salt component of seawater. NaCl and 

MgCl2are a total 88.5% of the entire salt content [10].Alkali – aggregate reaction 

is a chemical reaction between certain types of aggregates and hydroxyl ions 

(OH
-
) associated with Alkalis in the cement or concrete [7, 8]. The chemical ac-

tion of seawater on concrete is mainly due to attack by magnesium sulphate 
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(MgSO4) [11]. It is equally claimed that potassium and magnesium sulphate (KS, 

MgS) present in salt water can cause sulphate attack in concrete since they readi-

ly react with calcium hydroxide (Ca(OH)2) present in the set cement through the 

hydration. The effect of ocean salts on flexural strength of concrete cast and 

cured with salt water was observed among other things that there were varying 

percentage increment in strength gained after 28 days depending on the cement 

brand and possible sea salt (NaCl, MgCl2, Na2SO4, or CaCl2) and some chemical 

processes or reaction must have taken place [12]. Tensile strength properties, 

such as modulus of rupture and fracture toughness in marine environment, were 

independent of fly ash replacement, but increased with the period of accelerated 

testing [13]. 

Most of the earlier studies on fracture toughness of plain concrete specimens 

have used stone and brick aggregates with other ingredients (cement, sand and 

water) to prepare the plain concrete specimens. However, none of the earlier 

studies have reported on the fracture toughness of plain concrete specimens made 

with industry-burnt brick aggregates in marine environment. The study reported 

in this paper has considered the fracture toughness of normal plain concrete spec-

imens made of brick aggregates, sand, cement and water in marine environment. 

2 EXPERIMENTAL PROCEDURE 

2.1 Preparation Of Test Specimens 

In the preparation of concrete mix for test specimens, cement, sand and brick ag-

gregate were mixed in a ratio of 1: 1.5: 3 (by weight). Brick aggregates used in 

this study were 19 mm down and 13 mm up grades. ACV (Aggregate Crushing 

Value) test of aggregates was carried out to check the quality of brick aggregates. 

Water cement ratio was taken as approximately 0.36 by weight to maintain a 

slump of 63.5 mm (in a slump cone test) for better workability. Aggregate was 

washed with water and surface dried before mixing it with sand and cement. The 

initial and final setting times of cement were determined before using it with oth-

er ingredients. Sieve analysis of fine aggregates was also carried out before add-

ing it into the mixture. In order to determine the strength of mortar, compressive 

strength tests of cube specimens and tensile strength tests of briquette specimens 

were carried out in the laboratory by mixing cement and sand in the ratio of 

1:1.5. Crushing strength of concrete mix used in preparing test specimen was 

determined by carrying out compression test of standard concrete cylinders (dia. 

= 15 cm and height = 30.48 cm). These cylinders were cast from the same con-

crete mix that was used for preparing specimens of fracture toughness test. The 

compression tests of concrete cylinders were carried out after 28 days of curing 

in water. Before carrying out the tests, each specimen was kept in a dry place for 

24 hrs. The test was performed using a calibrated 100 ton hydraulic machine un-

der displacement control condition. 
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Geometry of test specimen for fracture toughness test was fixed as length (L) 

of 0.8128 m (32 inch), width (B ) of 0.152 m (6 inch) and depth (W) of 0.2032 m 

(8 inch) according to ASTM C 1421 – 99 standard dimensions (L = 4W, B = 

0.75W)[14]. Effect of specimen widths on the fracture toughness of plain con-

crete was also examined in this study. For this, only the width of the beam was 

changed and all the other dimensions such as length and depth of the beam and 

crack length were kept constant. Wooden moulds were made according to the 

specimen dimensions. Crack was introduced during the casting of specimens, by 

inserting a greased 1 mm thick steel plate of width equal to the specimen width, 

and up to the required depth of crack in the beam. The steel plate was greased 

first and then fixed with wooden shutters before placing concrete. Wooden mould 

(shutter) was also greased properly before placing the concrete mix. The concrete 

was prepared in a revolving drum mixer. This concrete mix was then poured into 

the specimen moulds carefully and tamped properly, in three layers, for each 

specimen. Mixing proportion of cement, sand, coarse aggregates (brick aggre-

gates) and water was maintained the same for all specimens. Only the crack 

depth was changed by placing the greased steel plate, at the required depths in 

the specimen. Six or four test specimens were cast at a time. After keeping spec-

imens in the room temperature for 24 hours, the wooden shutter and the steel 

plate were removed from the specimens and they were placed inside a water tank, 

which containing sea water for 28 days. Sea water was collected from directly 

Potenga sea beach of Chittagong. All beam specimens were tested by following 

ASTM C 1421 – 99 specifications. Four -point bending load was applied up to 

failure during test of the specimens.  

Table 1: Specimen geometry and crack depth of laboratory fracture toughness 

test 

Batch 

No. 

Speci-

mens No. 

Crack Depth Other dimensions of the specimens 

01 06 30% of beam depth L = 0.8064 m, B = 0.152 m, W = 0.2032 m 

02 06 35% of beam depth L = 0.8064 m, B = 0.152 m, W = 0.2032 m 

Plain concrete specimens with variable widths 

01 04 45% of beam depth L = 0.8064 m, B = 0.076 m, W = 0.2032 m 

02 04 45% of beam depth L = 0.8064 m, B = 0.101 m, W = 0.2032 m 

03 04 45% of beam depth L = 0.8064 m, B = 0.127 m, W = 0.2032 m 

Uncrack Plain concrete specimens made with Brick aggregates 

01 06 Uncrack L = 0.8064 m, B = 0.152 m, W = 0.2032 m 

2.2 Testing Procedure 

After curing the test specimens for 28 days in sea water, they were removed from 

the water tank and kept in a dry place for 24 hours to evaporate the moisture from 

their external surfaces. Loading positions and supporting positions of the speci-
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men were clearly marked and were made smooth and even, using a metal hand 

grinder and sand paper. Swiveling supports (in one vertical plane, perpendicular 

to the length) were provided at a distance 12.5 mm (0.5 inch) from both ends of 

the beam. Four-point loading positions were fixed at one-fourth of span length 

from both supports. This loading was chosen for obtaining pure bending at the 

middle-half portion of the beam where crack was present. Load was applied on 

the beam monotonically without any jerk and it was increased continuously at a 

rate of 10kN/min until the test specimen failed. Failure load was recorded from a 

digital load meter. A dial gauge with a sensitivity of 0.01 mm was used for 

measuring the load point deflection. Displacement controlled load was applied on 

the specimen. Load was recorded at each 5 division increments of the dial gauge 

up to failure load. All specimens were tested under simply supported conditions. 

The complete setup of test specimen for fracture toughness test is shown in Fig-

ure 1. 

 

Figure 1: Experimental setup and tested specimen of beam 

3 RESULTS AND DISCUSSIONS 

The results obtained from different tests are given in Tables 2 and 3. Table 2 

shows the values of different properties of materials used in this study. Table 3 

shows the crack depth and peak load for each test beam and the corresponding 

computed fracture toughness. From this table it is seen that the magnitude of the 

maximum load varies with the depth of crack. Figure 2 illustrated typical load-

deflection plots up to peak load for specimens made with brick aggregates with 

various a/W ratios, where a/W is the ratio between depth of crack and height of 

beam. Figure 2 also shows the load-deflection plot for uncrack beam made with 

brick aggregates. The load-deflection plot for beam made with brick aggregates 

of various width but same a/W=0.45 are shown in Figure 3.From all the load- 

deflection curves it is seen that material behaves almost linearly at the beginning 

of the applied load and becomes nonlinear near the peak load. A part of this non-

linearity could be attributed to the coalescence of tensile micro-cracks (develop-

ment of fracture process zone) before the subsequent crack extension. The 

remaining part is due to the nonlinear compression behavior near maximum loads. 

It was found that when the load reached its maximum value, the test specimen 
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began to lose its resistance very fast, which could not be plotted properly. For 

this reason, only the load deflection plots up to peak load have been showed in 

this study. The peak load was then used to determine the fracture toughness. The 

peak load was then used to determine the fracture toughness. The ASTM E1290-

08 Standard suggests the formula for fracture toughness is given below [15]: 

KIC=
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where, P = Load, l1 = The center to center support length, l2 = Loading span, B = 

Width of the beam, W = Depth of the beam, a = Crack depth.  

Table 2: Different test results of cement, sand, aggregate and plain concrete 

Name of test Test results 

F.M. (Fineness Modulus) of sand 2.48 

Initial and final setting time of Portland cement 1 hr. 5min. and 1 hr 55 min. 

Slump value 68 mm 

7 days compressive strength of cement mortar 25.5 MPa (3700 psi) 

28 days compressive strength of cement mortar 33.8MPa (4900psi) 

7 days tensile strength of cement mortar 2.15 MPa (310 psi) 

28 days tensile strength of cement mortar 3.30 MPa (480 psi) 
28 days cylinder compressive strength of 
cement concrete with brick aggregates 

19.0 MPa (2750 psi) 

Aggregate crushing value of brick aggregate 38.33% 

 

Figure 2: load-deflection plots of beam     Figure 3: load-deflection plots for 

beam32x6x8 for various a/W ratios           32x8 but various width (a/W=.45) 
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Table 3: Fracture toughness of plain concrete specimens made with industry-

burnt brick aggregates in marine environment. 

Speci-

men no. 

Beam dimen-

sion(inch) 

Crack depth Load (KN) Fracture toughness 

KIC(MPa√(m)) 

Fracture toughness for various a/W ratios 

1  

 

 

32x6x8 

 

 

 

35% 

8.80 0.483 

2 8.70 0.478 

3 9.50 0.522 

4 9.60 0.527 

5 9.10 0.500 

6 8.10 0.445 

7  

 

 

32x6x8 

 

 

 

30% 

13.5 0.654 

8 11.2 0.543 

9 11.9 0.576 

10 10.9 0.528 

11 12.5 0.606 

12 12.1 0.586 

Fracture toughness for various width of beam with same a/W ratio 

13  

 

32x5x8 

 

 

45% 

8.00 0.687 

14 7.80 0.670 

15 7.70 0.662 

16 7.80 0.670 

17  

32x4x8 

 

45% 

6.70 0.724 

18 7.10 0.767 

19 6.50 0.702 

20 6.80 0.735 

21  

32x3x8 

 

45% 

5.50 0.790 

22 5.40 0.775 

23 5.30 0.761 

24 5.50 0.790 

4 CONCLUSIONS 

The fracture toughness values in marine environment obtained from the experi-

mental study were lies between 0.445 and 0.790.The value of Fracture toughness 

in marine environment was depending on the crack depth and the beam width. It 

was found that the values of failure load and fracture toughness were decreased 

with the increase of crack depth. On the other hand, when specimen width (hav-

ing constant crack depth) reduced from the standard ASTM width, fracture 

toughness increased gradually but the failure loads were in decreasing order. It 

was seen that, some beams were failed with aggregate failure, some beams were 

failed with bond failure and also some beams were failed with both aggregate 

and bond failure. 
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Abstract. Generally, lattice towers are analyzed and designed assuming that 

each member is a two-force member. But, in practical cases, the behavior of 

angles used in these structures are different to some extent from that of other 

commonly used steel shapes in that these are unsymmetrical sections and are 

usually attached to other members at one leg only. The resulting eccentricity 

introduces end moment which complicates the buckling behavior of angle 

members. In this paper, a previously conducted experimental study of steel 

angles as a part of a truss is simulated. A numerical modeling based on finite 

element techniques is conducted to properly understand the complex load 

carrying behavior of single angles. Account is taken of member eccentricity, 

local deformation as well as material and geometric non-linearity. Results are 

then compared with the experimental records. Results show that Finite Element 

Analysis can simulate the practical test conditions satisfactorily and the results 

closely match with experimental records. 

Keywords: Steel Angles, Eccentricity, Finite element (FE) modeling, 

Nonlinearity, Load-deflection behavior. 
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1 INTRODUCTION 

The performance of steel angles is of great interest in the field of electrical 

transmission tower design. In such structures, the angles are subjected to both 

tension and compression. Although single-angle compression members, attached 

by one leg, to the other connecting members appear to be simple structural 

elements, they are amongst the most complex of structural elements to analyze 

and design. This is due to the end eccentricities and the fact that the principal 

axes of the angle do not coincide with the axis of the structure. 

Bathon and Mueller [1] tested a wide range of eccentrically loaded angles 

using a ball joint to model end conditions unrestrained against rotation. The 

measured ultimate strengths were compared with the American design code. 

Experiments were carried out by Adluri and Madugula [2] on single angles of 

different cross sectional dimensions and of different slenderness ratios. All the 

test specimens including those prone to local buckling failed in flexural buckling 

before exhibiting some local failure. Finally several column curves were 

developed to verify the test results, which showed that the generated column 

curves were very close to test results. Testing of crossed diagonal angles in a 3D 

truss by Elgaalyet al. [3] showed that different failure modes could occur, 

combining local, overall and torsional effects, but that residual stress had a 

relatively insignificant effect on the maximum loads. Liu and Hui [4] 

investigated the response of steel single angles subjected to axial eccentric 

loading by means of finite element method. The results showed that for major 

axis bending, a critical eccentricity exists, below which reduction in ultimate load 

capacity is marginal. On the contrary, for minor axis bending, the reduction in 

ultimate capacity due to increase of eccentricity is more significant. 

It can be observed from the above-mentioned researches that most of the 

works related to the investigation of single steel angles are experiment based. 

Later some work has been performed by means of finite element method, but 

these may not be enough to give a proper correlation between results of the 

experiments and that found by means of finite element method. Thus the aim of 

this paper is to investigate ultimate capacity of eccentrically loaded steel angles 

as part of a latticed truss by means of numerical finite element analysis. Three 

dimensional finite element studies have been carried out to simulate previously 

conducted experimental works by the researchers. Comparison of compressive 

load capacity of the single angles obtained by finite element analysis and the 

experimental results has been made.  

2 EXPERIMENT OF ELGAALY et al. (1991) 

In 1991, Elgaaly et al. [3] conducted tests on 50 non-slender single steel angles 

as part of a latticed truss. Of the specimens, 25 were double bolted and the rest 22 
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were single bolted at their ends. Table 1 lists the angle sections by groups 

depending on difference in cross-sectional dimensions, slenderness ratios (l/r) 

and end conditions. Figure 1 illustrates the test setup of Elgaaly et al. [3].The 

truss was designed so that the target angle would fail first without introducing 

significant deformations in the remainder of the truss.  

Table 1: Properties of test specimens 

 

3 COMPUTATIONAL MODELING 

3.1 Finite Element Modeling of the Truss System 

Figure 2 shows a general configuration of a part of the three dimensional finite 

element model of the truss structure. The model consists of a target angle as was 

in the test of Elgaaly et al. [3]. For the analysis, the entire truss frame has been 

modeled using finite element package ANSYS. Angle specimens are discretized 

into a mesh of elements using general-purpose 4-node shell elements. 

 

 

 

 

Figure 1: General 2-D sketch of test set-up of Elgaaly et al. (1991) 

3.1.1 Meshing of the Angles 

Each of the single angle members is divided along its width. Individual division 

is rectangular. In the finite element model of the present study, the target angle is 

discretized into finer mesh sizes (figure 2) considering the cross sectional 
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dimensions of the target angle rather than the dimensions of other angle 

members. The meshing of the remaining truss members has been done in such a 

manner so that the overall mesh size for each member remains uniform and the 

aspect ratio of the elements is reasonable.  

3.1.2 Material Properties 

The materials for the elements have been taken as bilinear kinematic hardening. 

In this model, it is assumed that the total stress range is equal to twice the yield 

stress, which is recommended for general small-strain use for materials that obey 

Von Mises yield criteria (which includes most metals). The Poisson’s ratio is 

taken as 0.25. The modulus of elasticity of the angle members has been assumed 

200 kN/mm
2
 (the modulus of elasticity of steel). 

 

 

Coarse mesh

Target angle

Fine mesh

Bottom chord
 

Figure 2:Close-up view of junction of a double bolted target angle with bottom 

chord 

3.2 Boundary Conditions 

In case of the bottom horizontal truss member, the leftmost node is kept 

restrained in X and Y-directions (The truss is in the X-Y plane). And the 

corresponding rightmost node is kept restrained in Y and Z- directions. The 

junction nodes of the leftmost and rightmost vertical angles with bottom 

horizontal angle are restrained in Y-direction only. Rest of the nodes is kept 

restrained in Z-direction only to prevent out-of-plane instability of the truss. 

3.3 Loads  

The load has been applied on the middle vertical angle member at its junction 

nodes with the top chord to allow the whole structure systematically deform. In 
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the present analysis, the load is applied slightly greater than the Euler Load of the 

corresponding target angle member for each case. Then the load has been 

augmented and then subdivided equally into the junction nodes to be applied on 

the truss structure (figure 3). 

4 RESULTS AND DISCUSSIONS 

 

4.1 Deformation Characteristics of the Target Angle 

The load-deflection relationship has been signed out as the best characterization 

of the load carrying behavior of single steel angles subjected to eccentric axial 

loads. During present analysis of the truss, a load was imposed on the structure 

sub diving it on each of the junction nodes of the middle vertical angle with the 

top chord (figure 3). 

   Due to the nodal loads, each time target angle has undergone an axial 

compressive force along with some axial shortening, which is the axial 

displacement (Δa) of target angle (shown in figure 3) and at the same time, some  

 

 

 

 

 

 

 

 

 

 

 

 

 

lateral displacement (Δl) occurs (as shown in figure 6).At different stages of 

applying load, corresponding axial forces and the lateral displacements (Δl) have 

been obtained. 

Typical axial load (P) versus lateral displacement (Δl) curves obtained for 

different angle sections from non-linear finite element analysis are shown in 

figures 4 (for single bolted angles) and figure 5 (for double bolted angles), where 

response is observed to be linear until failure.  

As observed, all the load-deflection graphs show the same trend. Once the 

peak load is reached, it eventually diminishes with further increase of lateral 

deflection. The peak load is the indicator which shows that from this point 

 

Figure 3: Deflection pattern at the final stage of 

buckling (front view) 
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buckling of the target angle initiates. The deformation by considering the 

specimen of test-53 of Elgaaly et al. [3]. The specimen is single bolted and has 

width-thickness ratio is equal to 13.15 with slenderness ratio of 92.0 (the highest 

ratio of all the groups of single bolted target angles). From finite element analysis 

the obtained failure load is 47.42 kN whereas compressive load carrying capacity 

from the test of Elgaalyet al. [3] is 48.04 kN. 

 

 

 

 

 

Figure 4: Typical axial force vs lateral 

displacement (in horizontal plane) graph 

for single bolted angles 

Figure 5:Typical axial force vs lateral 

displacement (in horizontal plane) 

graph for double bolted angles 

In the initial stage, when the load reaches the pick, no significant deformation 

is observed initially. But gradually when the load tends to decrease and reaches a 

small but considerable percentage of the peak load value, some extent of 

deformation occurs. In this stage, the deflection initiates with the bending of the 

connected leg of the target angle. The rest of the truss members remain in the 

position where they were initially. When the load value eventually diminishes 

and comes to the final diminishing point, the deflection is associated with the 

bending of the connected leg along with the twisting of the unconnected leg of 

the target angle. Additionally the unconnected leg of the top horizontal member 

also faces twisting. The lower middle half portion of the target angle faces severe 

bending stress specially the lowermost connected region of the target angle 

(Figures 3 and 6). 

The middle vertical angle and the corresponding junction (the load application 

zone) shift downwards from their original position. The deflected shapes of the 

target angle can be easily realized from figure 6.As expected, all samples failed 

due to bending of the connected leg of the target angle. The failure mode was 

global flexural torsional (FT) mode without local buckling of the angle leg which 

is similar to the failure mode of specimen 24 as described by Elgaaly et al. [3].  
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Figure 6: Deflection pattern at the final stage of buckling (top view (closeup)) 

4.2 Comparison of Finite Element Model with Experiment 

Elgaaly et al. [3] described the member force vs displacement graphs of 2 single 

bolted (test 42 and test 26) and 2 double bolted (test 34 and test 9) target angles. 

The same specimens are analyzed by means of finite element method. It has been 

observed from the comparative figures that results from test of Elgaaly et al. [3] 

and from present analysis are relatively close for all the specimens except for 

specimen of test 26 (the reason may be the higher w/t ratio of the specimen, 

which is 13.88 as mentioned by Elgaaly). Here comparative results for test 34 

and test 42 have been represented graphically in figures7 and8 respectively. The 

observed deviations, though not significant between both present  analysis and 

test results of Elgaalyet al. [3] may be due to the fact that during modeling the 

truss system, bolted connection is simply replaced by modeling the connecting 

portions of target angle with the other angles as the integral parts of the truss just 

like modeling of  the component angle members of the truss. So in the finite 

element model considered here, no stress concentration has occurred. So, some 

minor differences occur for some of the angles. 

 

  

Figure 7:  Load-deflection graph of 

angle size L 45.5745.575.00, double 

bolted (test 34) 

Figure 8: Load-deflection graph of 

angle size L 50.7550.754.83, single 

bolted (test 42) 

     Overall, finite element analysis gives more logical results for double bolted 

angles than for single bolted specimens as the prevailing methodology of 

modeling the truss frame in finite element is more compatible to the restraint 

conditions of double bolted conditions (more fixity in double bolted than single 
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bolted connections). Different distinguished failure loads have been found for 

both single bolted and double bolted specimens. For the ease of discussion, 8 

specimens (4 single bolted and 4 double bolted) are chosen by the authors as the 

representative of 47 specimens to describe the salient features of the buckling 

analysis of the target angles (shown in figures4 and 5with test numbers according 

to the test of Elgaaly et al. [3]). The geometric properties as well as loading 

conditions etc of the reference specimens are listed in the table 2(a) and table 

2(b). 

Table 2: Properties of reference specimens (a) single bolted (b) double bolted 

(a) (b) 

 

From the illustration of figures4 and 5, different peak loads for the reference 

specimens have been observed for single bolted as well as double bolted angles. 

Figure 9 delineates the failure loads (peak loads) for the reference specimens of 

single bolted and double bolted angles. Both the demonstrations of figure 9 show 

that the results obtained from present analysis are very close to those found from 

the tests of Elgaaly et al. [3]. 

 

 
 

Figure 9: Comparison of Failure Loads of angles: (a) single-bolted and             

(b) double-bolted 

(a) (b) 
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5 CONCLUSIONS 

The study originated with the aim to validate, through numerical simulation, the 

eccentric compressive load carrying capacity of a single steel angle (designated 

as target angle; either single bolted or double bolted) as part of a three-

dimensional truss tested by Elgaaly et al. [3].The results of present study are in 

well agreement with those obtained from the tests. Therefore, FE analysis may be 

a good alternative to experiments of single angle structures and can be used for 

routine design of steel angles which will be helpful to find out better solutions for 

engineers. 
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Abstract. Smart elastomeric isolators incorporated with SMA wires are new 

generation passive earthquake protective devices with improved performance 

compared to conventional rubber bearings. SMA wires with unique flag-shaped 

hysteresis and superelastic behavior can enhance the re-centering capability and 

energy dissipation capacity of elastomeric isolators. This study aims to prove 

that SMA-based lead rubber bearings (SMA-LRB) can reliably control the 

seismic response of highway bridges under different loading conditions and 

reduce the failure probability of such structures at different damage states. In 

order to achieve this goal, the seismic vulnerability of a multi-span continuous 

steel-girder highway bridge, whichis isolated by SMA-LRB, is assessed and 

compared with a case where LRB is implemented as isolation system. Results 

reveal that equipping LRB with SMA wires decreases the possibility of occurring 

damage in isolation devices at all limit states and also reduce the failure 

probability of the bridge structure at collapse damage state. It means that in the 

most destructive loading conditions, SMA-LRB is more effective in making the 

highway bridge less vulnerable. 

Keywords: Seismic fragility assessment, Shape memory alloy, Lead rubber 

bearing, Smart elastomeric isolator, Steel-girder highway bridge. 
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1 INTRODUCTION 

The performance of highway bridge systems subjected to earthquakes over 40 

years (Loma Prieta 1989, and Chi-Chi 1999, Chile 2010, Tohoku 2011) has 

revealed that these structures are highly vulnerable to seismic events [1]. In such 

a situation, it is highly crucial to protect bridges against earthquakes and 

investigate their functionality under different ground excitations.  

Among different types of passive earthquake protective mechanisms, 

elastomeric isolators (EIs) or rubber bearings are one of the most well-known 

systems that are used in bridge applications. They can effectively isolate the 

structure by providing flexibility and dissipating the earthquake’s energy. 

Although lead rubber bearings (LRBs) are extensively used in several 

applications, they have some weaknesses such as limited shear strain capacity, 

un-recovered residual deformation, and instability due to a large deformation 

[2,3]. Using shape memory alloy (SMA) in the form of wire [2,4,5] is a solution 

to partially overcome the aforementioned limitations. Using SMA as a 

supplementary component is due to its unique characteristics such as a flag-

shaped hysteretic response (high re-centering capability), a good superelastic 

effect (up to 13.5% re-coverable strain) [6] and a suitable fatigue property [7]. 

Hedayati Dezfuli and Alam[4] showed that incorporating SMA wires into the 

natural rubber bearings leads to improvements in the re-centering capability and 

the energy dissipation capacity.    

In the seismic risk assessment of bridges, fragility curves are developed to 

determine the probabilities that a structural demand (structural response) exceed 

the structural capacity defined at a damage state. Analytical approach is mostly 

used in order to develop fragility curves [8, 9, 10]. Traditionally, bridge piers 

were considered as the primary component to be an indicative of the overall 

fragility of the structure [11, 12]. However, Nielson and DesRoches[13] showed 

that this is not an appropriate assumption for all types of bridges and could lead 

to significant errors in estimating the fragility functions of the whole system. 

Here, an important point is that for bridges with multi-column bents, major 

vulnerable bridge components should be considered to minimize errors and 

maximize the accuracy of the estimation of system fragilities. 

This study evaluates the seismic vulnerability of a steel-girder highway bridge 

isolated by smart lead rubber bearings in which SMA wires are wrapped around 

the LRB in a double cross arrangement. A three-span continuous steel-girder 

bridge is considered where LRBs are used to isolate the bridge and ferrous-based 

SMA wires are employed as supplementary components. 3D finite element (FE) 

models are generated in SeismoStruct [14]. Incremental dynamic analyses (IDA) 

are carried out in order to estimate the seismic fragility functions of major 

vulnerable components (bridge pier and rubber bearing). 
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2 SEISMIC VULNERABILITY ASSESSMENT 

Fragility theory investigates probability levels at which the seismic demand of a 

structure, D, is equal to or greater than the capacity of the structure, C. This 

statement is subject to a condition defined as a specified intensity measure (IM) 

indicating the level of seismic loading.  

A probabilistic seismic demand model (PSDM), which shows a probability 

distribution for the demand, is developed to correlate the engineering demand 

parameters, EDPs, (e.g. pier displacement ductility and bearing deformation) 

with the intensity measure (e.g. peak ground acceleration). To develop PSDM, 

the scaling approach [10, 15] is used. A two-parameter lognormal probability 

distribution is assumed to represent the EDP.  

Capacities of bridge components can also be defined with lognormal 

distributions. Therefore, the fragility equation can be written as [8]:  


















22

|

)/ln(
]|[

cIMD

cd SS
IMCDP


 (1) 

in which Φ is the cumulative distribution function of the standard normal 

distribution, Sd and Sc are the median estimates of the demand and the capacity, 

respectively, and βD|IM and βc are logarithmic standard deviations of the demand, 

and the capacity, respectively.  

Limit states or structural capacities for a bridge component should provide a 

qualitative representation for that component. The limit states are classified to 

slight, moderate, extensive, and collapse [16]. Here, bridge piers and EIs are 

assumed as the main vulnerable components of the highway bridge because they 

often show nonlinear behaviour under strong ground motions. The quantitative 

measure of limit state for the piers is displacement ductility, μd, and for the 

isolation bearings is the shear strain, γ. Based on the available literature, the 

range of EDPs considered for each component is specified at each limit state 

level according to Table 1.  

Table 1: Limit states of bridge pier and elastomeric bearing. 

Bridge 

Comp. 
EDP 

Limit States 
Reference 

Slight Moderate Extensive Collapse 

Pier 
Displacement 

Ductility 
μd> 1.00 μd> 1.20 μd> 1.76 μd> 4.76 [8] 

EI Shear Strain γ> 100% γ> 150% γ> 200% γ> 250% [15] 

The system fragility is determined using the upper bound in the first order 

reliability theory (equation (2)) which provides a conservative estimation.  
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P[Fs] and P[Fcomp i] are the probabilities of failure for the system and ith bridge 

component, respectively, and Π is the product operator. 

Among different intensity measures, peak ground acceleration (PGA)is 

selected in this study. 25 far-field earthquake records having different 

longitudinal and transverse components are collected from PEER strong motion 

database[17] to develop the fragility curves. Since the bridge simulated in this 

research is located in the province of British Columbia (western Canada), it is 

assumed that the ratio of PGA to PGV is between 0.8 and 1.2 [18]. 

As shown in Figure 1, the chosen structure is an irregular bridge (i.e. piers 

with different heights) consisting of two multi-column bents with a skew angle of 

20 degrees. The columns are made of concrete reinforced with steel rebars. 

Considering two types of rubber bearing (LRB and SMA-LRB), two cases are 

explored; the bridge isolated by LRBs and the bridge isolated by SMA-LRBs.  

 

 

Figure 1: Three-span continuous steel-girder bridge. 

A 3D finite element (FE) model is generated in SeismoStruct [14]. It should 

be noted that the effect of abutment on the seismic vulnerability is not 

considered. Moreover, it is assumed that the bridge piers are supported on a rigid 

foundation. 

Based on the arrangement of SMA wires previously proposed by Hedayati 

Dezfuli and Alam [4], two wires are wrapped around the LRB in a double cross 

configuration. Both rubber bearings have same plan area of 350 mm by 350 mm 

with identical thicknesses of rubber layers (70 mm). The behavior of rubber 

bearings is simulated using the bilinear kinematic model. Actual hysteretic 

responses of LRB and SMA-LRB are plotted in Figure 2 along with responses of 

the idealized models.  
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Figure 2: Actual and idealized shear hysteretic responses of LRB and SMA-LRB. 

3 RESULTS AND DISCUSSIONS 

3.1 Fragility of Components 

Displacement ductility is defined as a ratio of the ultimate displacement to the 

yield displacement. Shear strain is defined as a ratio of the lateral displacement to 

the total thickness of rubber layers. Figure 3 demonstrates the fragility curves of 

bridge pier and rubber bearing when LRB and SMA-LRB are used as different 

isolation systems. 

 

Figure 3: Fragility curves of (a) bridge pier and (b) rubber bearing for regular 

(LRB) and smart (SMA-LRB) isolation systems. 

Comparing fragility curves of the bridge pier isolated by LRB and SMA-LRB 

depicts that using SMA wires in LRB increases the probability of damage of the 

pier as a result of stiffening the system which causes a higher seismic force 

demand. For example, if the bridge is excited by an earthquake with a PGA of 

1.0g, the probabilities of occurring a moderate damage are 62% and 84% in the 

pier isolated by LRB and SMA-LRB, respectively. Both stiffness and energy 

dissipation capacity have contributions to the vulnerability of the pier. At high 

values of PGA (between 1.0g and 2.0g), the effective stiffness of SMA-LRB is 
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considerably higher than that of LRB. The fragility of pier increases by 

increasing the stiffness of rubber bearings and decreases by increasing the energy 

dissipation of isolation systems. In the case of using SMA-LRB, the influence of 

effective stiffness of elastomeric isolators is more than that of the energy 

dissipation capacity and as a result, the fragility of pier increases. 

When SMA wires are incorporated into LRB, the vulnerability of elastomeric 

isolation system decreases. In fact, SMA wires with a high re-centring capability 

and a flag-shaped hysteresis stiffen the rubber bearing and improve the dynamic 

stability of the device by restricting it from over displacement. 

Comparing the fragilities of bridge components reveals that in most cases, the 

pier is more vulnerable than the elastomeric bearing. 

3.2 Fragility of Bridge 

When LRB is replaced with SMA-LRB, the bridge structure becomes more 

fragile at slight, moderate and extensive limit states. The reason is that although 

using SMA wires in LRB can reduce the possibility of damage in isolation 

systems, it increases the fragility of the bridge pier in a way that the damage 

probability of the whole system increases. However, at the collapse level, using 

SMA-LRB instead of LRB is in support of the seismic response of system. It is 

because the fragility reduction in the rubber bearing outweighs the fragility 

increase in the pier and as a result, the seismic vulnerability of the whole 

structure decreases. 

 
Figure 4: Fragility curves of the bridge system isolated by LRB and SMA-LRB 

4 CONCLUSIONS AND RECOMMENDATIONS 

Seismic fragility of a three-span continuous steel-girder bridge, with unequal pier 

heights and a skew angle of 20 degrees, was assessed in this study. Two cases 

were studied by implementing two different types of isolation systems; lead 

rubber bearing (LRB) and SMA wire-based LRB (SMA-LRB). The bridge pier 

and the isolation system were considered as major vulnerable componenets in 

developing fragility functions of the system. Each bridge model was subjected to 

25 earthquake records having different longitudinal and transverse components, 
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with PGA values ranging from 0 to 0.6g. To establsih fragility functions, 

incremental dynamic analyses were carried out. Based on the reults, the 

following conclusions can be drawn. 

 SMA wire can increase the stiffness of the system and as a result, the 

ductility demand in the bridge pier decreases for PGA values lower than 

2.0g. In this range of PGA, the bridge pier becomes more vulnerable when 

LRB is replaced with SMA-LRB.  

 SMA wires, with a high re-centering capability due to a flag-shaped 

hysteresis, stiffen the elastomeric isolation system and improve the dynamic 

stability of the device by restricting it from over displacement. As a result, 

these supplementary components could reduce the vulnerability of 

conventional natural rubber bearings. 

 Using SMA-LRB instead of LRB makes the bridge structure less vulnerable 

at extreme damage states (collapse). It is because SMA-LRB makes the 

isolated bridge stiffer in comparison with the LRB. SMA-LRB is more 

effective in reducing the failure probability (fragility) of the bridge at the 

collapse damage level. It shows that this smart isolator performs more 

efficiently when the bridge system is subjected to large amplitude 

displacements. 

In this study, some assumptions were made in order to simplify the process of 

developing fragility functions of a steel-girder highway bridge. Therefore, in 

order to make the fragility responses more accurate and improve the level of 

prediction, several factors including the effect of abutments and foundations, 

uncertainties in the geometry and material properties, and earthquake records 

with high PGA values should be taken into account in future works. Since far-

field ground motions were considered in this study, fragility of bridges should 

also be estimated under near-field earthquakes.     
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Abstract. Reinforced concrete flat slabs are widely used because of its economi-

cal nature. Flat slab structures show significant vulnerability under lateral and 

vertical seismic loading as punching shear failure may occur in the joints of slab 

and column. In this research, finite element analyses have been carried out to 

predict how much seismic loading a flat slab-column connection can endure. The 

vulnerability of the flat slab-column connection is checked through the analyses. 

The finite element analyses have been conducted with ABAQUS software because 

of its wide material modeling capability and customization property. Elasto-

plastic CDP model is used a material modelling for the reinforced concrete. It is 

found that thickness of the slab, reinforcement ratio, usage of bent bars, 

high strength materials are the important factors in punching shear failure 

in the slab-column connection. 

Keywords: Finite element analysis, ABAQUS, Punching shear failure, Seismic 

loading, Stress analysis. 
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1 INTRODUCTION 

Recently many experimental works has been done on reinforced concrete struc-

tures subjected to seismic loading. Strengthening of both modern and aging infra-

structures is essential because of recent earthquake activities. In this paper we 

want to focus on a reinforced concrete slab-column connection subjected to lat-

eral seismic loading at the top and vertical seismic loading at the bottom of the 

column.  

Many experiments have been performed to understand the behavior of the 

connection of a building. Performing experiment for a flat slab-column connec-

tion subjected to seismic loading requires more time and money. Such an exper-

iment was performed by Robertson & Johnson
 [1]

 to determine the punching shear 

failure for a slab-column connection. In that experiment, six specimens were 

used. And for each specimen experimental setup was prepared and the specimens 

were subjected to lateral loading. In this research, we have analyzed the specimen 

one and applied both vertical and horizontal seismic loading.   

2 FINITE ELEMENT ANALYSIS 

2.1  Material Modeling 

2.1.1. Concrete Damage plasticity Model  

In the research of Genikomsou et al (2014) 
[2]

 it is said that, the concrete damage 

plasticity model is a continuum, plasticity-based, damage model, which assumes 

two main failure mechanisms: the tensile cracking and the compressive crushing. 

The model uses the yield function proposed by Lubliner et al. (1989) 
[3]

 and mod-

ification by Lee and Fenvas (1998) 
[4]

. 
 

 
 

Figure 1: CDP Model for compression & tension. 
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2.1.2. Linear Elastic Plastic Model  

The material returns to its original shape when the loads are removed. Strain in 

these materials is small and stress is proportional to strain.
  

 

 
 

Figure 2: Linear elastic plastic model 

3 SPECIMEN MODELING  

3.1  Slab-Column Joint Modeling  

An interior slab-column connection has been created using the co-ordinate sys-

tem where the whole connection acted as the host element for the reinforcements. 

Concrete damage plasticity type model has been used here. Slab is placed with 

the thickness of 114mm and slab size is placed as 2743mm*3048mm. And the 

column size is placed as 254mm*254mm. And the height of the column is placed 

as 1524mm.  

3.2  Reinforcement Modeling 

Reinforcement of both slab and column has acted as the embedded element. The 

bottom slab reinforcements are placed at #10@356mm, #10@203mm, 

#10@152mm, #10@256mm & #10@356mm along the width of the slab and 

#10@356mm, #10@203mm, #10@152mm, #10@256mm & #10@356mm along 

the length of the slab. 

The top slab reinforcements are extended to one third of the slab. The top slab 

reinforcements are placed at #10@152mm along the width of the slab and 

#10@152mm, #10@127mm, #10@127mm & #10@152mm along the length of 

the slab. Four rebar are used in column and no tie bars are used. #20 reinforce-

ment is used as the column reinforcement. 
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3.3  Property Definition 

3.3.1. Material property for slab & Column concrete  

Table 1: Property for slab & column concrete 

3.3.2. Material properties for reinforcement  

Rebar’s density is 7.75E-6 kg/mm
3
 And Young modulus 210000 MPa. Poison 

ratio was taken 0.3. T3D2 element has been used. Truss elements are rods that 

can carry only tensile or compressive loads. They have no resistance to bending; 

therefore it can be modeled as a truss. 

3.4  Meshing 

Every part was individually meshed for finite element analysis. Mesh size 10mm 

is used in the host element and 10mm is used in the embedded element. T3D2 

elements are used.  Total number of element is 12,656. Total number of node is 

16,846. Total number of variables in the model is 50,538. 

  

 
 

Figure 3: Modeling of the slab-column joint & reinforcement 
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4 RESULUTS AND DISCUSSIONS  

4.1  Stress Distribution Analysis for Different Loading Cases  

For the loading case 1 punching shear occurs at the critical perimeter according 

to ACI code where the top of the column is subjected to 1000 Hz of seismic load-

ing.. The critical perimeter is located at a distance of d/2 from the face of the col-

umn.  The maximum shear stress at critical perimeter is necessary to determine 

whether punching shear failure will occur or not. Stress distribution analysis has 

been done for various cases to find out the maximum stress at critical perimeter.  

 

 

 Figure 4: Contour plot of the slab column connection & Element at the 

critical parameter for stress distribution 

4.2  Von Mises and Tresca Stress Distribution  

For the loading case 1 it is considered that the top of the column is subjected to 

1000 Hz of seismic loading in the horizontal direction. Von mises & Tresca 

stress distribution analysis is done for an element situated in critical parameter of 

the flat slab. For the loading case 2 it is considered that the top of the column is 

subjected to 2000 Hz of seismic loading in the horizontal direction. Von Mises & 

Tresca stress distribution analysis is done for an element situated in critical pa-

rameter of the flat slab. For the loading case 3 it is considered that the top of the 

column is subjected to 1000 Hz of seismic loading in horizontal loading & 1000 

Hz of vertical Loading at the bottom of the column in vertical direction. Von 

mises & tresca stress distribution analysis is done for an element situated in criti-

cal parameter of the flat slab. 
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Figure 5: Maximum stress distribution curve for case-1 

 

 
 

Figure 6: Maximum stress distribution curve for case-2 
 

 
 

Figure 7: Maximum stress distribution curve for case-3 
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For the loading case 3 it is considered that the top of the column is subjected to 

2000 Hz of seismic loading in horizontal loading & 2000 Hz of vertical Loading 

at the bottom of the column in vertical direction. Von Mises stress distribution 

analysis is done for an element situated in critical parameter of the flat slab. 

 

 

Figure 8: Maximum stress distribution curve for case-4 

4.3  Comparison with ACI code  

A value of 1.0 for the shear ratio would indicate that the connection is on the 

verge of punching shear failure according to the ACI Building Code.  

The concrete shear stress is limited to the smallest of three concrete stress 

equations given in ACI 318 section 11.12.2.1. 

 
(1) 

Shear ratio is the ratio of ultimate shear stress for the critical perimeter & con-

crete shear stress. If the ratio is 1 or greater than 1 then punching shear failure 

occurs. 
[8] 

5  RESULTS AND DISCUSSIONS 

The results of the analyses have been summarized in Table 1. 

As from ACI building code it has been established that if shear ratio  then 

punching shear failure will occur. From the tabulated chart it is seen that punch-

ing shear failure occurred for a slab-column connection subjected to 2000 Hz of 

cyclic loading laterally at the top of the column and combination of 2000 Hz of 

cyclic loading at the top of the column laterally and 2000 Hz of cyclic loading 

vertically at the end of the column. 
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Table 2: Example of the construction of one table. 

Differ-

ent cas-

es 

Stress 

Distribu-

tion 

Ultimate 

stress 

(  

(N/mm
2
) 

Concrete 

stress 

 
(N/mm

2
) 

Shear 

Ratio 

 

Chance of occurring 

Punching shear failure 

 

 

 

 

Case-1 

Von-

Mises 

0.88 1.81 0.49 Crack may develop & 

Punching shear failure 

is not imminent 

Tresca 0.97 1.81 0.56 Crack may develop & 

punching shear failure 

is not imminent 

 

 

Case-2 

Von-

Mises 

1.97 1.81 1.09 punching shear failure 

Tresca 2.2 1.81 1.21 Punching shear failure 

 

 

Case-3 

Von-

Mises 

0.69 1.81 .38 Punching shear failure 

is not imminent 

Tresca 0.78 1.81 .94 Punching shear failure 

is not imminent 

 

Case-4 
Von-

Mises 

1.7 1.81 1.09 Punching shear failure 

Tresca 1.8 1.81 1.011 Punching shear failure 

    

6 CONCLUSIONS 

In this model Von Mises stress and Tresca stress distribution has been checked at 

the slab-column connection. It has been observed that it is possible to determine 

the behavior of a slab-column connection subjected to seismic loading. To mini-

mize the effects of seismic loading the following should be taken into considera-

tion –  

 Increase the thickness of the slab,  

 Increase the reinforcement ratio,  

 Usage of bent bars,  

 Usage of high strength materials.  
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Abstract. Resistance due to the high operating pressure and deformability under 

different environmental effects, high strength steel (HSS) pipeline has the greater 

preference to transmit the natural gas or oil. The use of HSS pipe is increasing 

for its weight and cost reduction benefit. The UOE forming processes are com-

monly used for manufacturing pipes, where plastic deformation of pipe material 

is induced, generally results in initial geometric imperfections during manufac-

turing process. This study includes material anisotropy and geometric imperfec-

tion concurrently. It investigates the buckling and post buckling response of HSS 

pipes under different load combination. The geometric imperfections due to dif-

ferent Diameter/thickness ratios are incorporated in the finite element models 

consist of material anisotropy. This parametric study is conducted to investigate 

the influence of the internal pressure, wall thickness, pipeline diameter and axial 

compression on the local buckling response. The peak moment increased with 

decreasing pressure and for larger diameter to thickness ratio it secured higher 

value. The directional sensitivity of buckling has also been observed from the 

finite element models. 

 

Keywords: High strength pipelines, Geometric imperfection, Critical buckling 

strain, Local buckling 
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1 INTRODUCTION 

In recent competitive era of sustainability, the use of natural resources in a steady 

level is a burning issue. The demand of exploitation and extraction of natural re-

sources (like- gas, oil etc.) is increasing in a higher rate in different regions 

throughout the world. The price of fossil fuel has increased with the increase in 

their demand. At these consequences, the exploration of energy reserves in the 

sub-Arctic regions of North America has become an economically beneficial op-

tion. Accordingly, this industry has now an influential contribution to the Cana-

dian economy. These industries generally account for exploration, extraction and 

transportation of oil and gas. For this buried pipelines are cheap and efficient 

form of transportation from the source to the point of consumption.  

Due to the harsh geo-environmental conditions in the sub-Arctic regions, bur-

ied pipelines have to pass through regions of discontinuous permafrost. They are 

subjected to differential settlements, local buckling due to seasonal cyclic freeze-

thaw phenomenon. The differential settlements impose bending stresses on pipe 

segments in addition to the stresses induced by internal and external pressure and 

differential temperature. These induced stresses are often responsible for pipeline 

failure. In current years, the use of high strength steel (HSS) pipes has increased 

due to its cost reduction benefits [1]. Manufacturers are able to produce grades as 

high as X80, X100, X120 which have Specified Minimum Yield Strength 

(SMYS) of 80 ksi, 100 ksi, and 120 ksi respectively. The use of higher steel 

grades has lighter pipe segments with higher diameter to thickness ratio as com-

pared to normal grade steel pipes. The high strength large diameter pipes are 

generally manufactured by the UOE forming process. UOE is a cold forming 

process, where thin steel plates are first deformed into a U shape (U-forming), 

mechanically pressed in to an O shape (O-forming), and finally, expanded (E) 

into a cylindrical pipe segment. It has been found previously that the UOE form-

ing process leaves the pipes with material, as well as geometric imperfections [2].  

HSS pipes show anisotropic behavior in plastic range, while normal strength 

pipes show isotropic behavior in both elastic and plastic range [3, 4]. The speci-

mens taken from longitudinal direction show different stress strain response 

compared to those taken from the circumferential direction. The yield stress in 

the circumferential direction is higher than that in the longitudinal direction. The 

circumferential stress strain curve shows a distinct yield point, while the longitu-

dinal stress strain curve has a more round shape and generally lies below the cir-

cumferential stress strain curve. It was demonstrated that anisotropic behavior of 

HSS pipes can be modeled using a yield surface translation in the stress space [5]. 

During the expansion stage in the manufacturing process, the yield center moves 

in the stress space in the direction of increasing stress, i.e., the circumferential 

direction. Upon unloading and reloading, the yield point is expected to be higher 

than the original plate material in the circumferential direction, and lower in the 

longitudinal direction. Combined isotropic / nonlinear kinematic hardening mod-
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el showing the plastic anisotropy of HSS pipes accurately were successfully in-

troduced [5]. Virgin material curve from the available experimental stress strain 

data were approximated and the material parameters for the back-stress evolution 

laws were calibrated through optimization. To develop material model into Finite 

Element Analysis (FEA), software- like ABAQUS was used. The variation of 

wall thickness of pipe has larger effect on buckling than that of variation in radi-

us [2]. Previously the moment rotation relations in case of wall thickness varia-

tion, radius variation in pressurized and unpressurized condition have already 

been showed.  
The purpose of the current study is to develop finite element (FE) models of 

HSS pipelines using an advanced nonlinear material model like Chaboche model 

to investigate the upheaval buckling and local buckling response under the com-

binations of various loads. The developed FE models include both material and 

geometric nonlinearities. Results obtained from the FE analyses are compared 

against the available test results to fine tune the models.   

2 HSS PIPES AND UOE FORMATION 

In UOE developing process, a steel plate is first bent into a U shape, and then a 

press is created to convert the U shape into an O shape. After that plate is welded 

in the along longitudinal direction, and expanded in the circumferential direction. 

This process (expansion) induces 2% circumferential plastic strain. When a UOE 

formed HSS pipe is loaded in the circumferential direction, its yield point will be 

higher than the original plate material. When loaded in the longitudinal direction, 

its yield point will be lower than that of the original plate material. This is a re-

sult of strain hardening and Bauschinger effect, typically exhibited by elastic-

plastic material subjected to cyclic loading. 

3 DEVELOPMENT OF NUMERICAL MODEL 

The objective of this study is to investigate the upheaval buckling and local buck-

ling response under the combinations of internal pressure, bending moment and 

axial compression. In order to achieve the highlighted objective, a finite element 

(FE) model has been developed which considers all possible nonlinearity effects. 

The ABAQUS (ABAQUS 6.13.1) program has been chosen for this analytical 

work, as it possesses features essential for simulating post-buckling response of 

line pipe. In this program, finite element method (FEM) allows to model discon-

tinuities, such as cracks, along an arbitrary, solution-dependent path during an 

analysis. This method has been also extended to support the application of dis-

tributed pressure loads to the cracked element surfaces, which makes the analysis 

more realistic. Its element library includes a certain element type which is capa-

ble of accounting for large displacement, large rotation, and initial imperfections 

[12]. The numerical development of a pipe segment includes appropriate selec-

tion of element type, element mesh generation and optimization, proper boundary 



Parametric study on buckling analysis of HSS pipes             

 

621 

 

and loading conditions, material properties, and solution scheme. There is also 

significant improvement in the run time performance. 

3.1 Element Selection 

The element development formulation was based on finite-membrane-strain for-

mulation. For the development of the present numerical model, 4-noded quadri-

lateral doubly curved general purpose shell elements were used with reduced 

integration. Each node of these shell elements has translational and three rota-

tional degrees of freedom.  

3.2 Geometrical Parameters  

In recent years, the use of high strength steel (HSS) pipes has increased due to its 

cost reduction benefits [1]. Manufacturers are able to produce grades as high as 

X80, X100, X120 which have Specified Minimum Yield Strength (SMYS) of 80 

ksi, 100 ksi, 120 ksi respectively. Kainat et al. (2013) used X100 with wall thick-

ness 14.275 mm & outer dia 1067 mm whereas Nupane et al.(2012) worked on  

X100 pipe of 762 mm OD and 12.7 mm wall thickness. Arman et al.(2011) used 

for his research NPS16 (X60) ,NPS20 (X65) and also referred the experimental 

work of Das et al.(2002) on NPS12. Ali Fathi et al.(2012) used X80, X100,X120  

grades to continue his research. From these studies the following geometrical 

specifications is chosen for current numerical model shown in Table 1. 

Table 1: Geometric Properties of Element 

 

Steel Grade X100 

Nominal Outside Diameter (O.D.) 

(mm) 

762 610 

 

Nominal Wall Thickness, 

 t(mm) 

12.7 15.1 

Length (mm) 2613 2613 

Diameter/thickness  ratio 60 40.4 

Length/Diameter ratio 3.4 4.3 

3.3  Material Modeling 

The material model is assigned to a 3D cylindrical shell representing pipe of 762 

mm and 610 mm OD, along with the initial conditions simulating the expansion 

process. The cylinder is then loaded in the longitudinal and circumferential direc-

tions by applying axial compression and internal pressure separately. Two mate-

rial models are studied here. One is for Fredrik-Armstrong model, another is 

Chaboche model. The material models are assigned to a pipe of different OD and 
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wall thickness. The moment-rotation responses of the pipes are then observed. 

The moment-rotation curves from FEA results are shown in Figure 1 and 2. 

 

3.3.1 Kinematic Hardening Laws 

Kinematic hardening laws like- Armstrong‐Frederick law and Chaboche law 

which could be calibrated using uniaxial tension test data in both longitudinal and 

circumferential direction were used here. The Armstrong‐Frederick law contains 

two material parameters expressed as C and ɣ which can sufficiently describe the 

backstress evolution. The Chaboche law is considered as the extension to the 

Armstrong‐Frederick law and holds sets of material parameters C and ɣ. 

In this work sets of data for two existing pipes were used and those sets could 

accurately predict the behavior of the pipe specimens in the longitudinal direction. 

4 RESULTS 

18 different pipe models are developed to observe the effects of geometric imper-

fections using different material models. The length of the pipe is taken 2613 

mm. S4R shell elements are used for the pipe model. Mesh size is selected as 40 

mm by 40 mm. The pipe is fixed at one end, and a concentrated rotation is ap-

plied at the other end. Pipes are analyzed for unpressurized and pressurized con-

ditions. For pressurized condition, a uniform internal pressure is applied that 

corresponds to a Hoop stress of 80% of SMYS. Riks method is applied to solve 

the non-linear buckling analysis due to applied rotation at one end.  

From the moment-rotation curve for each case, the peak moment and the cor-

responding end rotation are observed, which signify the onset of buckling due to 

Figure 1:  Pressurized condition Figure 2: Unpressurized condition 
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pure bending (figure-1 and figure-2). The typical buckling shapes for pipes with 

and without internal pressure are shown in Figure 3 and Figure 4. 

 

 

 

 

 

 

 

4.1 Effects of Geometric Imperfection on Moment-Rotation Relationship 

Different pipe models are developed to observe the effects of geometric imper-

fections using different material models. The length of the pipe is taken 2613 mm. 

S4R shell elements are used for the pipe model. Mesh size is selected as 40 mm 

by 40 mm. The pipe is fixed at one end, and a concentrated rotation is applied at 

the other end. Pipes are analyzed for unpressurized and pressurized conditions. 

Two material models are studied for comparison. One is for Fredrik-

Armstrong model, as discussed previously, another is Chaboche model. The ma-

terial models are assigned to a pipe of different OD and wall thickness. Therefore, 

the different responses obtained from these pipes are solely due to the effect of 

different material models. The moment-rotation responses for different materials 

are shown in figure 5 and figure 6. 

5 DISCUSSION 

From the moment rotation responses pertaining to different material and geomet-

ric models, it is observed that, the mode of buckling is different for pressurized 

and unpressurized pipes. Unpressurized pipes have higher peak moment and end 

rotation values for all cases compared to pressurized pipes. Unpressurized pipes 

buckle inward at mid length, while pressurized pipes buckle with outward protu-

berance at the end where rotation is applied. These modes are termed diamond 

mode and bulge mode respectively, and are typical to unpressurized and pressur-

ized pipe buckling.  

The pipe wall thickness variation models suggest that the behavior of the pipe 

is sensitive to the direction of the applied rotation/moment. For unpressurized 

condition, the peak moment and end rotation values are reduced by 2.83% and 

Figure 3: Typical Buckling mode  

for unpressurized pipe 

 

Figure 4: Typical Buckling mode  

for pressurized pipe 
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8.23% respectively from the constant radius model. For pressurized condition, 

the reductions are 3.304% in peak-moment and 4.46% in end rotation. 

 

 

6 CONCLUSIONS 

This study successfully showed the effects of geometric imperfections on the 

buckling response of X100 UOE pipes. From the analysis results, it is concluded 

that, geometric imperfections are bigger issues in X100 UOE pipes. 

This study was limited to X100 pipes with two different OD and thickness. 

Further analysis on different pipe sizes can be carried out to capture the full pic-

ture regarding the effects of imperfection. This study was limited to modeling 

Figure 5: Moment-rotation response for pressurized pipe 

 

Figure 6: Moment-rotation response for unpressurized pipe 
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anisotropic model. The development of ovalization due to pipe bends and their 

corresponding effects were beyond the scope of this study. 
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Abstract. Floaters in the Arctic region constantly interact with level ice. Thus, 

hydrodynamic analysis of the isolated floater without accounting for the effect of 

the level ice is incomplete. This study aims to identify the most important pa-

rameters affecting the multi-body hydrodynamic behavior of level ice and a sin-

gle floater. A standard semi-submersible represents the floater and a range of 

geometric variations of the level ice strives to simulate the varying nature of the 

ice environment encountered by the floaters in the Arctic. The findings from this 

study points towards the major focus areas for subsequent detailed studies. Addi-

tionally, this study makes some initial recommendations on the need and means 

of accounting for level ice in the hydrodynamic analysis of floaters in the Arctic.  

Keywords: Arctic environment, Level ice, Multi-body hydrodynamics, paramet-

ric study, Semi-submersible. 
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1 INTRODUCTION 

Large reserves of oil and gas along with melting ice makes the Arctic, the next 

frontier in the hydrocarbon based energy race. The potential for renewable ener-

gy such as wind and wave energy also remains lucrative. To harvest such energy 

from the deeper region of the Arctic, floating oil and gas platform is the most 

suitable choice. Such platforms will most likely be able to disconnect in the event 

of large icebergs or very large multi-year ice floes. However, they will still have 

to encounter and withstand first year level ice of varying sizes.  Such large ice 

floes will interfere with the hydrodynamic response of the floater. Squire et al. [1] 

studied the ocean wave scattering due to large ice floe. They studied how waves 

(particularly in the Antarctic) influence the large-scale dynamics, rheology, and 

thermodynamics of the ice cover. Next, Chwang [2] investigated the subject of 

interaction hydrodynamics between two floating bodies or between a floating 

body and an offshore structure. They briefly reviewed the mathematical model 

based on the energy principle. This model assumes the kinetic energies of an ice 

floe and the associated added mass to be constant before the impact and convert-

ed entirely into work done in crushing the ice floe. Chwang [2] advanced the en-

ergy principle by developing general formulation for the hydrodynamic 

interaction between two bodies with or without rotation based on the Lagrange 

equations of motion. However, their focus was on the iceberg structure interac-

tion and associated additional added mass resulting from the one associated with 

the iceberg, another associated with the offshore structure, and the third one as-

sociated with the two-body interaction. Such studies point towards the im-

portance of accounting for the presence of large ice floes on the overall 

hydrodynamic behavior of the floater. However, until now, there is a lack of 

readily useable values regarding the impact of large level ice sheets on the hy-

drodynamic response of a floating platform. Foschiet al. [3] attempts to provide 

wave-Iceberg load combination factor to be directly used by practicing engineers. 

Current research thus attempts to identify the most important parameters in 

the multi-body hydrodynamics behavior between a level ice sheet and a semi-

submersible. The methodology section defines parameters associated with the 

selected ice floe and the semi-submersible as well as the range of parameters 

studied. Subsequent section presents the findings from the investigation and 

makes recommendations for further research. Final section summarizes the find-

ings and concludes the paper. 

2 METHODOLOGY 

The work selects a semi-submersible platform as a representative of a floater in 

the arctic region. The hydrodynamic study assumes the semi-submersible in op-

erating condition where pontoons remain fully submerged in water and only semi 

columns cross the free surface. Table 1 lists the major dimensions of the platform. 
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The table also presents the dimensions of the ice floe. A 100 m length x 100 m 

width and 1 m thick level ice represents a realistic scenario potentially faced by a 

floater in the Arctic. The linear viscous damping of 9% for the floater bases on 

the standard practices for such semi-submersibles. The ice floe uses the linear 

viscous damping of 4%for this study, this vale bases on preliminary study of the 

individual ice floe hydrodynamics behavior. However, this damping value re-

mains an open research parameter, which warrants further investigations. This 

paper employs the boundary element based software package ‘Hydrostar’ to per-

form the hydrodynamic analysis. Hydrostar [4] is the hydrodynamic software 

developed in Bureau Veritas since 1991 that provides a complete solution of first 

order problem of wave diffraction and radiation and the QTF of second order 

low-frequency wave loads for floating body with or without forward speed in 

deep water and in finite water depth. This software uses first and second order 

potential theory of free surface flow to solve the diffraction and radiation compu-

tation. Potential theory assumes the fluid as ideal, which implies that the fluid is 

inviscid and incompressible, hence making it irrotational. Current study varies 

two parameters, namely, ice floe distance (5, 10, 20 and 40 m) and ice floe orien-

tation (0 and 45 degree), which results in total 8 cases in addition to the 

standalone semi-submersible case. Table 2 lists the case names along with the 

varied parameters. Figure 1 shows the panel model of the semi developed in Hy-

drostar. 

Table 1: Particulars of the semi-submersible and level ice 

 

Parameters Units Value 

Platform pontoon length M 75  

Platform width M 52  

Platform draft M  12.2 

Platform weight Tonne  17422 

Linear viscous damping  %  9 

Level Ice length M 100  

Level Ice width M 100  

Level Ice draft M 0.907  

Level ice weight Tonne 3460  

Linear viscous damping %   4 

Table 2: Parameters of studied cases 

Ice floe orientation 
Ice floe distance 

5 10 20 40 

0 Case 1 Case 2 Case 3 Case 4 

45 Case 5 Case 6 Case 7 case 8 
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Figure 1: Panel model of the studied semi-submersible simulated in Hydrostar 

3 RESULTS AND DISCUSSIONS 

This section presents the finding from the parametric study. Figure 2 and 3 pre-

sent the surge and sway Response Amplitude Operator (RAO) of the floater re-

spectively. These figures also compare these responses with and without the 

presence of level ice at 10 m distance while the wave direction changes from zero 

to ninety degrees. The findings from these two figures emphasize the effect of the 

ice floe on the hydrodynamics response of the floater. The wave direction also 

becomes significant in the peak values observed in these RAOs.  

Table 3 summarizes the findings from all nine cases. It assembles the maxi-

mum peak value observed in the RAOs in Surge, Sway, Heave, Roll, Pitch and 

Yaw directions along with the corresponding frequencies. However, this table 

only lists the values for a selected wave direction of 60
o
. The time-periods asso-

ciated with the highest peak values do not change significantly due to the pres-

ence of a large ice floe. Figure 4 plots the variations of maximum peak value 

with respect to the ice floe distance from the floater. It also compares the effect 

of ice floe orientation. 

Figure 4 accentuates the effect of these parameters on the RAOs by displaying 

the ratios of the highest peak values against standalone semi-submersible re-

sponse. The smaller ratios in the surge direction indicate that the ice floe deflects 

the wave energy into two main components. The component along the surge di-

rection deflects parallel to the floater thus leaving the floater unaffected. In this 

direction, the level ice sheet demonstrates advantageous shielding effect. On the 

other hand, the level ice deflects another component of the wave energy along the 

orthogonal direction, thus amplifying the response of the floater along the sway 

direction. Similar worsening phenomenon remains visible along the pitch behav-

ior too. 
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Figure 2: Comparison of surge Rao for the semi-submersible with and without 

the level ice at 10 m distance 

 
Figure 3: Comparison of sway Rao for the semi-submersible with and without the 

level ice at 10 m distance 
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Based on this initial parametric study, current paper identifies following focus 

areas for further studies, 

1. Wave direction 

2. Distance between ice floe and the floater 

3. Orientation of the ice floe 

4. Sway and pitch of the floater 

In addition, there are few more parameters, which will benefit the develop-

ment of a readily useable set of data for practicing engineers planning to simulate 

the hydrodynamic behavior of a floater in the Arctic.  

1. Ice floe dimensions 

2. Number of ice floes 

2. Relative motion between ice floe and the floater 

Table 3: Peak values and associated time-periods at 60
o
 wave direction 

 

Surge Sway Heave 

Highest peak Period Highest peak Period Highest peak Period 

Case 0 0.064 6.3 0.094 7.1 1.825 15.7 

Case 1 0.022 7.1 0.125 6.6 1.758 15.7 

Case 2 0.022 7.1 0.117 6.8 1.802 15.7 

Case 3 0.026 5.1 0.094 6.3 1.808 15.7 

Case 4 0.040 5.1 0.134 6.6 1.807 15.7 

Case 5 0.034 5.1 0.086 6.8 1.783 15.7 

Case 6 0.036 5.1 0.081 6.6 1.795 15.7 

Case 7 0.039 5.1 0.087 6.6 1.801 15.7 

Case 8 0.045 5.1 0.076 5.1 1.803 15.7 

 

Roll Pitch Yaw 

Highest peak Period Highest peak Period Highest peak Period 

Case 0 1.046 8.3 0.470 9.8 0.405 6.0 

Case 1 0.805 9.2 0.353 12.1 0.180 5.8 

Case 2 0.791 9.8 0.362 12.1 0.167 5.8 

Case 3 0.780 9.8 0.373 12.1 0.191 5.8 

Case 4 1.067 8.3 0.391 11.2 0.213 5.6 

Case 5 0.790 7.5 0.421 10.5 0.165 6.6 

Case 6 0.766 7.9 0.424 10.5 0.171 6.6 

Case 7 0.941 8.3 0.430 10.5 0.185 6.3 

Case 8 0.958 8.7 0.437 10.5 0.233 6.0 
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Figure 4: Comparison of max peak value of  Rao against the distance and orienta-

tion of ice floe for the vessel motion component of (a) surge (b) sway (c) heave 

(d) roll (e) pitch (f) yaw 

4 CONCLUSIONS  

This paper presents a multi-body hydrodynamic study of level ice sheet and a 

semi-submersible. Current investigation focuses on the effect of distance between 

the level ice and the floater and the orientation of the ice floe. In total nine cases, 

examine the influence a 100 m x 100 m ice floe has on a 75 m x 52 m semi-

submersible in terms of its six motion raos. Current investigation aims to narrow 

down the major focus areas while accounting for level ice in the hydrodynamic 

analysis of floaters in the Arctic for further study. The above study supports the 

following conclusions: 
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 The impact of a near field ice floe on the hydrodynamic rao of the floater is 

very significant; it can diminish the RAOs in some direction while enhanc-

ing the RAOs in other directions. 

 The most important parameters are wave direction, ice floe distance, ice floe 

orientation. The most enhanced responses were the Sway and pitch. 

 Future studies must include investigates the effect of ice floe dimension, a 

multiple number of ice floes and the relative motion between the ice floe 

and the floater. 

 The complete parametric study coupled with a reliability-based analysis of 

the finding will provide the practicing engineers with useful factors to ac-

count for the effect of level ice interaction in hydrodynamic behavior of the 

floater without necessitating detailed multi-body hydrodynamics study.   
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Abstract. Due to the cost effectiveness and productiveness in deep water investi-

gation, floating structures are of great interest during a few decades. Spar plat-

form has been seen as a latest and productive alternative amongst the floating 

platform categories. Exact conduct of completely coupled activity in deeper wa-

ter is yet an extraordinary issue to be forecasted at real ocean environment. Non-

linear finite element (NFE) analysis for completely coupled 3D model of floating 

spar platform structure is an affluent appliance to conjecture the responses, 

where primary assemblage of Spar platform and mooring lines are considered in 

a joined compact coupled system. Thusly, the purpose of this paper is to examine 

the wave induced characteristics of newly modelled moored Spar platform under 

regular sea environment. The numerical simulation and motion investigations 

are completed with the commercial finite element (FE) package ABAQUS/AQUA. 

This moored Spar model is further precise to hold continuity of the structure and 

boundary conditions, loadings taking all the nonlinearities. Considering the cou-

pling impacts of the platform and its mooring system, hydrodynamic examina-

tions of a moored Spar has been done in time domain. Hydrodynamic properties 

are legitimately characterized. The wave induced effects have been evaluated 

and discussed here to investigate their interaction with the floating spar platform. 

Keywords: Spar platform, Deep-water, Coupled, Severe wave, Time domain. 
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1 INTRODUCTION 

Oil and gas are the most widely used forms of energy that the world has ever 

known. The petroleum industry’s expansion into the seas and oceans of the world 

has become unavoidable. Fixed and other platforms are costly and sometime not 

efficient at deep sea exploration. Floating structures [1] are now using for the 

production of oil and gas in various places of the world. Spar platform is the lat-

est and advanced complaint offshore floating structure in deep and ultra-deep 

water. There are many spar platforms that have already been placed worldwide 

and they are very efficient and successful in deep water oil and gas [2]. The con-

sequence of mooring lines on spar platform becomes more significant with de-

velopment of water depth. Many researchers have done their investigation on 

coupled analysis between a floater and its mooring line [3-5]. Coupled dynamic 

analysis was developed by Ran and Kim [6] to assess wave loads on tethered 

Spar. Quasi-static approach (SMACOS) and coupled dynamic approach 

(COUPLE) was used by Chen et al. [7] to disclose coupling effects between 

floating spar and its mooring lines, where numerical program CABLE3D used to 

calculate dynamic of moorings. Differential equation was also established to cal-

culate coupled effect on spar and its mooring lines [8]. Nonlinear coupled re-

sponse analysis have been addressed for Spar [9, 10] and TLP [11] type floating 

structures. Ran et al. [5] studied coupled dynamic response of floating moored 

spar in haphazard waves, investigated both in time and frequency domain.  

The objective of this study is to analyze a fully coupled spar platform subject-

ed to severe wave forces under regular wave loading. This coupled spar mooring 

integrated system can be used to perform damping effects analysis of mooring 

lines and to obtain the coupled responses. 

2 METHODOLOGY 

2.1  Model of floating spar platform 

In this study a floating spar platform is selected which is consist of three major 

part and they are spar hull, mooring line and sea bed. The properties of the spar 

mooring system and hydrodynamic characteristics are given in Table 1. The spar 

hull is modelled as rigid beam and it is connected at fair lead position and seabed 

by mooring lines. The spar platform has been connected to the mooring lines by 

means of six springs (Three for translational as surge, sway, heave and three for 

rotational as roll, pitch and yaw).Seabed is modelled such as the mooring lines 

will not penetrate the seabed. The contact is modelled as surface to surface and 

frictionless. The integrated spar hull and mooring line (Figure 1) have been mod-

elled in finite element code ABAQUS [12].  
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Figure1: Model of spar hull and sketch with mooring lines 

The analysis of spar platform is possible using finite element method where con-

sidering actual bodily coupling between the rigid floating spar hull and mooring 

line. The ABAQUS/AQUA[12]module is efficient of simulating the hydrody-

namic loading because of severe wave.  

Table 1:Properties of Spar Model [3] 

 Main particular                              Properties Hydrodynamic Coeffi-

cient 

 

 

Spar 

Length                                       213.044 m  

Drag coefficient: 0.6 

Inertia coefficient: 2.0 

Added mass coefficient: 

1.0 

Diameter                                        40.54 m 

Draft                                            198.12 m 

Mass                                      2.592x10
8 

kg 

Centre of gravity                        92.14 

 

Mooring lines 

No. of moorings                                   4 Drag coefficient: 1.0 

Inertia coefficient: 2.2 

Added mass coefficient: 

1.2 

Length                                                2000 m 

Mass                                             1100 Kg/m 

Pre-tension               1.625E7 N 

All non-linearities are properly considered because of variable submergence, 

added mass, damping, contact of mooring line and seabed, and forces on the 

structure in analysis to show the damping effects of mooring lines and the im-

portance of coupling effects. In addition, the participation of mooring lines in the 

overall response of the structure when wave forces act on the entire structure was 

well described. Alterable boundary conditions due to sea bed point were also 

properly assimilated. 
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2.2  Mathematical Formulation 

The model involves solution of Airy wave theory which represents the water par-

ticle kinematics to know the drag and inertia. The static coupled problem is 

solved using Newton’s method. Equation of motion has been used over an itera-

tive time-domain mathematical interaction to obtain responses in time histories.  

This equation (1) is given here for Spar hull and mooring line combination 

where this combination is equilibrium among inertia, damping, restoring and ex-

citing forces. 

[ ]{ ̈}  [ ]{ ̇}  [ ]{ }  {    } (1) 

Where, 

[ ]= [ ]                     [ ]           

[ ] = [ ]                   [ ]                     

[ ] = [ ]        [ ]          
{ } = 6 DOF structural displacements at each node 

Here, {F(t)} is representing the total force on a spar-mooring system, { ̇} is 

velocity vector and { ̈} is acceleration vector. Total mass [ ]is concentrated on 

the CG of Spar hull. Due to the seawater at surrounding of that spar hull there 

will be arise added mass. There are two parts of stiffness matrix [K], one is elas-

tic stiffness matrix and another one is geometrical stiffness matrix. Other side, 

Damping [ ] is considered as structural and hydrodynamic damping. Maximum 

damping here is happened because of hydrodynamic effects.  
The motion equation (2) for the moored sparis as bellow: 

[       ] ̈     ∫        ̇     
 

  

        ̇          

   
      

               

 

(2) 

The steady forces functioning on the rigid hull, comprising the inertia and drag 

force through Morison equation including added mass. The force on mooring line 

MF  is captured in the coupled action in consistent manner. Where, FHsn= nonlin-

ear restoring forces, Fw = wave exciting force, Ms= 6x6 mass matrix,      = 

added mass matrix and K = Hydrostatic Stiffness matrix.  

3 RESULTS AND DISCUSSION 

For assessing the response characteristics under severe environments, unidirec-

tional regular wave models of the selected sea state has been used to compute the 

incident wave kinematics following the appropriate wave theories and Morison’s 

equation. The sea state is critical as both the wave height (11.15 m) and wave 
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period (10.69 second) are severe mentioned as sea state S5 [13]. The responses in 

terms of surge, heave, pitch and mooring line tension are evaluated. Following 

sections discuss the time histories of structural responses. 

3.1 Surge motion of spar at platform level 

The wave induced time series of surge response due to severe sea environment at 

the deck level of the floating spar platform have been evaluated here. The peak of 

surge response at deck level for severe sea environment ranges from +14.90 m to 

-9.63 m and it is predominantly periodic as shown in (Figure 2).  Pitch motion 

occurs simultaneously with surge. Surge response needs large amount of energy 

input due to large inertia. Nevertheless, pitching motion occur concurrently when 

surge gets excited.  The surge motion at the platform level is controlled by the 

pitching motion of the spar with trivial excitation of surge mode.  It happens be-

cause of the coupling of surge and pitch. Influence of non-linearity is not very 

strong on spar hull surge response. 

 
Figure 2: Surge at regular wave at platform level 

3.2 Heave motion of spar at Platform level     

Mooring Tension and other operations are influenced by spar hull heave respons-

es. The heave motions under regular wave for severe sea environment are shown 

in (Figure 3). The heave response maximum peak touches to 0.52 m in case of 

wave loading for severe sea environment case. At 2200 sec the maximum peak 

occurs and after that the heave response decrease gradually for severe sea envi-

ronment case. Additionally the downward translation of the Spar hull stretches to 

negative crest of 0.54 m. The time history again experiences a large peak at 3330 

sec wave loading. The heave response fluctuates showing large average values 

after 2000 sec than earlier. After 3750 sec steady state is attained. 
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Figure 3: Heave at regular wave 

3.3 Pitch motion of spar at platform level     

The rotation behaviors of spar hull subjected to sea wave are illustrated in (Fig-

ure 4). The history output of pitch responses shows regular fluctuations initiating 

for zero up to peak of ± 0.06 rad. Theses peaks of two cases occur at different 

time station. The steady state is observed at around 3750 sec of wave loading. 

Significant value of pitch response leads to a momentous surge at deck level. It is 

coupled with the surge of rigid hull which otherwise is of small magnitude but 

gets enhanced due to pitch input. This is why the surge time series shows maxi-

mum peak at pitch frequency. Since the surge response is directly related to the 

pitch responses, the responses are regular in fashion. This pitching motion occur-

ring with surge gets excited easily. Effect of non-linearity alters the pitch motion 

response.  

 
Figure 4: Pitch at regular wave 

3.4 Top tension in mooring line 

Critical responses of mooring lines play an important role in the coupled dynamic 

analysis of the Spar Platform. The regular wave loads simultaneously act on the 

hull and mooring lines. The designed pretension in each mooring line of the pre-

-1.00

-0.50

0.00

0.50

1.00

2000 2500 3000 3500 4000

H
ea

ve
 (

m
) 

Time (sec) 

Wave height 11.15 m, Wave period 10.69 s 

-0.10

-0.05

0.00

0.05

0.10

2000 2500 3000 3500 4000

P
it

ch
 (

ra
d

) 

Time (sec) 

Wave height 11.15 m, Wave period 10.69 s 



Severe wave induced characteristics of spar platform 

 

641 

 

sent problem is 1.625E7 N as mentioned earlier. Mooring line shows the regular 

behavior of tension under severe sea environment (Figure 5). Surge response also 

causes increase in tension. Mooring line positioned in the direction of wave 

propagation experiences maximum top tension to support surge in the forward 

direction. For mooring tension at regular wave periodic behavior is governed. 

The top tension is quite regular in nature in longer time. It is also noted that for 

severe sea environment the magnitudes of regular peaks are close the maximum 

value 1.72E+07 N. Nevertheless atypical peaks show around 1.70E+07 N ten-

sions in mooring line which is also larger than the usual values. Fluctuations of 

the time series remind that precise considerations are required for stable structure.  

 

Figure 5: Top tension in mooring line at regular wave. 

4 CONCLUSION 

 Presented coupled analysis approach for Spar platform includes 

computational savings to forecast responses maintaining acceptable 

accuracy rather than the difficult experimental work.  

 The coupled deep water Spar model maintains the structural regularity 

and captures the coupling of Spar-mooring and seabed-mooring 

interaction. It is expected to greatly promote operations in deep sea 

exploration. 

 Rigid body resonant motions influence the dynamic motion responses of 

Spar and the responses are periodic in nature. 
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Abstract. With the increase of human activities in offshore areas in order to col-

onize the ocean mostly for space, food and energy; the study of multiple side by 

side structures in waves is becoming increasingly important.  This study focuses 

on a multi-body wave interactions problem where a fully submerged cylindrical 

body coupled with a nearby floating barge is numerically simulated using fully 

nonlinear approach. The main purpose of this study is to provide a deep insight 

into the influence of the floating barge on the submerged body, from which a 

possible shielding effect can be identified. Extensive parametric studies are per-

formed to understand the hydrodynamic characteristics of individual structures 

under various environmental conditions. Comparative conclusions are drawn to 

summaries the key findings. 

Keywords: Numerical analysis, Floating barge, Submerged structures, Wave 

interactions, Shielding effect. 
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1 INTRODUCTION 

Mankind nowadays are constantly exploring the offshore regions with greater 

interests and undertaking challenging activities there. Most of these activities 

include complex interactions between multiple structures either floating, or sub-

merged or a combination of floating and submerged bodies. As a result, research-

ers in these areas have also performed a lot of studies to understand the 

interactions between multiple floating bodies. For example, studies in [1-5] and 

many more papers discussed about the hydrodynamics of multiple floating bodies 

and both analytical and experimental as well as numerical analysis are being cov-

ered by these studies.  

The study of submerged bodies has also received considerable attraction for 

many years and several papers have been dedicated to the analytical and experi-

mental study of the hydrodynamic response of such submerged structures. 

Among some recent studies, Chaplin [6] and Conde et al. [7] performed some 

experimental studies to investigate the behavior of submerged cylinder under 

waves. Besides, Koo et al. [8] and Guerber et al. [9] developed two dimensional 

fully nonlinear potential flow model to study the wave interactions with sub-

merged cylinder as well. Hannan et al. [10] and Bai et al. [11] on the other hand, 

developed three dimensional fully nonlinear time domain model to study the 

wave radiation of submerged bodies and wave interaction with submerged struc-

tures, respectively.  

However, the wave interaction with coupled floating and nearby submerged 

structures has not been studied extensively yet. Although, several new offshore 

applications have such kind of coupled floating and submerged bodies, for exam-

ple, submerged wave energy converter and nearby floating harnessing devices, 

floating oil storage and nearby submerged breakwater etc. The present study thus 

aims at studying coupled floating and submerged structures under wave action. 

2 MATHEMATICAL FORMULATION AND NUMERICAL 

IMPLEMENTATION 

In the numerical model of present study, the higher-order boundary element 

method is used to solve the mixed boundary value problem based on an Eulerian 

description at each time step. The 4th order Runge-Kutta scheme is adopted to 

update the free water surface boundary conditions expressed in a Lagrangian 

formulation. To demonstrate the three dimensional wave structures interaction 

problem, two right-handed Cartesian coordinate systems are defined (Figure 1). 

One is a space fixed coordinate system Oxyz having the Oxy plane on the mean 

free surface and the origin O usually at the centre of the numerical tank. In this 

case, the z axis is positive upwards. The other is a body fixed coordinate system 

with its origin placed at the center of mass of the body. Based on the potential 

flow theory, the wave–body interaction problem can be formulated in terms of a 
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velocity potential  (x, y, z, t), which satisfies Laplace’s equation within the fluid 

domain Ω, 
2 0   (1) 

 

 

 

 

 

 

 

 

 

  

Figure 1: Sketch of problem definition 

 

This is also subject to various boundary conditions on all surfaces S of the fluid 

domain.  

More details of the formulation and numerical implementation of this problem 

can be found in Hannan and Bai [12]. A rectangular wave tank model as de-

scribed in [12] is applied to study the various scenarios presented here. A floating 

barge and a fully submerged truncated vertical cylinder nearby are placed inside 

the three-dimensional wave tank. Both the barge and submerged cylinder are 

considered fixed with respect to the global coordinate system. Figure 2 shows the 

top view of the three cases investigated in this study. 

 

Figure 2: Different numerical model setups with corresponding particulars 
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In addition to three configurations provided above, some other simple cases (for 

example, only a submerged cylinder, only a barge in head sea and only a barge in 

beam sea)are also simulated and output results are compared among all the cases 

where applicable. The influence of variation of wave maker amplitude and fre-

quency on the hydrodynamic behavior of the coupled floating barge and sub-

merged cylinder system is studied in this analysis. The following section 

summarizes some of the key findings. 

3 RESULTS AND DISCUSSIONS 

As mentioned before, several models are developed by considering various sce-

narios in order to understand this coupled system from different point of view. 

These are: 

a) Single submerged cylinder under wave action (without barge) 

b) Single floating barge in head sea (without cylinder) 

c) Single floating barge in beam sea (without cylinder) 

d) Barge in head sea with submerged cylinder beside it 

e) Barge in beam sea with submerged cylinder at upstream side 

     f) Barge in beam sea with submerged cylinder at downstream side 

 

For all the above cases, the dynamic horizontal and vertical wave forces on float-

ing barge and submerged cylinder, run-ups around the barge and wave elevations 

at various locations are calculated under various amplitudes and frequencies of 

the wave maker. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3: Wave forces on submerged cylinder under various circumstances, (a = 

0.02, ω= 2.0). (a) Horizontal dynamic force. (b) Vertical dynamic force. 

 

Among these results, Figure 3 shows the variation of horizontal and vertical dy-

namic forces acting on the cylinder with respect to time for different scenarios. 
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The wave maker motion amplitude in this case is a = 0.02. The forces obtained 

from the head sea scenario seem to be identical with the single cylinder case with 

a slightly higher crest and trough values at some points. On the other hand, hori-

zontal forces in case of beam sea upstream condition are significantly larger 

compared to the above two situations and the vertical dynamic forces in this case 

though generate quite similar amplitudes with head sea and single cylinder case, 

yet shows significant amount of nonlinearity in the response. This increase in 

amplitudes and nonlinearity happens due to the presence of floating barge on the 

downstream side of the submerged cylinder even though the cylinder is situated 

below the draft level of the barge. The noticeable decrease in force values in case 

of beam sea downstream analysis is also occurred because of the floating barge. 

However, this time the cylinder is under the shed of the barge and thus not re-

ceiving most of the wave energy. 

Comprehensive Fast Fourier Transform (FFT) analyses of the barge and cyl-

inder forces under various situations are also performed to understand the pattern 

of nonlinearity involved in these cases with the variation of wave maker ampli-

tudes and frequencies. The FFT comparison results for forces acting on the sub-

merged cylinder are plotted in Figures4 and 5, respectively. The notion ‘no barge’ 

in these plots represents the scenario of a single submerged cylinder in domain 

without any barge floating beside it. 

 

Figure 4: Horizontal force components acting on submerged cylinder (ω= 2.0). (a) 

Drift force. (b) 1st harmonic. (c) 2nd harmonic. (d) 3rd harmonic. 
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These two figures clearly reveal that both the surge and heave forces are signifi-

cantly affected by the presence of barge in beam sea upstream situation. Force 

components on submerged cylinder in head sea configuration. However, this 

seems to be not much affected by the floating barge especially the vertical force 

components. Moreover, the beam sea downstream scenario produces the least 

responses for both the first order components and also for the mean of vertical 

force. Most of the forces acting on the downstream cylinder seem to be of 2nd 

order and the decreases in mean and 1st order components in this case can be 

attributed to the location of the barge in beam sea position before the cylinder. It 

is also noticeable from these two figures that 3rd harmonic of both the horizontal 

and vertical dynamic forces are very small for all the scenarios except for the 

beam sea upstream condition. 

 

Figure 5: Vertical force components acting on submerged cylinder (ω= 2.0). (a) 

Drift force. (b) 1st harmonic. (c) 2nd harmonic. (d) 3rd harmonic. 

 

Similar investigations are performed for forces acting on the floating barge. Be-

sides, the influence of change of wave maker motion frequencies is also studied, 

although not presented in this paper due to space limitation. 

Figure 6 provides snapshots of the free surface profiles captured at various 

time instant along the simulation period after a fully developed state is reached. 

The waves here are propagating from the left end of the tank and the damping 

layer is situated at the far right end side. As can be seen, presence of submerged 
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cylinder near the barge in head sea creates noticeable disturbance on free surface 

compared to the other side of the barge. 

 

 

 
 

Figure 6: Free surface wave elevation at various time instants: Head sea (a = 0.02, 

ω = 2.0); (a) t =9.0T. (b) t =9.25T. (c) t =9.75T. 

 

4 CONCLUSIONS 

The three-dimensional fully nonlinear wave interaction with coupled floating 

barge and submerged cylinder system is investigated in this paper, where both 

the barge and cylinder are considered fixed in space. 

 

 Detailed studies are performed to understand the hydrodynamics of the pro-

posed coupled system. It is found that both the frequency and amplitude of 

wave maker motion significantly influence the coupled hydrodynamic be-

havior of floating barge and submerged cylinder system. 

 For a fully submerged cylinder located near a barge in head sea, it is found 

that with the variation of wave maker amplitude the submerged cylinder 

significantly affects the surge force acting on the barge. A noticeable in-

crease in drag force and higher order components are observed in such case, 

compared to a single barge in head sea situation. 

(a) 

(b) 

(c) 
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Abstract. Performance-based design using nonlinear pushover analysis, which 

generally involves monotonous and intensive computational effort, is an elastic 

design methodology done on the probable performance of the building under in-

put ground motions.  In this Study, a ten storey commercial building is designed 

using ETABS and the performance based seismic design is performed by pusho-

ver analysis technique using ETABS 2015, a product of Computers and Struc-

tures International. An extensive study is conducted to investigate the effect of 

different parameters on the performance point. The parameters include the effect 

of input ground motions on the performance point, changing percentage of rein-

forcement in columns, size of columns and beams individually. The results of 

analysis are compared in terms of base shear and storey displacements.  

Keywords: Performance based design, Pushover analysis, Elastic response spec-

trum, Future trends 
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1  INTRODUCTION 

Amongst the natural disaster the earthquake have the potential for a devastating 

damages. The basic concept of Performance-based seismic design (PBSD) is to 

provide engineers with the capability to design buildings that have a predictable 

and reliable performance in earthquake. Performance based design is an elastic 

design methodology which requires rigorous nonlinear analysis. Pushover analy-

sis which is an iterative method under constant gravity loads and monotonically 

increasing lateral forces until a target displacement is reached is generally carried 

out to understand real behavior of structure during strong ground acceleration. 

The major outcome of pushover analysis is the capacity curve which shows the 

base shear vs. roof displacement.  

2 LITERATURE REVIEW 

Performance based design has been practiced since early in the twentieth century.  

The International Code Council (ICC) [1] in the United States had a performance 

code available for voluntary adoption since 2001 (ICC, 2001). In 1989, the 

FEMA-funded project was launched to develop formal engineering guidelines for 

retrofit of existing buildings began [2], it was recommended that the rules and 

guidelines be sufficiently flexible to accommodate a much wider variety of local 

or even building-specific seismic risk reduction policies than has been traditional 

for new building construction. The performance levels were generalized with 

descriptions of overall damage states with titles of Operational, Immediate Occu-

pancy, Life Safety, and Collapse Prevention. Over the 10-year period after publi-

cation of FEMA 273 [3], its procedures were reviewed and refined and 

eventually published in 2006 as an American Society of Civil Engineers (ASCE) 

national standard - Seismic Rehabilitation of Existing Buildings, ASCE 41. It is 

considered to represent the first generation of performance-based seismic design 

procedures. 

3 CASE STUDY 

A 3-D model of ten story concrete commercial building shown in Fig.1 has been 

created using finite element package ETABS 2015 [4] to undertake the nonlinear 

analysis.  The structure has designed according to the BNBC 

2015[5](Bangladesh National Building Code). From soil report it has found the 

structure will be built in medium dense sandy soil (SC Type, SPT: 15 -50) in 

zone 4 (very severe seismic intensity zone) of Bangladesh Seismic map.  For this 

zone PGA value is 0.36g. This building is 30m x 20m in plan and 3.5mm x 10 

floors in elevation. There are 4 bays in the X direction and 3 bays in the Y direc-

tion.  
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Beams and columns are modeled as nonlinear frame elements with lumped 

plasticity at the start and the end of each element. ETABS 2015 provides default-

hinge properties and recommends PMM hinges for columns and M3 hinges for 

beams as described in FEMA-356. 

 

Figure 1: 3D Model of the Concrete Structures 

4  PUSHOVER ANALYSIS 

In the push over analysis method, earthquake load is applied on the model in an 

incremental basis. As the loads are increased, the building undergoes yielding at 

a few locations. Every time such yielding takes place, the structural properties are 

modified approximately to reflect the yielding. The analysis is continued till the 

structure collapses, or the building reaches certain level of lateral displacement. 

The material nonlinearities are assigned as hinges; M3 flexural hinges for beams 

and PMM flexural hinges for columns. Then each lateral load pattern is applied.  

5 PERFORMANCE BASED DESIGN 

Performance-based seismic design explicitly evaluates how a building is likely to 

perform; given the potential hazard it is likely to experience, considering uncer-

tainties inherent in the quantification of potential hazard and uncertainties in as-

sessment of the actual building response. As graphically presented in Fig. 2, the 

nonlinear static analysis procedure requires determination of three primary ele-

ments: capacity, demand and performance. The capacity spectrum can be ob-

tained through the pushover analysis, which is generally produced based on the 

first mode response of the structure assuming that the fundamental mode of vi-
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bration is the predominant response of the structure. This pushover capacity 

curve approximates how a structure behaves beyond the elastic limit under seis-

mic loadings. The demand spectrum curve is normally estimated by reducing the 

standard elastic 5% damped design spectrum by the spectral reduction method. 

The intersection of the pushover capacity and demand spectrum curves defines 

the “performance point” as shown in Fig. 2. 

 

 

Figure 2: Nonlinear Analysis Procedure 

At the performance point, the resulting responses of the building should then be 

checked using certain acceptability criteria. When the responses of a structure do 

not meet the targeted performance level, the structure needs to be resized the de-

sign process repeated until a solution for the desired performance level is 

reached. In general, the determination of the satisfactory performance response 

that fulfills both system level response and element level response requires a 

highly iterative trial-and-error design procedure even the aid of today’s engineer-

ing computer software. The performance target can be a specified limit on and 

response parameter such as stress, strains, displacements, accelerations, etc. Usu-

ally drift levels are associated with specific damage categories. Some of the sub-

jected performance levels can group in equivalent categories as listed in Table 1.  

[3] 

Table 1: Definition of performance level according to FEMA 

Performance 

level 

Performance description Story drift 

Fully opera-

tional 

Continuous service, negligible damage <0.2 % 

Operational Safe for occupancy, light damage, repairs for 

Non-essential operation 

<0.5 % 
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Life safety Moderate damage, life safety protection, repair 

may be possible but impractical 

<1.5 % 

Near collapse Severe damage, collapse prevented, falling 

Non-structural elements 

<2.5 % 

Collapse  >2.5 % 

6 SIMULATION AND RESULTS 

To illustrate the PBD procedure for finding the performance point, a ten storey 

concrete frame of a commercial building as shown in Fig.1 is taken as an exam-

ple. The frame is designed according to BNBC 2015 using ETABS. Structural 

details and natural frequencies of the concrete frame are given in Table 2 and 3 

respectively. The pushover analysis is performed on the RC building and rede-

signing by changing the main reinforcement of various frame elements and again 

analyzing. For parametric studies, a total of 13 cases as per Table 4, for a particu-

lar ten storey building frame located in Zone-4  have been analyzed, changing 

reinforcement and sizes of different structural elements, i.e. beams and columns, 

in different combinations as well as at different storey levels. Roof displacement, 

ductility demand, performance point and effect of change in beam and column 

size have been illustrated in the Table 5, 6, 7 and 8, respectively. 

Table: 2 Structural Details as per ETABS 

S.

No

. 

Structural Element’s Dimension (m) Reinforcement 

area (mm
2
) Breadth Depth 

1 C1 Column Up to 

Ground Floor 

0.813 0.813  10862 

2 C1 Column Ground 

Floor to 5
th
 Floor 

0.762 0.762 10862 

3 C1 Column 6
th
 to Roof 0.762 0.762 7250 

4 C2 Column Up to 

Ground Floor 

0.559 0.661 7150 

5 C2 Column Ground 

Floor to 5
th
 Floor 

0.508 0.609 7150 

6 C2 Column 6
th
 to Roof 0.508 0.609 6050 

    Top Bottom 

7 Grade Beam  0.310 0.534 1650 1375 

8 Floor Beam 0.310 0.610 2525 2031 
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Table 3: Natural frequency and time periods 

Mode shape Period (sec) Frequency (cycle/sec) 

1 1.272 0.786 

2 0.462 2.164 

3 0.257 3.891 

Table 4: Various cases for parametric studies 

Serial 

No 

case Description of case Serial 

No 

case Description of case 

1 A Basic Structure 9 H 10% decrease in 

column size 

2 B 10% increase in column 

reinforcement 

10 I 20% decrease in 

column size 

3 C 20% increase in column 

reinforcement 

11 J 10% increase in 

beam size 

4 D 10% decrease in column 

reinforcement 

12 K 20% increase in 

beam size 

6 E 20% decrease in column 

reinforcement 

13 L 10% decrease in 

beam size 

7 F 10% increase in column 

size 

14 M 20% decrease in 

beam size 

8 G 20% increase in column 

size 

   

Table 5: Roof displacement for elastic and inelastic response spectra for different 

Performance level 

Serial no Performance Level Roof Displacement 

for PGA 0.36g (mm) 

Elastic  Inelastic 

1 Operational 63.11 57.39 

2 Immediate Occupancy 144.23 133.1 

3 Life Safety 212.67 208.31 

4 Collapse Prevention 372.72 309.11 

5 Complete Collapse ∞ ∞ 
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Table 6: Ductility demand for elastic and inelastic response spectra for different 

Performance level 

Serial no Performance Level Ductility Demand 

 for PGA 0.36g 

(mm) 

Elastic  Inelastic 

1 Operational 1 1 

2 Immediate Occupancy 3.45 3.01 

3 Life Safety 11.23 10.61 

4 Collapse Prevention 14.22 13.59 

5 Complete Collapse ∞ ∞ 

Table 7: Performance point 

 Performance point for PGA 0.36g 

Elastic Inelastic 

Base Shear (KN) 6821 2593 

Roof Displacement 198.34 35.33 

Table 8: Effect of change in beam and column size and reinforcement 

Serial 

No 

Case % change in roof 

displacement 

% change in base 

shear 

1 A - - 

2 B 3.45 -4.72 

3 C 7.45 -17.34 

4 D -1.76 -4.42 

5 E -6.87 15.29 

6 F 2.63 -3.19 

7 G 4.34 -20.22 

8 H -2.34 7.25 

9 I -6.66 12.11 

10 J 1.21 -3.92 

11 K 1.45 -4.99 

12 L -0.98 2.34 

13 M -1.62 3.31 

 

 

 



Performance based seismic design using nonlinear pushover analysis  

 

 

659 

 

7 CONCLUSION 

Based on the present study, the following conclusions can be drawn: 

 

 Since frequencies are varied, higher modes are neglected for pushover 

analysis 

 As the response changes from elastic to inelastic, roof displacements and 

ductility demands decrease for different PGA level. 

 The performance point obtained satisfies the acceptance criteria for im-

mediate occupancy and life safety limit states for various intensities of 

earthquake. 

 The increase in reinforcement of columns results in nominal change in 

base shear and displacement. 

 As the beam and column section size increases, the roof displacement 

decreases whereas base shear increases. 

 As the size decreases, the roof displacement increases whereas base 

shear decreases. 
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Abstract. Lateral drift or lateral deflection is the difference in deflection be-

tween two adjacent stories. Without proper consideration during the design pro-

cess, these deficiencies can have adverse effects on structural elements, non 

structural elements and adjacent structures. Of all forms of lateral loads, wind 

load is the most important one for structures with higher natural time period. 

This paper aims at calculating top lateral deflections of different structures ap-

plying different wind loads calculated from different building codes. Finite ele-

ment analysis (ETABS) was performed for determining the deflection. The paper 

intends to discuss the difference of lateral deflections and highest lateral drifts 

associated with different building codes as BNBC 1993, BNBC 2015, Interna-

tional building code 2009 (USA) and National building code of India 2005. This 

paper outlines the graphical comparisons between the deflections and drifts cal-

culated by wind loads from different building codes at different stories. 

Keywords: Lateral drift, Building codes, Wind load, Finite element analysis, 

Graphical comparison. 
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1 INTRODUCTION 

Wind load is one of the most important factors to be considered for building safe-

ty as deflection and lateral drift created by wind forces can significantly affect 

the structure. Depending on terrain or exposure type, wind load varies from place 

to place. Wind damage prediction is an issue because all existing structures are 

not windstorm-resistant. Unfortunately, the important issues of wind damage 

prediction and mitigation have not kept pace with the level of recognition of the 

wind hazard .Wind is a phenomenon of great complexity because of the many 

flow situations arising from the interaction of wind with structures. Wind is com-

posed of a multitude of eddies of varying sizes and rotational characteristics car-

ried along in a general stream of air moving relative to the earth’s surface. These 

eddies give wind its gusty or turbulent character. The gustiness of strong winds 

in the lower levels of the atmosphere largely arises from interaction with surface 

features. The average wind speed over a time period of the order of ten minutes 

or more tends to increase with height, while the gustiness tends to decrease with 

height[1].In this paper, wind forces acting on buildings having a plan area of 

100ft x 80ft and storey varying from 5 to 50 were calculated using Bangladesh 

National Building Code (BNBC) 1993, National Building Code of India (NBI) 

2005, International Building Code (IBC) 2009 and Bangladesh National Building 

Code (BNBC) 2015. Comparison was made among the deflections and lateral 

drifts obtained from different codes using ETABS software. Detailed calculation 

and comparison are describeed in this paper. The highest drift on a 50 storied 

building and the storey that carried the highest lateral drift is also discussed in 

this research. 

2 REVIEW OF THE CALCULATION OF WIND LOADS BY 

DIFFERENT BUILDING CODES  

Wind load varies to places due to difference in building codes. Wind load is 

mainly a factored wind speed which varies to different stories and different plans. 

The basic wind velocity is converted to the design reference wind velocity for a 

particular site by introducing the influence of local environment, directionality, 

mean recurrence interval, and significance factors associated with the planned 

structure. Wind load calculation mainly depends on the factors and specifications 

in different building codes.  

The calculation process and the factors of Bangladesh National Building Code 

(BNBC) 1993, National Building Code of India (NBI) 2005, International Build-

ing Code (IBC) 2009 and Bangladesh National Building Code (BNBC) 2015 are 

described below in a table. 
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Table 1: Calculation of wind forces in different codes 

BNBC 1993 NBI 2005 IBC 2009 BNBC 2015 

qz= Cc CI Cz Vb
2
 

 

qz = sustained wind 

pressure at 

height z, kN/m
2
 

 

CI = structure im-

portance 

coefficient 

 

Cc= velocity to pres-

sure 

conversion =47.2 x 

10-6 

 

Cz = combined height 

and exposure coeffi-

cient 

 

Vb = basic wind 

speed in km/h 

 

Pz = CGCpqz 

 

Pz= design wind pres-

sure at 

height z,kN/m
2
 

 

CG = gust coefficient 

 

Cp = pressure coeffi-

cient 

 

Fz = Pz x A 

Fz = Design wind 

force 

A = Effective area
 

 

Vz = Vbk1k2k3 

 

Vz = design wind 

speed at any height 

z in m/s  

 

Vb = basic wind 

speed in m/s  

 

k1 = probability fac-

tor  

 

k2 = terrain height 

and structure size 

factor  

 

k3 = topography 

factor  

 

pz = 0.6 Vz
2
 

 

pz = design wind 

pressure in N/m
2
 at 

height z 

 

F =  (Cpe – Cpi) A pd 

 

Cpe= external pres-

sure coefficient; 

 
Cpi= internal pres-

sure coefficient; 

 
A= surface area of 

structural element in 

m 

pd= design wind 

pressure in N/m
2
 

qz= .000613kzkztkd

V
2
I 

 

kd = wind direc-

tionality factor 

 

kz = velocity pres-

sure exposure 

coefficient 

 

kzt= topographic 

factor 

 

V = basic wind 

speed in m/s 

 

I = importance 

factor 

 

qz = velocity pres-

sure evaluated at 

height z above 

ground in N/m
2 

 

F = qzGCfAs (kN) 

 

F = design wind 

force 

G = gust effect 

factor 

Cf = net force 

coefficient 

As = the gross 

area of the solid 

freestanding wall, 

in m
2
 

 

qz= .000613kzkztkd

V
2
I 

 

kd = wind direc-

tionality factor 

 

kz = velocity pres-

sure exposure coef-

ficient 

 

kzt= topographic 

factor 

 

V = basic wind 

speed in m/s 

 

I = importance fac-

tor 

 

qz = velocity pres-

sure evaluated at 

height z above 

ground in N/m
2 

 

F = qzGCfAs (kN) 

 

F = design wind 

force 

G = gust effect 

factor 

Cf = net force coef-

ficient 

As = the gross area 

of the solid free-

standing wall, in 

m
2
 

 

3 METHODOLOGY 

For this analysis, a residential building of 100ft x 80ft plan area and height vary-

ing from 5 storey to 50 storey was taken. Comparison was made between Bang-
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ladesh National Building Code (BNBC) 1993, National Building Code of India 

(NBI) 2005, International Building Code (IBC) 2009 and BNBC 2015 on places 

of Bangladesh, USA and India having similar wind speed and terrain category. 

Basic features of allthese codes are presented in table 1. In BNBC-93, calcula-

tion of design wind pressure is a two-step process. In the first step, the sustained 

wind pressure was calculated on the basis of importance of structure, height and 

exposure condition and basic wind speed, which in turn depends on the region 

the structure is located in. The exposure of the structure to wind forces is a func-

tion of terrain type, vegetation and built up environment in the surrounding. The 

sustained wind pressure was then converted to design wind pressure by multipli-

cation with the gust coefficient and pressure coefficient for the structure. Pres-

sure coefficient considers the direction of wind relative to the structure and roof 

slope. Finally force acting on each storey was calculated from wind pressure act-

ing on effective area of each floor. 

In NBI-2005, the design wind speed at various heights was determined first 

on the basis of risk level, terrain roughness, height and size of structure and local 

topography. The terrain factor refers to exposure category. In addition another 

factor describes the local topography e.g. hills, valleys, cliffs, ridges etc. In the 

second step, design wind speed was converted to pressure by a simple conversion 

factor. Force was calculated by taking account of the pressure difference between 

opposite faces of roof, walls and cladding. 

There is no difference in the basic procedure of determining wind force in 

IBC 2009 and BNBC 2015. Velocity pressure was determined on wind direction-

ality factor, topographic factor, velocity pressure exposure coefficient and struc-

tural importance coefficient. Design wind force was determined on the basis of 

velocity pressure evaluated at different heights, gust‐effect factor, force coeffi-

cients and projected area normal to the wind. 

The lateral drift was calculated by applying the wind forces of different build-

ing codes to every 50 storied building. And from the model the highest lateral 

drift and the storey where the highest drift effecting is calculated. The basic 

components of the places that were taken for the wind load calculation is given in 

Table 2. 

Table 2: Basic components of places 

BNBC 1993 NBI 2005 IBC 2009 BNBC 2015 

Comilla city in 

Bangladesh 

Agartala in India Groton in 

Connecticut 

 

Comilla city in 

Bangladesh 

 

Vb=196kmph 

(54.4 m/s)  

 

Vb=198kmph (55 

m/s) 

 

V=193kmph 

(53.6 m/s) 

 

Vb=221kmph 

(61.4 m/s)  

 

Exposure B. Terrain category 2 Exposure C Exposure B. 
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A finite element method based software ETABS 9.7was used as the computer 

analysis program. Here, different multi-storied structures were modeled in 

ETABS software and the top deflection in lateral direction and the top lateral 

drift of the structure was computed. In this case, the top deflection of 5, 10, 

15,20,25,30,35,40,45 and 50 storied buildings were calculated. The top lateral 

deflection and the lateral drift was plotted in the graph and compared among the 

codes. The specific properties of the structures are shown in Table 3. No wall is 

considered in design. The design consists of just beam, column, and slab. It was 

considered 3 panels in X direction and 2 panels in Y direction. 

Table 3: Specific properties of the structure 

Properties Value 

Compressive strength of con-

crete
 

4 ksi 

Yield strength of steel 60 ksi 

Shear strength of steel 60 ksi 

Panel dimension in X direction 100 ft 

Panel dimension in Y direction 80 ft 

Storey height 10 ft 

Slab thickness 12 inch 

Beam dimension 18inch×12inch 

Column dimension 18inch×18inch 

 

4 RESULT AND DISCUSSION 

From the analysis results, it was obtained that deflection of the buildings 

gradually increases with storey height. Highest deflecttion was obtained from 

BNBC 1993 and lowest from NBI 2005 though basic wind speed was higher for 

india. The reason for such difference in deflection was due to the difference in 

procedure of  calculation and difference in coefficients stated in codes. 

 

Following figure shows the changes of deflection with the varying storey 

height. 
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(a)                                                                (b) 

 

 
 

                               (c)                                                        (d) 
 

 

Figure 1:  (a) deflection vs storey height(BNBC 1993) (b) deflection vs storey 

height(NBI2005) (c) deflection vs storey height(IBC2009) (d) deflection vs 

storey height(BNBC 2015) 

 

The deflection among different building codes varies due to mainly the fac-

tors and the calculation process described in the building codes. The wind speed 

was considered almost same in all the wind load calculation but the wind load 

varied and thus the deflection also varied in all the calculations. A combined 

graph is provided to observe the difference in deflections due to the changes in 

wind loads.  
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Figure 2:  deflection vs storey in BNBC1993, BNBC2015, NBI2005 and 

IBC2009. 

 

A change of lateral drifts was also seen in the analysis with building codes. It 

was observed that the highest drift was seen in the 3
rd

 storey of the calculation by 

BNBN1993, BNBC2015 and IBC2009 but highest drift was observed on 2
nd

 sto-

rey in NBC2005. The variation of the highest drift on a 50 storey building is also 

provided in the following table and the difference is acute. 

Table 4: Lateral drifts calculation on 50 storied building 

Building code BNBC1993 BNBC2015 NBC2005 IBC2009 

Highest drift on sto-

rey 
3rd 3rd 2nd 

 

3rd 

 

     Drift 

 

0.038948 

 

  

0.021154 

 

   

0.017168 

 

       

0.016121 

 

5 CONCLUSION  

This study mainly focuses on the difference of the deflection and lateral drifts 

calculated by four different building codes. Each building codes have own speci-

fication and thus the deflection varies to different building codes. In this study 

the place of calculation was chosen by which their almost similar wind speed. So, 

the wind force which mainly causes the top lateral deflection and drift varies to 

the factors provided by the building codes. 
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Abstract. Base isolation system for building structure is a popular 

technique to release extensive energy by allowing displacement and 

hence to protect structures from earthquake excitation. This paper aims 

to investigate the performance of a base isolated building against 

seismic hazard compare to typical fixed base building using ETABS 

2015. Commonly used isolator like rubber bearing and friction 

pendulum bearing are used at the base of the building. Parametric 

studies are conducted to study linear time history analysis and to 

investigate the performance of different type of isolator. In the 

parametric study, comparisons are made among fixed base, rubber and 

friction pendulum isolated based structure on the basis of base shear, 

story drift, displacement, acceleration and time period. Finally 

nonlinear static pushover analysis has also been conducted as per 

FEMA-440. It is observed from the study that a base isolation system in 

building significantly reduces base shear with the increment of 

displacement and time period compared to fix based building 

significantly. 
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1   INTRODUCTION 

 

Earthquake hazard is one of the most devastating influences on civilization that 

takes millions of life, demolishes the infrastructures and also changes the 

geography of the earth surface within just few seconds. Bangladesh being close 

to the Indian and Eurasian plate, it is likely to experience frequent earthquake due 

to collision of the north ward movement of Indian plate with respect to Eurasian 

plate. Seismic isolation is a process of increasing the earthquake resistance 

property of the building structure and reducing the probability of damage [1-2] 

In recent years the concept of seismic isolation process has developed as the 

alternative to the conventional seismic strengthening process. The principles of 

base isolation were evolved by Skinner, Robinson and McVerry in 1993 and later 

extended by Naiem and Kelly in 1999.This base isolation technique  grabs the 

attention of researchers, professors and engineers and day by day it  is becoming 

a promising sector for improving the present concept of the building structure 

design in view of  earthquake resisting structures. 

Base isolation system works on a principle which tends to modify the 

response of a building so that the ground can move below the building without 

transmitting motions into structures. In isolated structures displacements are 

often large and efforts are made to releases the earthquake energy. It lengthens 

the natural period of vibration of the structure so that the responses are greatly 

reduced.  Moreover isolator system is installed so that the building can move 

horizontally to ground and the displacement is limited up-to 100 mm to 1m. Base 

isolation does not make a building earthquake proof but enhances the earthquake 

resistance [2]. There are four types of base isolator generally used in building 

structures: 

 

1) Lead Rubber Bearing (LRB). 

2) Laminated Rubber (Elastomeric) Bearing. 

3) High Damping Rubber (HDR) Bearing. 
4) Friction Pendulum (FPS) System Bearing 

 

In this paper a low to medium rise building (12 storey) building is modeled 

considering actual condition using ETABS-2015. Typical rubber isolator and friction 

pendulum are used to investigate their performance against seismic load. In order to 

figure out the improvement of isolation system, Non-linear Time History Analysis is 

conducted in both fixed based and base isolated conditions of the building.  

2   MODELING OF STRUCTURE 

In this paper, a12 storey reinforced concrete (RC) building located at Gazipur, 

Bangladesh which is nearly 30 km away from Dhaka city is taken for 
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investigation. The building is modeled using FE package ETABS 2013 and 

parameters are considered as per Bangladesh National Building Code (BNBC 

2014). In order to investigate the performances of base isolators, in this study, 

rubber isolator and friction pendulum system are used. Typical rubber isolator 

and FPS system are discussed below. 

2.1Lead Rubber Bearing (LRB): 

A lead-rubber bearing is formed of a lead plug force-fitted into a pre-formed hole 

in an elastomer Bearing. The lead core provides rigidity under service loads and 

dissipates energy under high later loads. The rubber cover protects the steel from 

environmental effect. Lead yields at higher loads and thus lateral stiffness is 

reduced. For these properties the lead-rubber bearing is the most common type of 

isolator used. 

 

Figure 1: Lead rubber bearing 

  2.2Friction Pendulum (FPS) System Bearing: 

         In friction pendulum, bearing the sliding surface is spherical in shape. It gives 

resistance to service load by coefficient of friction. After overcoming the 

friction coefficient the slider moves and for the spherical shape a lateral 

movement is accompanied with vertical movement. This isolator allows the 

displaced structure to return to its original position. 

 

                                  Figure 2: Friction pendulum sliding bearing 

The dimensions of structural members are presented in Table 1 
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Table 1: Building Details 

Name of structural member  Specification  

Typical Beams 12 inch 20 inch  

Grade beam  14 inch  24 inch 

Columns Varies  (12”  16” to  16”20”) 

Slab thickness 6.5 inch 

Thickness of periphery wall 10 inch 

Height of typical floor 10 feet 

Height of parapet wall 3 feet 

Compressive strength of concrete 4000psi for all 

Grade of steel 50ksi 

Dead load PW(60psf),FF(30psf), periphey wall(400 plf) 

Live load story(40psf), roof ((30psf) 

 

 

Figure 3: (a) 3D model and (b) elevation of 12 Storey RC building 
 

                                                                                                                       

3   ANALYSIS& RESULT 

In this study, a series of Finite element analyses is conducted under different 

condition to evaluate the seismic behavior of structures in earthquake motion. 

The seismic analyses of the buildings are carried out both in the longitudinal and 
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the transverse directions. The parameters selected to define the rubber and 

friction pendulum isolators in the ETABS 2015 model are as follows: 

Table 2: Properties of isolators 

PROPERTIES OF 

ISOLATOR 

RUBBER  ISOLATOR FRICTION PENDULUM 

Linear Effective Stiffness 

UI (KN/m) 

45000 1000 

Linear Effective Stiffness 

U2 And U3(KN/m) 

60000 250000 

Non -linear Effective 

Stiffness U2 And 

U3(KN/m) 

1500000 500000 

Yield Strength (KN) 80 40 

Post Yield Stiffness 0.1 - 

Effective Damping 0.05 0.05 

Rate Parameter - 40 

Net Pendulum Radius - 2.23 

Friction Co-Efficient  Fast - 0.05 

Friction Co-Efficient  

Slow 

- 0.03 

 

3.1Comparative study of structural performance parameters: 

Maximum storey displacement in X direction at different storey level for 

different base condition is presented in Figure 4. It can be shown from the figure 

that rubber isolated building displacement which increases up-to a maximum of 

39.76% and in friction pendulum isolated building it increases up-to 55% than 

fixed based building with respect to earthquake in X direction. 

Figure 5 shows displacement curve of earthquake in Y direction. Where 

rubber isolated building shows increment in displacement up-to 8.74% and in 

friction pendulum it increases up-to 25.52% than fixed based building. 
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                                      Figure4: Displacement in X direction 

 

                                     Figure5: Displacement in Y direction 

 

Figure 6illustrates rubber isolated building story drift which increases up-to 60% 

and in friction pendulum isolated building it increases up-to 99.8% in story-1 

than normal fixed based building with respect to earthquake in X direction. 
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Figure 7 shows displacement curve of earthquake in Y direction. Where rubber 

isolated building shows increment in story drift in story-1 up-to 14% and in 

friction pendulum it increases up-to 20.19% than fixed based building. 

 

 

 

                            Figure 6: Storey drift in X direction 

 
 
                          Figure 7: Storey drift in Y direction 
 

3.2Time History Analysis: 

Time history analysis is commonly used to observe performance of a structure at 

various well known ground motions. Non linear time history analysis is 

conducted in this paper to investigate resistance of the model 12Storey building 

under various real earthquake motions. The earthquake motion are used for this 

analysis are Corralit-1, Lacc Nor-1 (Northridge earthquake) and Holistic. Criteria 

of BNBC 2014 are fulfilled for setting up the maximum capable earthquake level 

[3]. 
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 3.2.1Comparativestudy of structural parameter from time history analysis: 

In this section, effectiveness of base isolation is conducted by making 

comparison between fixed base structures and isolated structures which is done 

by rubber isolator and friction pendulum system. The results shows resistance 

against earthquake increases after using isolation system. Base shear reduces 17% 

after using rubber isolator bearing and around 22 % after using friction pendulum 

system. the base shear reduces dramatically. Displacement increases 5% after 

using rubber isolator bearing and around 6 % after using friction pendulum 

system. There is a significant increment observed in the result. But acceleration 

reduction is comparatively less than other parameter after using both isolator . 

The results also shows friction pendulum system is more effective than rubber 

elastomeric bearing. 

Table3: Comparison results of structural parmeters of test model under three 

difeerent earthquake 

Structural 

Parameters 

Earthquake Fixed 

Base 

Rubber 

Isolator 

Reduction 

or 

Increment 

(%) 

Fricti

on 

Pendu

lum 

Reduction 

or 

Increment 

(%) 

BASE 

SHEAR 

(KN) 

CORRALIT 3032.21 2504.81 17 2392.

37 

21.10 

HOLISTIC 3654.31 3393.03 7.15 3381.

27 

7.47 

LACC NOR 2567.62 2529.25 0.1 2310.

35 

10.2 

DISPLAC

EMENT 

(mm) 

CORRALIT 39.03 39.86 2.08 40.72 4.15 

HOLISTIC 45.127 47.52 1.00 47.98 1.74 

LACC NOR 43.46 43.9 5.04 44..22

7 

5.95 

             

ACCELER

ATION 

(mm/s2) 

CORRALIT 37774.7

9 

3632.47 3.77 3599.

28 

4.65 

HOLISTIC 2488 2485.15 .1 2452.

52 

1.43 

LACC NOR 1909.13 1856.99 2.73 1843.

47 

3.44 

 

 

3.2.2Comparative  Study of Base Shear  at Different Earthquake: 
Figure 8 illustrates significant reduction of base after incorporating base isolation 

system. Behavior of base isolation system is distinctive for different earthquake. 

For Corralit earthquake Base shear reduced maximum 17% for rubber isolator 

and for friction pedulum system this percentage of reduction increases into 

around 22%. But for other earthquake motion like Lacc Nor this percenage is 
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lower than that of Corralit and Holistic earthquake motion, almost near to the 

fixed base structure for rubber isolation process. Using friction pendulum system 

as seismic isolation system base shear reduced almost 11 % at the same 

earthquake motion (Lacc Nor earthquake motion). 

 

 

 
 

Figure 8: Comparison of base shear at different earthquake motion between base 

isolated and fixed base structure. 
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 3.2.3Comparative  Study of Aceleration  at Different Earthquake: 

Figure 9 represents significant reduction of accelration after incorporating base 

isolation system. Acceration reduced maximum 4 % for rubber isolator and for 

friction pedulum system this percentage of reduction increases into 5 %. But for 

holistic earthquake motion acceleration of rubber isolated structure almost near to 

the fixed base structure. Using friction pendulum system as seismic isolation 

process acceleration reduced a little around 1.5 % at the same earthquake motion. 
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Figure 9: Comparison of  acceleration  at different earthquake motion between 

base isolated and fixed base structure. 

 

3.2.4Comparative Study of Displacement at Different Earthquake: 

Figure 10 represents significant increment of displacement after incorporating 

base isolation system. Displacement increased maximum 5% for rubber isolator 

and for friction pedulum system this percentage of reduction increases upto 6 % 

(Holistic earthquake motion). 

 

 

-2500

-2000

-1500

-1000

-500

0

500

1000

1500

2000

2500

0 5 10 15

A
cc

el
er

a
ti

o
n

 

m
m

/s
2
 

Time (s) 

Acceleration vs time at lacc nor earthquake  

FIXED BASE

RUBBER ISOLATOR

FRICTION PENDULUM

-60

-40

-20

0

20

40

60

0 5 10 15

D
is

p
la

ce
m

en
t 

m
m

 

Time (s) 

                         Displacement vs time at corralit earthquake 

FIXED BASE

RUBBER ISOLATOR

FRICTION PENDULUM



Seismic performance investigation of base isolation system for building in Bangladesh 

 

 679 

 

 

 

Figure 10: Comparison of  displacement at different earthquake motion between 

base isolated and fixed base structure. 

4.       CONCLUSION: 

 Base isolation technique is one of the most effective way to protect 

structure from adverse effect of earthquake. 

 Friction pedulum is more effective and suitable for multistorey 

building as highest  amount of base shear and acceration rudeced 

and displacement increases at every earthquake motion. 

 For Corralit earthquake base shear reduced maximum 17% for 

rubber isolator and for       friction pedulum system this percentage 

of reduction increases into around 21.1%. Acceleration reduced 

3.77 % for rubber isolator and for friction pendulum system  this 

percentage isaround 4.65%. Increment of displacement in rubber 

isolated structure is 2.08% and for friction pendulum system the 

increment value is 4.15%. 
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 For Holistic earthquake base shear reduced maximum 7.15 % for 

rubber isolator and for       friction pedulum system this percentage 

of reduction increases into around 7.47%. Acceleration reduced .1 

% for rubber isolator and for friction pendulum system  this 

percentage is 1.43% . Increment of displacement in rubber isolated 

structure is 5.04%and for friction pendulum system5.95%. 

 For Lacc Nor earthquake base shear reduced maximum .1% for 

rubber isolator and for       friction pedulum system this percentage 

of reduction increases into around 10.2%. Acceleration reduced  

2.73 % for rubber isolator and for friction pendulum system  this 

percentage is 3.44%. Increment of displacement in rubber isolated 

structure is 1%and for friction pendulum system 1.74%. 
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Abstract. Seismic vulnerability of building structures has become a burning 

issue over the years particularly for South Asian countries like Bangladesh. The 

situation is even more critical for garments building of the country due to poor 

planning, design and construction. This research paper investigates how such 

type existing building structures behave against potential earthquake. This study 

primarily focuses on the effectiveness of different type dampers against different 

well known earthquake motion. A series of finite element model has been 

constructed to investigate the influence of different parameters of damper using 

ETABS 2015. The study has been further extended for different time history 

analysis to observe actual spectral response. Linear as well as nonlinear time-

history analyses of the structure indicate that application of damper increases 

top story displacement, maximum joint acceleration, base reaction and energy 

dissipation by hysteresis loop for different earthquake for typical frame 

structures. 

 

Keywords: Earthquake, Mass damper, Finite element analysis, Static pushover 

analysis, Linear time history. 
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1      INTRODUCTION 

Recent natural hazards like Earthquakes damage extensive number of buildings 

structures and other man-made structures. Existing research and experimental 

studies show that enforcing earthquake resistant regulations and their 

implementation in building constructions is the critical safeguard against 

earthquake-induced damage. Regarding the existing structures, it is necessary to 

evaluate and strengthen them based on evaluation criteria before an earthquake. 

Earthquake damage depends on many parameters including duration, frequency, 

intensity, geological condition, content of ground motion and quality of 

construction etc.  

      One of the major reasons to collapses building structure is non-adoption of 

seismic engineering practices and lack of seismic resistant features. The seismic 

performance of a building can be improved by installing energy absorbing 

device, which may be active and passive in nature. Damper for building structure 

is a well-known arrangement that deadens, restrains, or depresses violent shocks 

from earthquake and is designed to absorb significant amount of the forces from 

vibrations. There are many types of dampers like tuned mass damper, viscous 

damper, friction damper etc. [1-6]. 

     Time history analysis Using Finite Element software like ETABS has already 

been established technique to observe the actual behavior of building structures 

against previous earthquake. In this regard nonlinear time history analysis are of 

paramount importance for seismic analysis to investigate the performance of such 

type of dampers.  

     The main objective of this research paper is to investigate the performance of 

mass damper under different previous earthquake for typical garments building at 

Dhaka City. A series of time history analysis is conducted to observe the actual 

behavior of eleven-story building frame structure. In addition, results are 

comparing in terms of base shear, joint acceleration and joint displacement for 

the structure with and without damper considering S_Monica, Altadena and 

Corralit earthquake motion.  

2     FINITE ELEMENT MODEL 

Using Finite Element software of ETABS 2015, the study of the installing 

damper in11 story 2D frame building having geometry of 8 bays in X direction 

and 6 bays in Y direction is an important factor for the analysis. The model of 

this building has been executed from an existing garment building design. There 

are many research works reported on various dampers aspect like linear and 

nonlinear static and linear and nonlinear dynamic analysis of buildings frame. 
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     Following material properties and geometry have been considered:-  

 

1) Compressive strength of concrete- 4000 psi 

2) Yield strength of steel – 50 grade 

3) The typical story height 

i) Floor to Floor height is 10 ft 

ii) GF and 1st floor height is 14 ft 

4) Loads-  

a) Dead Loads: 75 psi 

b) Live Loads: 60 psi 

5) Types of dampers- 

a) Exponential Damper 

b) Bilinear Damper 

c) Friction Spring Damper 

 

 

 

 

 

 

 

 

 

   Figure 1: Typical figures of damper 

     In this research paper the dampers are provided on the top three floors for 

seismic analysis. A comparison of structure in EQ of different mass percentages 

and various time history analyses with and without mass dampers has been 

carried out. 
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Figure 2: 3d view of eleven floor 

building model 
Figure 3: Elevation of model 

 

Table 1: Damper properties 
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     The established resultants are in modal time period, moment and shear values 

of frames, base shear, joint acceleration, maximum joint displacement and energy 

dissipation. 

3. RESULT AND DISCUSSION 

This exploration investigation seismic evaluation of the 11 story concrete 

building frame structure with different percentage of mass damper and time 

history analysis results were tabulated in the form of modal period, moment and 

shear value of building frames, base shear or force and base acceleration top 

story displacement observed that there is significant variation in results based on 

the different earthquake motions. 

3.1 Mode Numbers with Period 

With the installment of dampers in the frame it is noted that for different mode 

numbers and shapes, the time period is accelerated. In this regard, exponential 

dampers works more effectively and bilinear damper along with friction spring 

damper works more or less same. As the mass of the building is increased, the 

time period also increased according to the equation 

T=(2×π×√m)÷(√k)   (1) 

Here, m= mass of damper and k= stiffness of damper 

Table 2 represents the first 6 modes of the increment of time period for different 

mode shapes. The increment of building time period varies between four to ten 

percentages. 

Table 2: Increment of building time period 

Mode 

Number/ 

Shape 

Time Period (sec) 

Without Damper 

Time Period (sec) With 

Exponential Damper 

Percent 

Increased 

1 1.389 1.635 18 

2 1.285 1.552 21 

3 0.219 1.288 5 

4 0.428 0.461 8 

5 0.396 0.434 10 

6 0.376 0.392 4 
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3.2 Moment and Shear Value 

Moment and shear value of analyzed building frames are drastically reduced if 

dampers are provided on the involved frames. Herefor elevation 34FF frames and 

load cases EQY and WINDY are only investigated. Table 3 illuminates the 

percentages of the maximum reduction of shear and moment values for the 34FF 

frame. It explores that maximum 74 percent of moment and shear values are 

reduced. 

Table 3: Moment and shear value reduction 

Kind of Response 

of Structure 

Without 

Damper 

Bilinear 

Damper 

Percent 

Reduction 

% 

Friction 

Dampers 

Percent 

Reduction 

% 

Moment Values 

(kip-ft) for EQY 
282.8 100.04 65 93.77 69 

Moment Values 

(kip-ft) for 

WINDY 

271.73 73.18 73 70.54 74 

Shear Values 

(kip) for EQY 
38.52 19.510 49 18.56 52 

Shear Values 

(kip) for WINDY 
37.118 14.439 61 14.046 74 

 

Figure 4:  Moment values diagram for EQY 
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Figure 5: Shear values for EQY 

Figure 6: Moment values for WINDY 
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Figure 7:  Shear values for WINDY 

Figure four to seven explicit that by installing mass dampers in frame structures 

the moment and shear value decreases to a required level. Thus the amount of 

reinforcement can be reduced and the frames will be safer for their performance. 

It may be observed that the values drop down drastically for the floors near to the 

ground. 

3.3    Percent Mass Damper Analysis 

Mass percentages of dampers are determined from the total building weight and 

mass. Here varying building mass ratios of 0.5%, 1%, 2%, 3% and 5% were 

applied. Figure 8 and 9 executes that by increasing the mass percentages of 

dampers the story displacement of the building against EQ motion in both 

direction increases than without damper frame structure. 

 

Figure 8: Displacement of stories for EQX 
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Figure 9: Displacement of stories for EQY 

3.4.    Time History Analysis of Building Frame 

ETABS is a structural design and analysis programming software uses finite 

element method technique. With the help of ETABS 2015 eleven- story building 

frame has been analyzed for seismic performance without damper and with 

damper for linear and nonlinear time history analysis. 

3.4.1   Maximum Base Shear or Force 

The maximum values of base reaction of 11 floor frame while damper is 

provided on the top three floor for EQ  S_Monica, EQ Altadena , EQ Corralit are 

specified in Table 4. It is noticeable that maximum base shear increase 

effectively for different earth-quake load case when dampers are provided 

compared to usual frame (Without damper). But for EQ Altadena it drastically 

reduces when Bilinear Damper is provided. 

It is perceived that the base forces are maximum and almost same for 

Exponential Damper and Friction Spring Damper and a small amount less for 

Bilinear Damper than the other two. Moreover it is peak for EQ S_Monica then 

EQ Corralte and then EQ Altadena for Exponential Damper. 

 

 

 

 

0
0.2
0.4
0.6
0.8

1
1.2
1.4
1.6
1.8

2

D
is

p
la

ce
m

en
t 

 (
in

) 

WO DAMPER

0.5% MASS

1% MASS

2% MASS

3% MASS

5% MASS



Seismic performance of mass dampers 

 691 

 

Table 4: Base shear 

Load Cases WO 

Damper(kip) 

Base Reaction With Damper (Kip) 

Exponential 

Damper 

Bilinear 

Damper 
Friction Spring 

Damper 

EQ 

S_Monica2 
774.069 1438.9 1275.3 1402.3 

EQ Altadena 1536.8 1707.2 1022 1561.2 

EQ Corralit 1143.3 1275.2 1294.1 1281.4 

    

Figure 10: Base shear for different dampers 

Figure 10 and 11 articulates that by installation of mass dampers the base shear 

upsurges fo regarding EQ Altadena only.r exponential damper and friction spring 

damper but drops down for bilinear damper.  

Figure 11: Bar chart for base shear for different dampers and time histories 
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3.4.2 Maximum Joint Acceleration 

The maximum values of joint acceleration of 11 floor frame are found when 

damper is provided on top three floors for EQ S_Monica, EQ Altadena, and EQ 

Corralit load. Table 6 comply with the increment of top floor joint (number 2) 

acceleration for different earth-quake load case when dampers are provided in the 

building compared to without damper frame. For EQ S_Monica and EQ Corralit 

joint acceleration increases from the normal frame while providing damper but 

the opposite occurs for EQ Altadena. 

Table 5: Joint acceleration 

Load Cases 

Joint 

Acceleration 

Without 

Damper 

(in/sec^2) 

 

Joint Acceleration With Damper 

(in/sec^2) 

Exponential 

Damper 

Bilinear 

Damper 

 

Friction 

Spring 

Damper 

 

EQ 

S_Monica 
47.3 58.42 61.44 53.53 

EQ Altadena 151.79 132.28 110.35 130.51 

EQ Corralit 55.968 65.55 73.43 64.81 

 

Figure 12: Joint acceleration for different damper 
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Figure 12 and 13 extracts that by installation of mass dampers the joint 

acceleration escalatesfor EQ S_Monica and Corralit. Interestingly the joint 

acceleration decreases for all three dampers in EQ Altadena. 

Figure 13: Bar chart for joint acceleration for different dampers and time 

histories 

3.4.3 Maximum Joint Displacement 

Table 6 perceives the upsurge of top floor joint (number 2) displacement for 

different earth-quake load case when dampers are provided in the building 

compared to without damper frame. 

Table 6: Joint Displacement 

Load Cases 
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Figure 15: Bar chart for joint acceleration for different dampers and time histories 

Figure 14 and 15showsthatmass dampers increase the joint displacement and the 

value is maximum for exponential damper for all three earthquake motions. 

3.5 Hysteresis Loop 

The hysteresis loop is the result of dynamic hysteresis as related to the dynamic 

nature of loading. The area of the hysteresis loop is proportional the energy that 

is dissipated by the dampers [10]. Nonlinear property of damper is well studied 

by the hysteresis loop. Figure 21 shows the hysteresis loop of only one damper 
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time period T=25 sec. The more is the hysteresis in the stress-strain curve, the 

greater is the energy dissipation, and hence the higher is the damping ability. 

 

 

Figure 16:  Hysteresis loop for bilinear damper 

 

Figure 17:  Hysteresis loop for exponential damper 

In this force displacement curve, Figure 16 and 17 it is perceived that bilinear 

damper dissipates more energy than exponential damper as its loop area is more. 
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4.   CONCLUSION 

1. Seismic performance of building can be improved by providing energy 

dissipating device (damper) as the modal time period is increased. 

2. The frames are safer when damper is provided in the structure as moment and 

shear values are drastically reduced. 

3. According to the area covered by hysteresis loop, for EQ S_Monica Bilinear 

damper and Exponential damper dispels more energy. 

4. Damper works effectively for high rise as well as slender buildings. 

5. The story displacements are increased with the increment the percent of mass 

dampers for both EQ and time history load thus the building becomes more 

ductile. 

6. With the deployment of dampers in the structure the base acceleration is 

decreased for some EQ motion thus the inertia forces are reduced. 
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Abstract. Recently there has been a considerable increase in the number of tall 

buildings in urban areas. The effect of lateral loads are attaining increasing im-

portance in designing tall buildings as lateral loads cause large top deflection to 

tall buildings. The problem of providing adequate strength and stability against 

lateral loads is the main challenge in designing tall structures. Buildings having 

small numbers of storey are less affected by the lateral loads. As the height of the 

building increases; the effect of lateral loads increases. So the design of tall 

buildings requires necessary consideration for minimizing the top deflection or 

drift. This paper aims to find out the effect of floor beams which contribute more 

to drift. Later, the study attempts to minimize the obtained drifts to allowable lim-

its by increasing the stiffness of concern floor beams. ETABS is used for analysis 

of tall buildings. Increasing the stiffness of floor beams results reduction of top 

deflection to about 28% and it also reduces inter storey drift significantly. 

Keywords: Drift, ETABS, Lateral loads, Tall buildings. 
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1 INTRODUCTION 

Tall and slender buildings are strongly wind sensitive and wind forces are ap-

plied to the exposed surfaces of the building, whereas seismic forces are inertial 

(body forces), which result from the distortion of the ground and the inertial re-

sistance of the building. The behavior of the tall building frame has been studied 

in the last few decades in attempt to develop a rational approach to minimize the 

drift of the tall building frames without changing the stiffness of column. It is 

worth mentioning that if the stiffness of beam is taken into account in the analy-

sis and design of tall building frames, the resulting tall frame may be significant-

ly different. Thus to bring the drift down to allowable limits cross sectional 

dimension of beams and columns may have to be increased.  

2 DISPLACEMENT PARTICIPATION FACTOR AND DRIFT 

For the analysis of tall building frames, deformation arising from flexural, axial 

and shear distortion occurring within the beams, columns and beam-column 

joints can be computed by Displacement Participation Factor (DPF) approach. 

DPF is a numeric value which represents the contribution of a structural member 

to the displacement occurring at a specific point and in a specific direction. For 

example, if it is known that the lateral displacement at the roof of a 40-storey 

tube is 500mm, and the DPF for a column at the base of the structure is calculat-

ed to be 2.5mm, that member is responsible for 2.5/500 or 0.5% of the total drift. 

The sum of the DPF for all the members of the structure is equal to the displace-

ment at the specified location. Drift index is the ratio of the maximum deflection 

at the top of building to the total height of the building. Sound engineering judg-

ment is required when deciding on the drift index to be imposed. Design drift 

index limits that have been used in different countries range from 0.001 to 0.005. 

Through this method, not only it is possible to determine the deflections resulting 

from loads of any type, causing any kind of strains in a structure, but it is also 

possible to compute deflections resulting from temperature changes, errors in 

fabrication, or shrinkage of the structural material (Sazzad and Kamruzzaman, 

2002). 

3     ANALYSIS PARAMETERS & BUILDING MODEL 

To analyze the buildings certain parameters are used as mentioned by the BNBC, 

2006. Wind and seismic analysis also have different parameters. For the study, 

building frames having 3 bays and Uniformly Distributed Load (UDL) is consid-

ered for 10, 15, 20, 25, 30, 35 and 40 storey buildings. The other analysis param-

eters are mentioned as in Table 1 and Table 2. 
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Table 1: General Parameters Used in the Analysis 

Table 2: Parameters for Wind and Earthquake Loading 

 

Wind load Earthquake load 

Parameters Code Parameters Code 

Windward co-efficient 0.8 Ct 0.035 

Leeward co-efficient 0.5 Numerical co-efficient, Raw 8 

Importance factor 1 Zone co-efficient 0.075 

Wind speed 97 mph Site co-efficient 1.2 

- - importance factor 1 

4 RESULTS AND DISCUSSION 

Drift problem is one of the most serious issues in tall building design, relating to 

the dynamic characteristics of the building during earthquakes and strong winds. 

In this paper, the variation in drift or top deflection is found by analysis in 

ETABS. After the analysis the floors are identified which contributes more to 

drift. Then the stiffness (i.e moment of inertia) of the beams of those floors is 

increased by 2 to 3 times. The obtained drift values are compared to code and 

some significant results are found. This procedure is repeated to 10 to 40 storey 

building. Figure 1shows the variation of top deflection due to wind load on a 30 

storey building by increasing the stiffness of the beam to 2 and 3 times. It is evi-

dent for that (Fig. 1), top deflection reduces to about 28% by increasing the floor 

beam stiffness by three times.  

No of 

Storey 

Beam 

for i=1 

Beam 

for i=2 

Beam 

for i=3 

Column 

Size 

Slab 

Thick. 

(in) 

Dead 

Load 

(psf) 

Live 

Load 

(psf) 

10 12"x12" 12"x15" 12"x18" 12"x12" 6 45 40 

15 12"x15" 12"x18" 12"x24" 18"x18" 6 45 40 

20 15"x15" 15"x18" 15"x20" 20"x20" 6 45 40 

25 18"x18" 20"x20" 20"x24" 24"x24" 6 45 40 

30 20"x20" 20"x24" 24"x24" 24"x24" 8 45 40 

35 20"x24" 24"x24" 24"x30" 36"x36" 8 45 40 

40 20"x24" 24"x24" 24"x30" 36"x36" 8 45 40 
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Following Fig. 2 and Fig. 3 depicts the minimization of Inter Storey Drift (ISD) 

 due to wind load for 30 and 35 storey building respectively by increasing the 

stiffness of floor beams by 2 to 3 times. 
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Figure 1: Wind Induced Inter Storey Drift Reduction on a 30-Storey Frame 

at I, 2I and 3I. 

 

Fig. 2 Wind Induced Inter Storey Drift Reduction on a 30-Storey Frame 

 at I, 2I and 3I. 
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Next Fig. 4 shows the variation of top deflection due to seismic load for 30 sto-

rey building by increasing the stiffness of beam by 2 and 3 times. About 19% top 

deflection can be reduced if the stiffness of floor beams is increased by 

threetimes (Fig. 4). 

 
 

 

 

By increasing stiffness of floor beams to 2 and 3 times; top deflection can be re-

duced to about 24% for wind load. From the analysis of the buildings it is clear 

that the reduction in top deflection is considerable upto 30-storey building for 

wind load only. After that there seems to be no significant changes by increasing 

the floor beam stiffness (Fig. 5). 
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Fig. 3 Wind Induced Inter Storey Drift Reduction on a 35-Storey Frame at I, 

2I and 3I. 

 

Fig. 4 Seismic Load Induced Drift Reduction on a 30-Storey Frame at 

I, 2I and 3I. 
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By increasing stiffness of floor beams to 2 and 3 times; top deflection can be re-

ducedto about 22% for seismic load. From the analysis of the buildings it is clear 

that the reduction in top deflection is considerable up to 30-storey building for 

earthquake load only. After that there seems to be no significant changes by in-

creasing the floor beam stiffness (Fig. 6). 
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Fig. 6 Drift Reduction for Seismic Load on 10 to 40-Storey Frame at 2I & 3I 

Figure 5 :Seismic load induced drift reduction on a 30 storey frame at I,2I, 

3I 
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5  CONCLUSION 

The result of the analysis can be summarized as follows – 

1. Effect of increase in beam stiffness to certain floor beams is significant. 

2. The intermediate floors contribute maximum ISD than the topfloor. 

 

 
 

 

 

 

 

 

 

 

3. For wind load, maximum 28% top deflection can be achieved by increas-

ing stiffness up to 3 times at 2
nd

 to 10
th 

floors. For earthquake load, max-

imum 19% top deflection can be achieved by increasing stiffness up to 3 

times at 3
rd 

to 9
th
 floor.  

4. For wind load; max. ISD appears at 2
nd

 to 10
th
storey. For earthquake 

load; maximum ISD appears at 3
rd

 to 9
th
 storey. 
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Table 3: Location of Floors Contributing Max. ISD  

Storey 

Floors Contributing 

Max. ISD due to  

Wind Load 

Floors Contributing 

Max. ISD due to  

Seismic Load 

10 2nd – 3rd 2nd – 4th 

15 2nd – 4th 3rd – 4th 

20 3th – 8rd 4th – 9th 

25 4th – 8th 4th – 8th 

30 4th – 8th 5th – 8th 

35 5th – 9th 5th – 9th 

40 6th – 10th 5th – 11th 
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Abstract.In recent days, finite element analysis is widely introduced to minimize 

the limitations associated with empirical methods in order to assess pavement 

performance (Stress, Strain, and Displacement) in an efficient manner. This re-

search mainly focuses on the application of finite element method (FEM) to eval-

uate mechanical behaviors and pavement performance of an airfield pavement 

under a standardized aircraft loading. For this purpose, a 2-Dimensional, 3-

layered aircraft pavement is modeled using finite element software ABAQUS 

6.13. The layers are modeled as linear elastic layers which represent an asphalt 

surface, an aggregate base and a granular subgrade. Dimensions and material 

properties of these layers are taken from FAARFIELD, a software to design air-

port pavement. The aircraft wheel load is modeled as a uniform pressure load on 

the asphalt surface for simplicity. The objective of this study is to evaluate air-

field pavement performance under simplified simulation environment in 

ABAQUS to serve as a preliminary basis of stress-strain analysis of pavement 

under aircraft loading.   

Keywords: Finite element analysis, Airfield flexible pavement, FAARFIELD, 

Dynamic loading. 
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1    INTRODUCTION 

Transportation system is referred to as one of the most essential infrastructures 

that influence the overall development of a country. The design of airfield flexi-

ble pavement almost resembles to traditional empirical design methods of high-

way pavement and from generation to generation it is modified to handle 

vulnerable situations. Airports are invincible part of air transportation system. 

Most of the airports in our country are mainly flexible pavement comprising with 

asphalt layer at top followed by base, sub-base (optional), and sub-grade [2]. This 

pavement experiences not only domestic aircraft landing but also international. 

The expansion and maintenance of international airports are quite difficult due to 

financial constraints and land scarcity. As a result it generates a pressure on ex-

isting airport and ultimately affects both national and international communica-

tion [1-5]. To cater critical cases of existing pavement, an attempt has been taken 

in this research for predicting pavement performance. Both 2-D and 3-D model-

ing of airfield pavement can be used to evaluate pavement performance [2]. 

     Based on existing literature, direct/analytical solutions of design approaches 

become convoluted due to some complexities of the system such as heavy air-

craft loading, complex tire configuration, and dynamic implicit nature and direc-

tion of loading and acceleration-deceleration phenomenon [5-6]. This is why 

recent studies have approached numerical solutions by using finite element tech-

nique to study the pavement responses on an airfield.   

     In this study, a 2-D three layered pavement is modeled using finite element 

package Abaqus to investigate the structural performance in terms stress distribu-

tion in different layers of airfield flexible pavement. Since such problem can be 

idealized as plane stress problem, 2-D model is expected to extract results close 

to 3-D approximation considering all other challenges. Material properties are 

taken from FAARFIELD with an arbitrary aircraft combination. In addition, a 

brief study of convergence for different seed control is also conducted and finally 

meshing the most vital part is successively done by trial and error process with a 

view to achieve higher degree of accuracy.  

2    METHODOLOGY 

This study focuses on evaluating structural responses of airfield pavement in 2-D 

model using finite element software ABAQUS. A convenient approach has been 

taken to establish a standard wheel configuration, wheel pressure, contact area to 

use on this software for evaluating stress-strain characteristics of flexible pave-

ment. Stress-strain analysis is used to predict distresses in pavement and different 

failure condition. 

     Basically, ABAQUS is a finite element software widely used for stress analy-

sis. In this software, modeling of structural systems can be executed through ac-
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commodating multifarious facilities such as boundary condition in both vertical 

and horizontal directions, loading as pressure or velocity and direction, surface 

condition, fine meshing, different material properties (linear elastic, elasto-plastic, 

hypo-elastic etc.) under a computer simulated environment [2]. Finally, using the 

finite element technique the software generates various output variables as re-

quested such as plots of stress distribution and deflection along the modeled sys-

tems. The study of convergence of stress and deflection can also be done in this 

software by changing the mesh size control and comparing the variation in stress-

deflection contour plots.  

2.1    Dimensioning and Material Properties Considered 

Considering four layered flexible pavement –HMA surface course, aggregate 

base course, crushed aggregate sub-base course and granular subgrade course, 

thickness of different layers are extracted from FAARFIELD for an arbitrary air-

craft combination (Table-1). Arbitrary values are considered as inputs for annual 

departures of aircrafts. For these thicknesses, a 3-layered 2-D pavement is mod-

eled in ABAQUS as a standard/explicit model. To simulate an infinite subgrade 

layer in the bottom, this layer is ignored in the model and is replaced with a fixed 

support. A constant slope of 45º is considered on both sides at each layer.  

     Assuming that all materials behave linearly within the elastic limit, moduli of 

elasticity of different layers are also taken from FAARFIELD for the above men-

tioned combination of aircraft loading (Figure 1). A constant poison’s ratio of 

0.35 is considered for all the layers as suggested in FAARFIELD. Densities of 

these layers are taken from Advisory Circular of FAA [7] for a typical airfield 

pavement (Table 2). 

Table 1: Aircraft combination for which thickness of different layers are extract-

ed from FAARFIELD 

No.  Name Gross Wt.  

lbs 

Annual 

Departures 

1  A320-100 150,796 360 

2  B737-800 174,700 600 

3  B757-300 273,500 800 

4  B787-8 (Preliminary) 486,000 600 

5  B707-320C 336,000 1,300 

6  B737-900 174,700 300 

7  A310-200 315,041 1,000 

8  MD83 161,000 800 
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Figure 1: Structure of flexible pavement 

Table 2: Material properties of different pavement layers 

Layer 

No. 

Type Poison's  

Ratio 

Density 

(pci) 

1 P-401/ P-403 HMA Surface 0.35 0.069444 

2 P-401/ P-403 St (flex) (Stabi-

lized base coarse) 

0.35 0.070602 

 

3 P-209 Cr Ag (Sub base) 0.35 0.072338 

 

2.2    Boundary and Surface to Surface Interaction Modeling 

Boundary conditions are considered as displacement or rotational. The bounda-

ries on both sides of the model are restricted to move along X axis and free to 

move along Y axis (U1=0) and at the bottom fixed support is considered 

(U1=U2=UR3=0) to simulate an infinite subgrade. Surface to surface interaction 

is taken as Tie and internal friction among them is neglected.  

2.3    Loading  

In this study, a uniform pressure load is applied at the top of asphalt surface. The 

loading value is obtained from FAARFIELD by considering the following pa-

rameters of Boeing 707-320C aircraft which is taken as the design aircraft for 

this study (Table-3).  
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Table 3: Loading parameters 

Parameters Values considered 

Aircraft Model B 707-320C 

Gross Takeoff weight 336000 lbs 

Tire Contact width 14 in 

Wheel load 39900 lbs 

Load given by FAARFIELD 2850 lb/in. 

2.4    Element type and meshing 

Fine meshing is done all through the section to obtain approximate results. Finer 

local seeds are considered with a direction towards load and a biased ratio of 5 

(>1) where load is applied to accommodate for the higher stress and nodal dis-

placements at that region. Meshing details used in this study are given in Table 4. 

Table 4: Meshing details. 

 

 

Figure 2: Element meshing with bias ratio 

Mesh Control Quad-Dominated 

Element Type Standard-Linear-Plane Stress 

 

Number of seeds control (Edge) 

Layer No. Top Bottom 

1 160 50 

2 50 55 

3 55 60 
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3    RESULTS AND INTERPRETATION 

Finite element modeling provides stress in both directions. On the basis of ele-

ment type, meshing, boundary condition and surface modeling, large variations 

in results are obtained. Stresses found in this study are shown in Figure 3.In this 

case due to vertical static load, tensile strain in horizontal direction and compres-

sive strain in vertical direction prevail. Deflection plot found from analysis is 

given in Figure 4. 

 

Figure 3 : von-Mises stress contour plotFigure 4: Maximum deflection plot 

 

     Stress at the top layer of asphalt surface course is found maximum where the 

load is applied as expected but there also generates a maximum stress zone at 

contact surface of base and subbase course. A uniform pressure bulb is seen in 

the stress contour plot as well as in deflection plot. Deflection gradually decreas-

es with the depth of pavement layer. Maximum and minimum stress and deflec-

tion at different layers are shown in Table 5.  

Table 5 : Maximum and minimum stress and deflection at different layers  

Layer Maximum 

Stress 

(psi) 

Minimum stress 

(psi) 

1st 2.741E+03 2.339E+02 

2nd 2.513E+03 6.898E+02 

3rd 1.146E+03 2.339E+02 
 

Layer Maximum 

Deflection 

(inch) 

Minimum 

Deflection 

(inch) 

1st 3.694E-01 1.231E-01 

2nd 3.079E-01 6.157E-02 

3rd 2.771E-01 3.079E-02 
 

     A convergence study is done with varying element number at top layer. From 

this study, it is found that stress increases with an ascending order along with 
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increasing number of element (Figure 4) and around at 300 no. of elements, the 

convergence is established and the stress value becomes saturated.  

Table 6: Summary of convergence study 

Element No at Top Edge Maximum Stress, Psi 

160 2.741E+03 

200 2.781E+03 

240 2.937E+03 

280 3.289E+03 

320 3.363E+03 

 

 

Figure5: Stress variation for different no of element 

 

4    CONCLUSION 

To draw an overview of this study, a typical airfield pavement was initially de-

signed using FAARFIELD from where thicknesses of different layers and mate-

rial properties are obtained against an arbitrary aircraft combination. Basing upon 

these parameters, a finite element model of airfield pavement was established in 

ABAQUS. From stress analysis, maximum values of von misses stress were 

found to be 2.741E+03, 2.513E+03 and 1.146E+03 psi, respectively at top, mid-

dle and bottom layer contact surfaces. These stress values found from this analy-

sis can be further used to draw allowable stress or limit stress for mechanistic or 

empirical pavement design procedures. In addition, from the convergence check, 

a saturation condition was found at a number of element or mesh controls of 300 

seeds at top edge. This parameter can be used to optimize the stress-strain analy-
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sis of airfield pavement in further studies.  A typical airfield pavement is of dy-

namic implicit nature as the pavement layers represent anisotropic characteristics. 

The wheel loading is also of nonlinear nature to apprise for accelera-

tion/deceleration phenomenon of aircrafts. In this study, nonlinearity is assimilat-

ed only in geometry but the layers are modeled as linear elastic with 

standard/explicit system. A uniform and static pressure load which is equilibrium 

to that of a design aircraft loading is considered to represent wheel load.  

     For further research, a 3D dynamic implicit model along with standard tire 

imprint area can be carried out. Also, dynamic acceleration or velocity type load 

to apprise for the true representation of aircraft landing and takeoff can be con-

sidered. Thus, a complete finite element study on airfield pavement design ap-

proach can produce an economic design procedure for airport runways. 

REFERENCES 

[1] Bhalla, B.,Vankar, A. A., and Zala, L.B., “Runway Pavement Design of a 

proposed Airport with the use of FAARFIELD Software”, International 

Journal of Science and Modern Engineering (IJISME) ISSN: 2319-6386, 

Volume-1, Issue-6, May 2013. 

[2] Rahman, M.T., Mahamud ,K., and  Ahsan, S., “Stress Strain characteristics 

of flexible pavement using Finite Element Analysis”, International Jour-

nal of Civil and  Structural  Engineering, ISSN 0976 – 4399,Volume 2, No 

1, 2011. 

[3] Leonardi, G., “Finite Element Analysis of Airfield Flexible Pavement,” 

Science Letter Volume 3, University of Reggio Calabria, Italy. 

[4] Sukumaran, B., “Three Dimensional Finite Element Modeling Of Flexible 

Pavements,” Federal Aviation Administration (FAA) Worldwide Airport 

Technology Transfer Conference, USA (2004). 

[5] Zdiri, M., Abriak, N., Neji, J., and Ouezdou, M. B., “Modelling of the 

Stresses and Strains Distribution in an RCC Pavement Using the Computer 

Code Abaqus", Electronic Journal of Structural Engineering, 9 (2009). 

[6] Wardle, L. J., and Rodway, B., “Recent Developments In Flexible Aircraft 

Pavement Design Using The Layered Elastic Method,” Third Int. Conf. on 

Road and Airfield Pavement Technology, Beijing, April 1998. 

[7] Advisory Circular, U.S Department of Transportation, Federal Aviation 

Administration, AC No -150/5320-6E, (2009). 



713 

 

CICM 2015 

First International Conference on 

Advances in Civil Infrastructure and Construction Materials 

MIST, Dhaka, Bangladesh, 14–15December 2015 

EFFECT OF MOISTURE CONTENT ON THE CBR PUNCTURE 

RESISTANCE OF JUTE GEOTEXTILE 

Maruf HASAN
1
, Debojit Sarker

2
 and Sarwar J. M. Yasin

3 

1, 2, 3 
Bangladesh University of Engineering and Technology, Dhaka, Bangladesh. 

Email: 
1
hasan.maruf008@gmail.com, 

2
debojitmom@gmail.com and 

3
sjmyasin@ce.buet.ac.bd 

 

 

Abstract. Jute geotextile has turned into a promising material for various Civil 

Engineering use. Utilization of jute geotextile as an alternative to synthetic geo-

textile is expanding by a great extent in present days because of its accessibility, 

availability and effectiveness in the countries like Bangladesh and India. Use of 

Jute geotextile instead of synthetic geotextile is cost effective. The adequacy of 

Jute Geotextile depends on several properties of jute sample. The fundamental 

properties are- Tensile Strength, Durability, Puncture, and Resistance and so on. 

Strength of Geotextiles is usually referred to as Grab Tensile strength and wide 

width Strip Tensile Strength. The objective of this paper is to observe the varia-

tion in Grab and Wide Width Strip Tensile Strength and Elongation of Jute Geo-

textile with the change in moisture content of the sample. Three types of Jute 

Geotextiles to be specific- Untreated, Bitumen Treated and Latex Treated speci-

mens were tested. It is observed that Moisture content has an extraordinary im-

pact on the tensile strength and elongation properties of the Jute Geotextiles. 

Both the Grab tensile strength and wide width strip tensile strength are de-

creased with the increase in Moisture Content. The CBR load is likewise reduced 

with the increase in Moisture Content. The rate of decrease is increased with the 

increase in Moisture Content. 

Keywords: Geotextile, Types of Geotextile, Moisture content, CBR Puncture 

Resistance. 
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1 INTRODUCTION 

Geotextiles were the first to use in erosion control applications and were intended 

to be an alternative to granular soil filters. Thus, the original and still sometimes 

used term for geotextiles is „filter fabrics‟. The work originating in the late 1950s 

using geotextiles behind precast concrete erosion control blocks, beneath large 

stone riprap, and in other erosion control situations (Barrett, 1966). In the late 

1960s, Rhone-Poulenc Textiles in France began working with nonwoven needle-

punched fabrics for quite different applications (Koerner, 1997). Emphasis was 

given on reinforcing unpaved roads, beneath railroad ballast, within embank-

ments and earth dams. The primary function in many of these applications was 

that of separation and/or reinforcement. The Dutch and the English can be given 

credit for early work in the use of geotextiles. ICI Fibers was a major influence in 

the use of nonwoven, heat-bonded fabrics in a wide variety of uses. Mirafi, Inc. 

imported the first nonwoven used in the U.S. from ICI Fibers in the late 1970s 

(Koerner, 1997).  

In view of these developments, jute, a natural fiber has come up to supple-

ment and/or replace synthetics, has been receiving increasing attention from the 

industry. The past success of jute is due largely to its environment friendly char-

acteristics. Jute fiber is comparable or superior to synthetic fiber in physical and 

chemical characteristics. Jute is biodegradable and its products can be easily dis-

posed without causing environmental hazards. The use of jute as a geotextile will 

help to; at least partially solves the two biggest environmental problems we are 

facing today: deforestation and soil erosion. 

A joint project was taken by India and Bangladesh named as “Development 

and Application of Potentially Important Jute Geotextiles” in September, 2009. 

The main objective of the project was to research on the usage and advancement 

of the jute as a geosynthetics fiber and to make the people understand about the 

usefulness of Jute Geotextiles (JGT). 

2 OBJECTIVES 

The paper aims to present the following objectives: 

 Values of CBR puncture resistance of various Jute Geotextile samples. 

 The variation of puncture resistance with the change of moisture content.  

 Test results on untreated, bitumen treated and latex treated JGT. 

3 DEFINITION AND ADVANTAGES OF JUTE GEOTEXTILE 

Jute produced in Bangladesh was once known as the „Golden fiber‟ accounting 

for 80% of total world export. In course of time with the advent of synthetic ma-

terial however, Jute lost that primary position and had to go for diversification. 

Jute Geo-textile is one of those effects of diversified approaches. Jute Geo-textile 

is capable of being used as the most reliable base material for protection of 
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slopes of embankments, roads and rivers. The flood affected roads and river em-

bankments in our country are subjected to constant erosions all the year round 

because of the absence of any reliable protection measures. An in depth research 

carried out in this field has shown that Jute Geo-textile if properly treated with 

appropriate chemicals can successfully protect the roads and embankments 

against erosions and can also guarantee a desired durability. (Khan, A.J., et. al. 

2009, 2014)Major functions of jute geotextile are depicted in Figure 1. 

 

Figure 1: Major functions of Jute Geotextile. 

Advantages of Jute Geotextile are: Abundant Availability, Superior drape 

ability, Greater Moisture Retention Capacity, Lower Costs compared to Synthetic 

Geo-textiles, Ease of Installation, Bio-degradable Properties, A renewable source 

of energy as natural biomass, Jute Geotextile is environmental friendly. 

4 THE CBR PUNCTURE RESISTANCE OF JUTE GEOTEXTILE 

The definition of puncture resistance which is used in this thesis is: resistance to 

the intrusion of aggregate, soil or other material into the geotextile which would 

cause perforation of the geotextile. A perforation is considered to be a hole; tear 

origin the geotextile. The resistance of geotextiles to puncturing stresses is an 

important element of geo-textile strength. Many geotextile functions rely on the 

geotextile remaining intact - referred to as continuity by Giroud (1987). He 

points out that, as granular materials are made up of discrete particles, they can 

be dispersed but, due to their structure, geotextiles cannot be dispersed. This is 

important as any punctures or tears will lead to a loss of continuity which can 

allow the undesirable dispersion of soil particles. Investigations of puncture re-

sistance have been reported by many authors, some of whom have derived, either 

theoretically or empirically, expressions for the puncture resistance of geotextiles, 

usually as a function of the applied pressure (usually tire pressure or surcharge) 

and aggregate size. Other factors include variables such as subgrade bearing 

stress, aggregate shape (sphericity), initial void diameter and thickness of aggre-

gate layer. Unlike synthetic geotextile, puncture resistance of jute geotextile may 

be affected by moisture content. This has been studied through a series of lab test 

(Hasan, 2015). 
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5 EXPERIMENTAL SETUP OF CBR PUNCTURE RESISTANCE TEST 

5.1 Apparatus 

 Testing Machine: with a constant rate of  load  

 Mould: a probe having inner dia 6.5” and outer dia 8.6” is used where the 

sample was set 

 Test Specimens: specimen size: 280mm x 275mm 

Total 45 specimens of 3 types JGT were tested. Universal Testing Machine and 

Mould preparation is presented in Figure 2.  

 

 

Figure 2: Universal Testing Machine and Mould. 

5.2 Summary of Test Method 

A 1m width of JGT was procured. A line was drawn at 280mm distance from the 

edge of the fabric along the length of the specimen and draws 1 line from the 

edge at a distance 275mm along the width of the specimen. Then a specimen of 

250mm*275mm was cut. Four holes is cut at the four corner of the specimen to 

set in probe by screw. The specimen was set in the mould by four screws. The 

mould is placed in the universal testing machine. A continuously increasing load 

is applied longitudinally to the specimen and the test is carried to rupture. Values 

for the breaking load are obtained from machine scale or dial reading. Obtained 

values of all specimens will represent the values of puncture resistance of the 

entire jute fabric. 

6 DISCUSSION ON TEST RESULTS 

6.1 Test Results 

The values of puncture resistance test are presented in tabular form for each of 

Untreated, Bitumen treated and Latex treated Jute geotextiles. 
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6.2 CBR Puncture Test Results 

CBR puncture resistance values were calculated from the CBR puncture test for 

each type of Jutes. Three types of JGT samples are tested. They are untreated 

JGT, bitumen treated and latex treated JGT. For each type of JGT, total 15 sam-

ples are tested at various moisture content such as 15%, 30%, 35%, 40% and air 

dry condition. The test results are presented in tabular form. 

6.2.1 Untreated JGT 

CBR puncture for untreated jute geotextile samples are given in Table 1. 

Table 1: CBR puncture resistance for untreated JGT. 

Moisture 

Content 

Air-dry 

WT(gm.) 
Load(N) 

Average 

Load(N) 

Avg. airdry 

WT(gm.) 

 

40%  

46 3332 
 

2973 

 

46  
47 2666 

45 2921 

 

35%  

40 2254 
 

2627 

 

44  
45 2999 

45 2627 

 

30%  

41 2568 
 

2738 

 

42  
43 2666 

42 2980 

 

15%  

44 2960 
 

2927 

 

44  
46 2882 

43 2940 

Graphs of CBR puncture load vs. Moisture Content is presented in Figure 3. 

 

Figure 3: CBR puncture resistance variation with moisture content for untreated 

JGT. 



M. Hasan, D. Sarker and S.J.M. Yasin 

 

718 

 

6.2.2 Bitumen Treated Jute Geotextiles 

Weights are measured of all bitumen treated JGT samples. All test results are 

measured in same units and is represented in tabular form. 

CBR puncture for bitumen treated jute geotextile samples are given in Table 2. 

Table 2: CBR puncture resistance for bitumen treated JGT 

 

Graphs of CBR puncture load vs. Moisture Content is drawn from the tabular 

data which is presented in Figure 4. Best fit curve is obtained from the graph. It 

can be observed that CBR load is decreasing with increase in moisture content. 

 

 

Figure 4: CBR puncture resistance variation with moisture content for bitumen 

treated JGT. 

Moisture 

content 

Air dry 

weight(gm.) 
load(N) 

Avg. 

load(N) 

Avg. air-dry 

wt.(gm.) 

 

40% 

 
62 79 

 

72 

 

61  
51 40 

 
68 98 

 

35% 

 
63 216 

 

183 

 

62  
61 177 

 
60 157 

 

30% 

 
64 196 

 

196 

 

64  
63 216 

 
61 177 

 

15% 

 
74 334 

 

272 

 

70  
72 255 

 
66 226 
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6.2.3 Latex Treated Jute Geotextiles 

CBR puncture for latex treated jute geotextile samples are given in Table 3. 

Table 3: CBR puncture resistance for latex treated JGT 

 

Graphs of CBR puncture load vs. Moisture Content is presented in Figure 5. 

 

 

 

 

 

 

 

 

 

 

 

Figure 5: CBR puncture resistance variation with moisture content for latex treat-

ed JGT. 

7 CONCLUSIONS 

 CBR puncture resistance of Jute Geotextiles decreases with the increase 

in moisture content for untreated JGT as well as bitumen treated and la-

tex treated JGT. 

Moisture content 
Weight 

(gm.) 
Load (N) 

Avg. 

load(N) 

Avg. 

wt.(gm.) 

 

40%  

42 2372 
 

2424 

 

42 
41 2470 

41 2431 

 

35%  

44 2431 
 

2614 

 

45 
45 2646 

44 2764 

 

30%  

47 2882 
 

2702 

 

46 
45 2568 

46 2656 

 

15%  

51 2764 
 

2901 

 

51 
51 3019 

49 2921 
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 Rate of decrease of CBR resistance increases with the increase in mois-

ture content for all of three types JGT. 

 CBR resistance of Latex Treated Jute Geotextiles is higher than other 

two types. 

 CBR resistance of untreated and latex JGT nearly same 

 For untreated JGT CBR puncture resistance decrease by 13.55% for 

change of moisture content from air dry condition to 35%. The reduction 

of Bitumen Treated and Latex Treated JGT for same change of moisture 

content are 45% & 11.1%  respectively  

 Latex treated JGT is best for field use among three types of JGT on the 

basis of CBR resistance 

 Considering both CBR resistance and cost, Untreated JGT is best for 

field use. 

Test was done only for CBR resistance. Other parameters like durability, ten-

sile strength are not considered in this research. So Untreated JGT may not be the 

best for field use considering all conditions. Conclusion made here only on the 

basis of CBR resistance properties. 
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Abstract. Thixotropic phenomenon can cause significant strength increase over 

the range of water content of interest to the geotechnical engineers. An 

embankment constructed of a thixotropic soil would show less settlement than 

anticipated as a result of the beneficial structural change with time. This strength 

change is a function of several factors. The present study examines the 

thixotropic strength increase at moisture content ranging from 0.8LL to 1.2LL. 

The samples were collected from different locations of Dhaka city and remolded 

in the laboratory. Cone penetration tests were performed at specific time 

intervals to determine the shear strength of the soils. The results indicate that the 

shear strength gain rate decreases with the increase of water content within the 

test range. It was also found that soils with low ‘activity’ has higher strength 

gain tendency. The findings from the test serve as a preliminary guide to 

understand the influence of time factor on the strength recovery. It also suggests 

incorporating strict control on the time between sample preparation and testing. 

Keywords: Thixotropic strength recovery, Settlement, Moisture content, Liquid 

limit (LL), Shear strength, Activity. 
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1 INTRODUCTION 

When a soil is disturbed upon remolding it loses a part of its initial strength. 

But as the time passes, it re-gains a part of its initial strength through 

structural rearrangement at constant volume and water content. This process 

is called “thixotropic hardening”. In nature the varieties within soils of any 

particular area is significant. These natural varieties of soils hardly fulfil the 

simplifying assumption necessary to enable any mathematical analysis. As a 

result of this variety theoretical thixotropic strength change equations are not 

available to permit direct consideration of thixotropic effects into design 

problems.  But it is imperative to know this time dependent, reversible 

process under constant composition, and moisture content for the efficient use 

of material. 

There are mainly two time dependent physical processes on clay. One is 

„thixotropy‟ and the other is „aging in secondary compression‟ [1]. The term 

„thixotropy‟ was first introduced in 1927 by A.F. Peterfi and used by H. 

Freundlich to describe the well- known phenomenon of isothermal, 

reversible, gel-sol transformation in colloidal suspensions. Essentially the 

gel-sol change is the change in consistency of colloidal suspensions; upon 

agitation gels lose their consistency and viscosity; after allowing the agitated 

suspension to rest, gels regain their original consistency. The temporary loss 

in consistency is caused but breakdown in the structure of the thixotropic 

matter [2, 3] 

Thixotropic effects in remolded natural clays have been studied by O. Moretto 

and A.W. Skempton and R.D. Northey. These investigations aimed at 

determining the extent to which thixotropic hardening could contribute to the 

sensitivity of clays. Skempton and Northey defined thixotropy as the result of 

gradual rearrangement of the particles under the action of bonding forces into 

positions of increasing mechanical stability [4]. 

H. B. Seed and C. K. Chan have shown that compacted clays may also exhibit 

appreciable thixotropic strength gain with time [5]. These studies along with the 

studied of P. G. H. Boswell and conclusions reached by H. R. Kruyt suggest that 

thixotropy may be of general occurrence in the majority of clay water system [5].  

Since thixotropic effects may result in strength increase of up to 100% or 

more after remolding, even in compacted soils, and thus could be of significance 

from an engineering point of view. So the factors responsible for the thixotropic 

strength increase should be zoomed at more details to get deep inside into the 

further understanding of soil structure and shear strength behavior. 

At present the term thixotropy implies slightly different things to different 

investigators. The rheologist or colloid chemist is concerned with dilute 

suspensions and gel setting times of a few minutes to few days [6]. On the other 

hand, the engineer is concerned with the strength increase after remolding or 

compaction at water contents generally less than the liquid limit and measured in 
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weeks, months, or even years. Here in this paper the strength increase in one 

week time will be measured which would be used as a base to determine the 

thixotropic strength recovery. 

2 MATERIALS AND METHODS 

2.1     Remolding of the Sample 

The samples were collected from three locations of Dhaka city named BUET, 

Pallabi and Rupnagar. Key index properties of these soils are given in Table 1. 

However to examine the thixotropic effects on clay, samples were remolded at 

moisture contents in multiples of the liquid limit i.e. within the range 0.75LL to 

1.25LL. Four samples were prepared within this range to get the deep insight of 

effect of moisture content. The moisture content level was carefully controlled 

through checking this just before test program.  

For the mixing purpose, a plastic bucket with a capacity of 0.0222 m
3
 was 

taken. Then the soil and water are mixed approximately for 1 day. After mixing 

the soil thoroughly with water, the soil sample was poured in a plastic mold of 

20cm × 12cm × 4.5 cm size for the thixotropic hardening to take place. The mold 

along with the sample is shown in Figure 1. The soil- water mixture was poured 

in three layers and tapped after pouring each layer, to eliminate the possibility of 

entrapping any air void in the sample. The soil bed was 45 mm thick and each 

layer was around 15 mm deep. Following the same procedure samples at other 

moisture contents were also prepared. 

2.2     Cone Penetration Test 

The fall cone test was conducted as per BS 1377, but the plotting and calculation 

portions were omitted which is generally done in liquid limit tests.  

Table 1: Origin and index properties of the soils included in the paper 

 

 

Soil 

Name 

Origin Liquid 

Limit 

% 

Plastic 

Limit 

% 

Plasticity 

Index 

% 

Linear 

Shrinkage 

% 

Clay 

Fraction 

% 

Activity 

S-1 BUET, 

Palashi 

42 21 21 14 24 0.875 

S-2 Pallabi, 

Mirpur 

37 18 19 12 21 0.905 

S-3 Rupnagar, 

Mirpur 

39 17 22 15 27 0.815 
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The cone apparatus weighs 

80 gram and has an apex angle 

of 30°. The prepared remolded 

sample is kept under the cone in 

such a way that the apex of the 

cone just touches the soil 

surface. To check the accuracy 

of the work a light source was 

used. When the image of the 

cone and the cone meet, it 

indicates that the cone has 

touched the surface. After that the cone was allowed to fall freely for 5 seconds. 

And the cone penetration depths were noted.  Test was conducted for 7 days. 

Data were collected after 0, 0.1, 0.3, 0.6, 0.8, 1, 2, 4, 24, 48, 72, 96, 120, 144, 

168 hours of sample preparation. To maintain same moisture content throughout 

the test program, the molds along with the sample were preserved in desiccator. 

From literature study it is quite evident that undrained shear strength of the 

clay sample can be related indirectly to the cone penetration depth [7]. 

Hansbo(1957), through static analysis, gave such a relation for clayey material. 

But Koumoto (1989) obtained improved agreement between theory and 

experiment by introducing dynamic analysis. The equation could be formulated 

as follows- 

 

 

    
  

 
 
         

 

(1) 

 
Where, Su = undrained shear strength in kN/m

2
, Wc = Weight of the cone in 

kN, h = cone penetration in meter, K = Fall cone factor 

Here it should be noted that this equation is applicable for low strain rates 

only. In the last equation K is calibration factor which is obtained as 1.0097- 

1.9716 for a standard cone with an apex angle of 30
0
 and mass of 80 gm. This fall 

cone factor K can be obtained based on Koumoto and Houlsby method as-  
 

 
   

  

  chtan
      

 (2) 

Here   can be computed based on the shear strain rate during the fall cone 

tests as 0.74 for cone with apex angle of 30
0
. Nch is a bearing capacity factor 

which takes into consideration the effect of heaving around the cone while 

penetrating during the shear strength calculation. For smooth cone with apex 

angle 30°, the value of Nch is 4.992. So, the calibration factor K may be obtained 

 

Figure 1: Remolded soil bed 
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as 1.9716 for standard cone with apex angle 30
0
 and with smooth surface, and 

this value would be 1.0097 for the same cone with rough surface.  

In this analysis the value of K would be taken 1.9716, as smooth cone with 

apex angle of 30° and a mass of 80 gram would be used in the experiment 

program. 

3 RESULTS AND DISCUSSIONS 

Figure 2 shows the depth of penetration vs. elapsed time at different water 

contents. Clearly, the relationship is non- linear. Sample with moisture content of 

1.22LL showed the highest initial penetration. However all the samples showed 

almost similar rate of 

penetration in the first 8 

hours. This is quite 

general that the soil 

sample would stiffen as 

time passes. But this 

hardening process is 

quite significant at 

lower moisture 

contents. The slope of 

the curve increases 

sharply at low moisture 

contents. The 

penetration depths of 

the sample at highest 

moisture content reach 

almost a horizontal 

plateau after 24 hour 

period. 

Figure 3 represents 

the increase in shear 

strength as calculated 

from the previous 

formulae, with time at 

different moisture 

contents. It is clearly 

evident from the figure 

that the curves 

corresponding to 

0.79LL, 0.81LL, and 

0.85LL depart 

significantly from the 

Figure 2: Variation in cone penetration depth 

during the thixotropic hardening process, (a) S-1 

(b) S-2 
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curves at other 

moisture contents. 

Samples with high 

moisture contents 

underwent negligible 

strength increase after 

four days, whereas the 

strength increase is 

significant at low 

moisture contents. 

The shear strength 

increases as much as 

330% at moisture 

content of 0.79LL. 

The slope of the 

curves at 1.22LL, 

1.19LL, and 1.16LL 

are very gentle. 

These two observations indicate that initial moisture content less than the 

liquid limit is imperative for thixotropic hardening to take place. At moisture 

content beyond the liquid limit, the soil- water matrix would be too liquefied. 

This situation can be viewed from the energy- distance principle. In dilute soil- 

water mixture the distance between the clay particles is such that an energy 

barrier prevents the particles to flocculate, on the other hand an additional energy 

of repulsion is introduced by additionally applied shearing strains while 

remolding. So finally the situation is such that the time provided to the soil 

 

Figure 4 (cont.): Variation in cone penetration depth 

during the thixotropic hardening process, (c) S-3. 

 

Figure 3: Variation in shear strength as obtained during the 

thixotropic hardening process, (a) S-1. 
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sample for hardening could not contribute to the thixotropic strength increase. 

 

 

Figure 5 (cont.): Variation in shear strength as obtained during the thixotropic 

hardening process, (b) S-2 (c) S-3. 

4 CONCLUSIONS 

The basic conclusions can be arranged in the following way- 

(a) The thixotropic strength gain rate increases as the moisture content decreases 

for all the three types of soils. 

(b) Initial moisture content less than liquid limit is necessary for significant 

thixotropic hardening to occur. 

(c) At higher moisture contents the soil- water matrix becomes too liquefied to 

flocculate. 

(d) After six days, the strength vs. time curve becomes almost horizontal 

indicating no significant strength gain after six days‟ rest period. This data 

0

2

4

6

8

10

12

0 50 100 150 200

S
h
ea

r 
st

re
n
g
th

 (
k
N

/m
2
) 

Time elapsed (hr) 

(b) 

1.19LL

1.07LL

0.94LL

0.85LL

0

2

4

6

8

10

12

14

16

0 50 100 150 200

S
h
ea

r 
st

re
n
g
th

 (
k
N

/m
2
) 

Time elapsed (hr) 

(c) 

1.22LL

1.03LL

0.95LL

0.79LL



Effect of moisture content on thixotropic strength recovery 

 

 

729 

 

might be useful in incorporating a minimum of seven days‟ rest period 

between sample preparations and testing to consider the thixotropic effects. It 

is to note that the test was conducted on the Dhaka soil only, so similar test 

could be performed on the soils collected from other locations of the country 

to warrant such rest period. 

(e) Soil having the least activity has the highest strength gain tendency. It 

indicates that lower activity is required to get better advantage from 

thixotropic strength increase. 
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Abstract. In-situ determination of pressure-settlement curve is attempted in or-

der to avoid dependency to empirical and semi-empirical correlations. In this 

respect, ordinary plate load test that provides the pressure settlement behavior is 

often carried out at the ground level or at the foundation level. When expected 

depth of foundation is far below the ground level, screw plsate load test (SPLT) 

becomes the only suitable field test. SPLT can be performed in depth using a 

plate of helical shape that is screwed into the ground to a depth of test, without 

disturbing them. On the other hand, standard penetration test provides a means 

for indirect estimation of the bearing capacity and compressibility of soil under 

vertical load. This paper presents the results and analysis of the field tests (screw 

plate load test and SPT) and the laboratory tests of a site, proposed for a struc-

ture built on raft foundation. The significance of SPLT over SPT results are dis-

cussed, while emphasizing allowable bearing capacity.  

Keywords: Screw plate load test, Plate load test, SPT, Allowable bearing capaci-

ty. 



                    Screw plate load test and SPT in the estimation of allowable bearing capacity 

 

731 

 

1 INTRODUCTION 

In a geotechnical site exploration program, field tests (plate load test, screw plate 

load test, standard penetration test, cone penetration test, pressure-meter test, 

vane shear test, etc.) are often preferred than laboratory tests. Though laboratory 

tests can be better controlled (in terms of stress level and stress path) than field 

tests, these test results are greatly influenced by the disturbances associated with 

sampling. Among all the field tests, ordinary plate load test (PLT) and screw 

plate load test (SPLT) provide pressure settlement curve and eliminate the use of 

correlations in settlement calculation. However, when the test level is far below 

the ground level, soils may be disturbed during field tests due to stress changes. 

In planning field test methods, some points should be given special considera-

tions: significance of test results, extent of result interpretation, source of disturb-

ance/stress release/stress concentrations associated with testing, loading direction, 

etc. In this regard, SPLT has added advantages over PLT [1-6].On the other hand, 

SPT is the most common soil exploration technique all over the world, as several 

correlationsbetween different soil parameters and SPT N-values are available in 

the literature. 

This study presents the analysis of results of SPT and SPLT and laboratory 

tests carried out at a test site in Dhaka. The significance of SPLT was examined 

by comparing the allowable bearing capacity predicted from SPT N values. 

2 STANDARD PENETRATION TEST (SPT) RESULTS 

In SPT, the boreholes were made by the percussion drilling method.In SPT test-

ing, the rope-and-pulley (R-P) method was used. The arrangement consists of a 

hollow cylindrical mass sliding over a steel rod, operated by lifting the mass with 

a rope over a cat head. At the instant the mass reached the required height (760 

mm), the mass is released automatically driving the split spoon into the soil. 

     About 20 locations, borings were drilled vertically through soil approximately 

up to the depths of 34.5 m in Bh1, Bh2 and Bh4, 36 m in Bh3, 45m in Bh17 and 

Bh18, and 30 m in rest of the boreholes except BH5, BH15 and BH20.Boring 

was terminated due to rubbish at the depths of 3.5 m, 7.5 m and 12.5 m in BH5, 

BH15 and BH20, respectively. Layer of rubbish construction materials, varying 3 

to 6 m in thickness, was found near the ground level in BH3, BH4, BH9, BH10, 

BH17, BH18 and BH19. InBH19. Moreover, rubbish materials were unusually 

found from 15 to 16.5 m below EGL.  

     Field SPT N values were corrected for all the standard SPT corrections to ob-

tain N55. Boreholes are grouped into three categories and summarized in Table 1 

by consideringN55 at depths 12 m or greater. Table 2 presents the lowest SPT N-

values for each group and also the smallest the largest ones at each depth from 

the N55(lowest) values of three groups. It can be noted that Group-1, where N55 is 
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mostly found 17 or more at depths of 13.5 m below EGL, shows better quality 

soil profiles than other two groups. Instead, N55 mainly varies from 14 to 17(13.5 

m to 30 m), and from 10 to 18 (in 18 m to 27 m) in Group-2 and Group-3, re-

spectively. Minimum and maximum N55(lowest) values are found about 13 and 20, 

respectively, 

Table 1 Summarized SPT test results 

Group Boreholes 

No. of observations(From 12 m to 

30 m below EGL) 

N55<15 N55 = 15-20 N55>20 

G-1 

BH-2, BH-6, BH-7, BH-8,  

BH-10 BH-11, BH-12,  

BH-14, BH-18, BH-19 

<2 ≤3 9-11 

G-2 BH-9, BH-13, BH-16, BH-17 ≤2 4-6 5-7 

G-3 BH-1, BH-3, BH-4 3-5 ≤2 6-9 

Table 2 Group wise N55(lowest) , minimum N55(lowest)and maximum N55(lowest) at dif-

ferent depths from 12 m to 30 m 

Depth 
N55(lowest) 

Group-1 Group-2 Group-3 
Min. 

N55(lowest) 

Max. 

N55(lowest) m 

12 8 1 10 1 10 

13.5 21 10 12 10 21 

15 20 15 20 15 20 

16.5 13 15 20 13 20 

18 18 17 10 10 18 

19.5 20 17 18 17 20 

21 18 16 14 14 18 

22.5 17 15 13 13 17 

24 23 14 13 13 23 

25.5 14 13 13 13 14 

27 25 19 14 14 25 

28.5 26 21 26 21 26 

30 13 19 28 13 28 

3 LABORATORY TESTS AND VISUAL INSPECTION 

Samples of soft clay to very stiff clay and sand layers were collected during SPT 

from the split-spoon sampler at different locations of all boreholes, and visually 

inspected before storing for laboratory testing. Most of the samples show their 
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liquid limits (LL) and plastic limits (PL) varying between 44% and 47% and be-

tween 18% and 24%, respectively. As exceptions due to large variations from the 

range, LL is found as low as 26.7% at 22.5 m depth in BH16 and 30.5%at 16.5 m 

depth in BH19. Moreover, PL is found less than 10%, in BH7, BH8, BH9, BH12 

and BH16 at depths of 28.5 m, 27 m, 16 m, 25.5 m and 22.5 m, respectively. In 

Table 3,LL and PL of soils having the same SPT N-values within a group are 

comparedat adepthof 13.5 m, 16.5m, 18 m and 21/22.5 m.  

Table 3: Atterberg’s limits and N-values at different depths 

Depth 

(m) 
Group BH-ID N- Values 

LL 

(%) 

PL 

(%) 

13.5 G-2 

BH-9 
17 

43 20.1 

BH-16 47.2 16 

BH-17 25 47 21.5 

16.5 G-2 
BH-16 

17 
46.2 18.7 

BH-17 47.2 16.9 

18 

G-1 
BH-7 20 46 25.3 

BH-8 22 47.4 23.6 

G-2 

BH-9 

17 

46.9 23.6 

BH-16 47.4 13.6 

BH-17 49.6 27.2 

21/22.5 

G-2 
BH-9 

19 
32.9 20.8 

BH-16 26 9.4 

G-3 
BH-1 

12 
44.9 18.5 

BH-3 40.2 22.4 

 

     Organic soil (OL) was found in BH7 (from 7.5 to 10.5 m), BH8 (from 3 to 

13.5 m), BH19 (from 4.5 to 6 m and 9 to 13.5 m), BH10 (from 7.5 to 12 m), 

BH16 (from 3 to 6 m) and BH19 (from 6 to 7.5 m). 

     Micaceous clay with sand (CL) was found at different depths in BH1 (28.5-

31.5 m), BH3 (24-34.5m), BH7 (12-15 m), BH8 (21-24m and 27-28.5), BH9 

(13.5-15m and 18-24m) andBH9 (22.5-24m, 25-27.5 and 30-30.45m), while mi-

caceous sand (SM) was found inBH11 (28.5-30m), BH14 (15-16.5m, 24-28.5m 

and 30-30.45), BH16 (15-16.5m, 19.5-25.5m and 27-30m), BH18 (39-42.5m) 

and BH19 (18-25.5m and 27-30m). At 13.5 m depth, PL in BH 16 differs from 

BH9 and BH17, as the soils of BH9 and BH17 were of similar (stiff to very stiff, 

CL) and the that of BH16 was  medium stiff to stiff, though all the three bore-

holes gave the same SPT N values. The samples from BH9, BH16 and BH17, 

obtained at a depth of 18 m, were further compared, and noted that PLof soil in 

BH16 is smaller than those of other two boreholes. This might be due to the fact 

that the soil of BH16 is present between two micaceous sand layers. Again, the 
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soils from BH9 and BH16at 21-22.5 m depth were compared. Both the soil sam-

ples, have mica contents and have low LL as compared to other soil samples in 

all the boreholes. The soil from BH16 is micaceous sand and shows significantly 

low plastic limit, while that from BH9 is micaceous clay showing no significant 

influence of mica content on its plastic limit. 

4 SCREW PLATE LOAD TEST 

Screw plate load testcan be conducted at any depth below the ground level using 

a plate of helical shape that is screwed into the ground to a depth of test, without 

any disturbance. The helical plate is 200 mm in diameter and has an equivalent 

area 315 square centimeters, and connected to the surface with a system of rods 

coaxial that allow plunging. synchronize the pitch of the propeller with the speed 

of rotation of the system of plunging. 

 

Figure 1: Photographs of SPLT setup: Overall arrangement (left) and dial 

gauges for measuring settlements (right) 

     First the helical plate is lowered to the base of a pre-drilled hole of 254 mm 

diameter (approximately) and then advanced about 300 mm (1.5 diameters) 

below the bottom of the hole by rotation. In order to eliminate the disturbance in 

the soil below the test depth during the advance of the screw plate, its advance 

was controlled by maintaining its downward movement in each revolution equal 

to its pitch. An H-shaped frame of suitable size is placed with some small girders 

and some square plates of 122.5 kg onto four brick columns to bear the reaction 

of the hydraulic jack and is firmly anchored by means of two threaded rods. A 

hydraulic jack  is set between the bottom of the load cell and the top of the vertial 

rods for the application of  the load. The load of 0.05 tons on the internal rods is 

applied by a hydraulic jack and is accurately measured by a load cell connected 

to a digital datalogger. The overall arrangements of SPLT at the test site are 
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given in Figure 1. Two dial gauges were used to account for any differential 

settlements, as shown in Figure 1(right). 

     A seating load of 100kg is applied first, which is released after 15 minutes. 

The load is then applied in increments.The settlement is recorded  from two dial 

gauges (sensitivity 0.01 mm) for 20 mins under each load. The settlement was 

found to cease, giving a deformation rate less than 0.05 mm/min, in 20 mins 

after application of each load. The screw plate was loaded by a 0.5 ton load 

increment upto a maximum load of 4 tons, and then unloaded by 1 ton. 

Settlement was recorded during loading and unloading paths. 

 

Figure 2: Pressure versus settlement curve from screw plate load test 

(Test location 1) 

Two screw plate load tests were carried out at the proposed test site 

(Bashundhara, RA, Dhaka) at a depth of 13.5 m. BH12, BH17 and BH16 were 

the three closest boreholes for the location of SPLT-1, while BH2, BH13, BH15 

and BH17 were for SPLT 2. Both the test locations are in between Group-1 and 

Group-2 boreholes. Figures 2 and 3 present the pressure settlement curves from 

both the SPLTs.  

From the figures, uultimate bearing capacity was found 11.664 tsf and 10.4 

tsf at test locations 1 and 2, respectively, for 25 mm settlement. By applying a 

factor of safety (FS) of 3, at test location 1 and test location 2, the allowable 
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bearing capacity is found 3.89 tsf and 3.47 tsf, respectively, and modulus of sub-

grade reaction is found 0.67 tsf/mm and 0.54 tsf/mm, respectively. 

5 ALLOWABLE BEARING CAPACITY BASED ON FIELD TESTS 

Allowable bearing pressures (qa) are calculated for large footing width, based on 

N55 values using the design chart given by Bowles (1997), modified from the one 

by Meyerhof.The value of depth factor (Kd) was taken 1.33. While estimating qa 

based on SPT N values, four different N-values: average of minimum 

N55(lowest)and average of maximum N55(lowest) from the depth of 13.5 m to 30 m, 

and smallest and largest N55(lowest) at 13.5 m depth. These values of qa are com-

pared with the qa from the SPLT tests conducted at a depth of 13.5 m in the test 

site, as given in Table 4. 

 
Figure 3: Pressure versus settlement curve from screw plate load test 

 (Test location 2) 

Table 4: Comparison of allowable bearing pressures for 25 mm settlement 

Design Chart: Bowles (1997) Field Test: SPLT 

Case # N55 
qa                  

(kPa) 

Test 

# 

qa                  

(tsf) 

qa                  

(kPa) 

Avg. of min. N(lowest) 13 239 1 

  

3.89 

  

372 

  Avg. of max. N(lowest)  20 359 

Smallest N55 at 13.5 m  10 186 2 

  

3.47  

  

 332 

  Largest N55 at 13.5 m 24 432 
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Both the SPLTs gave values of qa much closer to the one estimated from de-

sign chart by Bowles [7] based on theaverage of max. N(lowest). 

6 CONCLUSIONS 

SPLT is found as a practical and convenient means for estimating settlement and 

allowable bearing capacity, when poor soil condition (due to the presence of or-

ganic matter and mica) up to a significant depth (13.5 m in present study) below 

the ground level and soil layers beneath the expected depth of foundation are 

mainly clays and/or silts. 

In this study, allowable bearing capacities (qa) from SPLTs are found 

much closer to the one corresponding to the average of max. N55(lowest), estimated 

from design chart by Bowles based on N55 value. According to SPLT results, de-

sign might be more conservative, if design is based on the lowest N55 value and 

average of max. N55(lowest). 
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Abstract. Collapsible soils experience significant volume decrease due to 

the increase of soil moisture content, without increase in the in-situ stress 

level. Compacted soil that has little moisture (less than optimum moisture 

content) and low density may also behave like collapsible soil. Natural 

deposits of these soils are found in large parts of North and South Ameri-

ca, Eastern Europe, China, Central Asia, Northern and Southern Africa, 

Russia, Egyptian western dessert, and the continuous deposit from North 

China to South-East England. For heavy structures, pile is considered 

perhaps the only alternative available type of foundation. In collapsible 

soil region, inundation affects the capacity and performance of both the 

shallow and the deep foundations, supporting structures in collapsible, 

adversely. In this paper, the factor of safety (FS) of single pile during in-

undation of collapsible soil was formulated including the maximum pile 

capacity available during inundation. Reduced pile capacity and devel-

opment of drag load during inundation were given consideration in the 

calculation of true factor of safety during inundation. Therefore, a proce-

dure of numerical modelling is developed to predict ultimate capacity and 

positive skin frictional resistance of single pile during inundation of col-

lapsible soil, using the software PLAXIS (2D). 

Keywords: Numerical modeling, PLAXIS, Drag load, Factor of safety, Collaps-

ible soil, Negative skin friction 
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1 INTRODUCTION 

Collapsible soils experience significant volume decrease due to the in-

crease of soil moisture content, without increase in the in-situ stress level. 
Pile foundations driven to an existing bearing stratum underlying the collapsible 

soil layer is often considered the only feasible type of foundation, in case of 

heavy loads and deep strata of collapsible soil, or any load (light or heavy) and a 

thin bed of collapsible soil at a depth [1].The presence of collapsible soil layer 

may also negatively affect the capacity and performance of these piles during the 

lifespan of the structure. To date, several cases of piles, supporting structures 

built in collapsible soil and experiencing sudden reduction in their bearing capac-

ity and further excessive pile settlement immediately after inundation of collaps-

ible soils, are reported in the literature [2]. When the soil around a pile settles 

faster than the pile, the skin friction developed on the pile surface acts downward 

and is called negative skin friction [1-4].  In order to ensure safety of the struc-

ture, total allowable load on pile should include expected drag load in design.  

However, performance of pile foundations in collapsible soil during inundation 

have been addressed little to none, in the literature. This paper has formulated a 

method of determining minimum and true factor of safety of pile in collapsible 

soil during inundation. Numerical model has been developed to investigate the 

factor of safety of single pile. Different parameters were varied to investigate 

their effects on the factor of safety of pile. 

2 NEGATIVE SKIN FRICTION AND FACTOR OF SAFETY 

Skin friction may act downward direction on the surface of a pile segment, when 

the soil in contact with that part of the pile settles faster than the pile, as shown in 

Figure 1. Due to immediate soil volume reduction (soil collapse) resulting from 

the inundation of a layer of collapsible soil (around the pile), the negative skin 

friction develops on the pile surface and accordingly, exerts drag load on the pile, 

in addition to the load on the pile head.  

 

 

 

 

 

 

 

 

   

 

Figure 1: Load transfer mechanism: Pile in collapsible soil during inundation 
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When negative skin friction develops on the pile surface, the pile suffers from 

reduction in factor of safety from two different aspects: (a) reduction in ultimate 

pile load (capacity), and (b) increase in pile load. Ultimate pile capacity (i.e., a 

sum of positive skin frictional resistance and end resistance) decreases, because 

positive skin friction cannot develop on the pile surface through the full pile 

length. Instead, load on pile increases due to drag load, resulting from the devel-

opment of negative skin friction.   

3 NUMERICAL MODEL DEVELOPMENT AND VALIDATION 

In this study, an axisymmetric finite element model is developed to simulate a 

single-axially loaded-vertical pile. The centerline of the axisymmetric geometry 

model coincides with the axis of the vertical pile. The outer vertical boundary is 

placed at 50 times the pile diameter. The horizontal boundary is placed at least at 

0.7 L below the pile tip. The geometry model consists of soil and pile clusters.  

     Boundary condition of the geometry model is defined according to the rules of 

standard fixities. Fixities are applied to geometry lines by defining their pre-

scribed displacements equal zero. Higher order triangular element, having 15 

nodes (as shown in Figure 3.2), is chosen for both the soil and the pile clusters. 

The numerical integration involves twelve stress points (Gauss Points).Five-

nodes line elements (termed as interface element in PLAXIS) are used along the 

pile-soil interface to capture a realistic interaction behavior between the pile sur-

face and the soil during loading phase, to reduce the mesh dependency, and also 

to account for the relative pile-soil movement. Interface elements connect the 

elements of the soil clusters to those of the pile clusters. Figure 2 presents the 

axi-symmetric model, which was meshed of ‘Medium’ global coarseness’ with 

interface elements and mesh refinement around the pile.  

     Pile is assumed to behave elastically. The pile cluster is modeled as non-

porous material with Linear-Elastic (isotropic) constitutive relation, requiring 

only two input parameters: Young’s modulus (Ep) and Poisson’s ratio (υp). Soil 

behavior is defined by Mohr-Coulomb (MC) constitutive law, which simulates 

the soil behavior based on soil parameters known in most of practical situations. 

The MC soil model operates with five material parameters; including two plastic 

parameters (i.e., angle of internal friction (φ), cohesion (c) and angle of dilatancy 

(ψ)). Any unsaturated soil clusters (of sandy or clayey type either), above the 

groundwater table are modeled as drained type of materials. On the other hand, 

saturated soil clusters are modeled as drained and undrained types of materials 

for sandy and clayey soils, respectively. The behavior of the pile-soil interface is 

also defined by the MC Model.  

The developed model was used for two different purposes/cases for each set 

of pile, soil and inundation conditions. Firstly, the model was used to estimate 

ultimate pile capacity (Pu) and positive skin frictional resistance (Qs), and then 

end bearing resistance (Rb) accordingly, for ‘before inundation’ (without negative 
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skin friction) condition. The model is further used to estimate maximum positive 

skin frictional resistance (Qs´), when negative skin friction developed on the part 

of the pile shaft existing above the neutral plane, called ‘during inundation’ con-

dition. The sum of Qs´ and Rb provides the ultimate pile capacity (P´u) during in-

undation. It can be noted that Qs´ will be smaller than Qs. 

For investigating each case, three calculation phases were defined through 

staged construction. For both the cases, first two calculation phases (initial phase 

and pile installation) were defined in the same manner. In the Initial Phase, the 

initial soil effective stresses and pore water pressures were generated from the 

input of coefficient of earth pressure at rest (K0) and the given general phreatic 

level, respectively. In Phase I, bored pile was installed by changing the material 

dataset, which had ‘Soil’ property (in Initial phase), of the pile clusters with the 

‘Pile’ property dataset.  

 
Figure2: Generated mesh of the axi-symmetric model 

     While modeling ‘before inundation’ condition, phase II was defined by apply-

ing a ‘point load’ on the pile head. On the other hand, while modeling ‘during 

inundation’ condition, phase II was defined by applying the point load at the cen-

tre of the pile cross-section at the bottom of the collapsing soil subjected to inun-

dation. Further, mobilization of any skin friction in the pile interface (above 

neutral plane), which is in contact with the collapsing soil experiencing volume 

decrease, is restricted by adjusting the ‘Interface’ material set. For that part of the 

pile interface, the cohesion (c) and the angle of shearing resistance (φ) of the ‘In-

terface’ material set were set 1 kPa and 0˚, respectively. For rest of the part of 

interface, the c and φ values of interface element were given input of 75% of the 

respective values of the surrounding soil.  

     The model gave good agreements with the results from the full scale pile test 

reported by Grigoryan [2], as given in Table 1. 
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Unsaturated Collapsible Soil 

Non-Collapsible Soil 



Sarah T. Noor and Krishnandu Barma 

 

742 

 

Table 1: Frictional and base resistances under inundation 

Load at 

Pile Head 

(kN) 

Drag Load 

(kN) 

Skin Frictional Re-

sistance (kN) 

Base Resistance 

(kN) 

Experimental  

(Grigoryan 

1997) 

FEM 
Experimental                   

(Grigoryan 1997) 
FEM 

0 548  650 606 235 248 

4 RESULTS AND ANALYSIS 

Factor of safety (FS) of single pile in collapsible soil has been studied using the 

model developed in this paper. It can be noted that FS of pile varies with the 

magnitude of drag load, applied load on pile head and the pile’s ultimate capacity. 

In this paper, FS has been studied in two different ways giving two values of FS 

(FS´´ and FS´) for a given set of pile, soil and inundation conditions. While cal-

culating FS´, the magnitude of drag load and the maximum allowable load (ob-

tained by applying FS of 3 on ultimate pile capacity (Pu) for ‘before inundation’ 

condition) were considered but reduction in ultimate pile capacity was not taken 

into consideration. Instead, while calculating FS´´, all the three factors (the mag-

nitude of drag load, maximum allowable load on pile head and the pile’s reduced 

ultimate capacity) were considered. For calculating FS, the value of drag load 

was obtained from the models developed by Noor et al [1].The schematic dia-

gram of the case studied in this paper is shown in Figure 3. The variations of pa-

rameters, considered in the present investigation, are listed in Table 2. Dilatancy 

angle was considered zero, which is calculated as (φ-30°) in PLAXIS. 

H
s

h

Collapsing

Soil

Non collapsible

soil

L
e

Non collapsible

soil

 
Figure 3: Schematic diagram of the case studied 
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Table 2: List of parameter variations 

Parameters Symbol Unit Value / Range 

Pile length L m 12 and 25 

Pile diameter dp m 0.25 -1 

Depth of collapsing soil Hs m 4 and 7 

Radius of wetting h m 3 

Collapse potential Cp % 7.5 and 12.5 

Cohesion c kPa 15 

Angle of internal friction φ ° (degree) 30 

     For a given set of soil and inundation conditions and pile length, both the fac-

tors of safety (F.S΄ and F.S΄΄) is found to vary with the ratio of depth of collaps-

ing soil to pile diameter (Hs/dp), shown in Figures 4-6. In all cases, the difference 

between F.S΄ and F.S΄΄ is found significant, and the true factor of safety (F.S΄΄) 

approaches a critical value when the Hs/dp ratio is high. Though each of the piles 

was designed with a factor of safety 3 under ‘before inundation’ condition in col-

lapsible soil region, the pile acts with a factor of safety (FS´´) less than 3 for ‘dur-

ing inundation’ condition. Due to inundation of collapsible soil surrounding a 

given length of short pile, FS is severely affected and may approach a value of 1 

or even less (Figures 4 and 5), if Hs/dp ratio is high. 

 

Figure 4: Factor of safety vs Hs/dp when L = 12 m, Hs = 4 m, h = 3 m and 

Cp = 7.5 % 
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Figure 5: Factor of safety vs Hs/dp, when L = 12 m, Hs = 7 m, h = 3 m 

and Cp = 7.5% 

 

 

Figure 6: Factor of safety vs Hs/dp, when L = 25 m, Hs = 7 m, h = 3 m 

and Cp = 12.5% 
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     Reduction of FS´´ is related to increase in Hs/dp ratio. Figure 4 and Figure 5 

are compared to demonstrate that reduction due to increase in Hs is more severe 

than that due to the reduction in dp. 

     In many instances of long pile, the minimum factor of safety was found great-

er than 1.5. This also implies that the conditions of short piles are more vulnera-

ble than long piles during inundation of collapsible soil surrounding the pile. By 

comparing Figure 5 and Figure 6, it can be noted that minimum factor of safety 

for a 25 m long pile may not fall below 1, even under more critical collapse phe-

nomena (Cp equal 12.5%) than the one (Cp equal 7.5%) experienced by the short 

pile. 

5 CONCLUSIONS 

This paper presents numerical models that allow determination of minimum fac-

tor of safety of pile in collapsible soil during inundation. Factor of safety of pile 

is found to decrease significantly, if negative skin friction develops on a part of 

the pile shaft. In order to ensure safety of the structure, total allowable load on 

pile should include expected drag load in design. Minimum factor of safety can 

be determined by considering magnitude of drag load, reduced ultimate pile ca-

pacity and maximum allowable load on pile and it should be maintained above 1. 

Based on the numerical results, short pile of 12 m length is found more vulnera-

ble than long piles during inundation of collapsible soil surrounding the pile. In-

stead, FS of long pile may be maintained above 1.5, even under more critical 

collapse phenomena than the one experienced by the short pile causing failure. 
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Abstract. Ensuring sustainable development of coastal areas require improve-

ment of road embankment infrastructure. Being a byproduct of industry, fly ash 

may be considered as environment friendly and low cost material for this pur-

pose. However, scarcity of fresh water in coastal areas may compel to use saline 

water. To investigate the effects of sodium chloride content of mixing water on fly 

ash and lime mixed compacted sand, a series of the Unconfined Compression 

tests have been conducted on 50 mm diameter specimens with 100mm height. 

Lime content was varied over a range of 1-5% of dry sand weight and fly ash 

contents were 9%, 15% and 30% of dry sand weight. Besides 0%, 4% and 8% of 

sodium chloride were mixed with tap water, which were used for preparing spec-

imens at 10% moisture content by compaction method. The specimens were 

cured for 7, 15, 30 and 60 days by spraying method. Experiment results show 

that, the unconfined compression strength of fly ash and lime mixed compacted 

sand increases with the increase in sodium chloride content. However, the long 

term effect of using saline water in fly ash and lime mixed compacted sand 

should be investigated, which is out of scope of this study. 

Keywords: Unconfined compressive strength, Lime, Fly ash, Salt. 
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1 INTRODUCTION 

Fly ash is largely used as a construction material and soil improvement.   Enor-

mous amount of fly ash is produced daily from the coal based power plant and 

other industrial units. A 500 MW thermal power plant releases 200 MT SO2, 70 

MT NO2 and 500 MT fly ash approximately every day [1]. Bangladesh and India 

had inked a deal on April 20, 2013 to set up the 1,320 MW coal-fired power 

plants by 2021. Nearly 1320 MT of fly ash will be produced per day and cover 

huge areas for its disposal. Disposal of fly ash could be an environmental con-

cern. Fly ash is a pozzolanic material. Soil, fly ash and lime react with each other 

forming bonds and cohesion [2; 3].  

 Several studies were conducted on lime and fly ash for soil improvement 

[4; 5; 6] and for durable and economic concrete, namely:  (i) utilization of lime 

and fly ash increases the shear strength of soil [4; 5; 6], (ii) effect of moisture 

content [4] (iii) curing temperature accelerates the strength [5; 7] and (iv) quanti-

ty of lime and fly ash influences the strength [6]. Although, several previous 

studies were conducted on concrete under the effect of salt water, very little work 

is done to verify the behavior of soil towards soil improvement under the effect 

of salt content in water. The effect of salt content in concrete had mixed findings 

on the concrete strength. Some studies concluded that concrete strength increased 

with increase in salt content in water [8; 9; 10], while others concluded that con-

crete strength decreased with the increase of salt content in water [11]. The stud-

ies also witnessed an increase in the 28 days concrete strength without any effect 

on long term strength of concrete with salt water content [12]. 

Due to the presence of extreme salinity in the Bangladeshi geological condi-

tions along the 2.85 million hectares coastal area [13] consisting of 19 districts 

with 35 million people [14], crop cultivation is not practiced. Further, frequent 

road damages and embankment collapses due to incessant rain and flood, presses 

the need to study the effect saline water on the use of lime and fly ash used for 

soil improvement in the coastal areas. 

2 MATERIAL 

Sand sample from Mawa and Padma river bank, lime from local market and fly 

ash from a local cement company were collected in the present study. Since, the 

properties of fly ash vary between the various sources [15; 16; 6] due to the cal-

cium content, same source was considered in the present study. Further, locally 

available low calcium content fly ash is selected for the geotechnical purpose in 

the present study based on the recommendations [17; 15; 18], as high Calcium 

content increases the self-hardening value of fly ash [6]. Since, the fly ash sample 

contained no calcium content based on the Energy Dispersive X-ray (EDX) test 

results; it is classified under class F.  

The grain size analysis of sand is shown in Figure 1. The Scanning Electron Mi-

croscopic (SEM) view of sand and fly ash are exhibited in Figure 2. The shape of 
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sand and fly ash particles are sub-angular and spherical respectively. The specific 

gravity of sand, lime and fly ash is 2.67, 2.57 and 2.18 respectively. The sand is 

fine sand. 
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Figure 1: Grain size analysis of studied sand. 

 

        
               (a)                                  (b) 

 Figure 2: Electron Microscopic view of (a) Sand and (b) fly ash particles. 

3 EXPERIMENTAL PROGRAM 

Lime content of 1%, 2%, 3% and 5% of dry sand weight and fly ash content of 

9%, 15% and 30% of dry sand weight is used in the lime-fly ash treated sand. 

Sodium chloride (NaCl) is found predominant in sea water [20] with an average 

salt content of 3-5% [19]. To investigate the effect of this sodium chloride pres-

ence in the sea water, three NaCl solution are prepared with the fresh water using 
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0%, 4% and 8% (0g/L, 40g/L and 80g/L) NaCl concentration as the test speci-

mens at 10% moisture content by wet compaction method. The dry density was 

maintained at 1.283, 1.467 and 1.558 g/cm3. Required amount of compaction 

was provided manually to meet the target density and controlled by trial and error 

method. Each specimen measuring 50mm in diameter and 100mm in height is 

prepared within a duration of 30 minutes.. The prepared specimen is preserved in 

76 mm inner diameter hollow pipe in the curing box. 50 mm diameter specimen 

was kept in 76 mm hollow pipe so that it can get more surface area for curing to 

ensure lime, fly ash and salt water reaction in whole specimen. 

A wet geotextile containing same NaCl solution was placed above reserved 

hollow pipes and a polythene sheet was used with the lid. Lid locks were used so 

that the moisture content does not decrease rapidly (refer Figure 3). Curing was 

done by spraying same NaCl solution 3 or 4 times in a week. 3 or 4 time spraying 

was found favorable to maintain high moisture content in the specimens. Tem-

perature accelerates the reaction of sand-lime-fly ash mixture. With high curing 

temperature it is possible to get higher strength within a short time than that of 

low temperature and long time curing [21]. The temperature in the boxes was 

around 25°C to 28°C. The specimens were cured for 7, 15, 30 and 60 days. 

76mm dia. 

hollow Pipe

50mm dia. 

Specimen

Surface area 

of specimen

Currying Box

Wet Geotextile

Polythene sheet

Lid lock 
Lid 

Temperature 

25 C to 28 C  

Figure 3: Specimens in the curing box. 

3.1 Unconfined Compression Test  

After curing, each specimen was submerged for 24 hours in the prepared NaCl 

solution to get better saturation ratio. This ensures the saturation ratio around 

0.89 [22]. The Unconfined Compression test was conducted on submerged spec-

imen at an axial strain rate of 1.2 % per minute (see Figure 4). Here the uncon-

fined compressive strength (qu) is peak value of the yield stress. Shear failure was 

monitored in all the specimens as shown in Figure 4. 
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Figure 4: Submerged specimen for Unconfined Compression test. 

4 RESULTS AND DISCUSSION 

4.1 Effect of lime and Fly ash  

Lime is alkaline. Strong alkaline pH impels the silica and alumina of fly ash 

(glassy portion) and soil to dissolve which react with lime and form calcium sili-

cate hydrate (C-S-H) and calcium aluminate hydrate (C-A-H) [23]. 
 

  HOHSiOCaCaOHSi 22

2

5 2)(  

 

Similar reaction occurs in sand-lime mixture and the result is interpreted based 

on the earlier studies (24; 21). Figure 5 shows  the unconfined compressive 

strength (qu) data of two constant dry densities (1.283 and 1.467 g/cm
3
) contain-

ing equal amount of fly ash (30%) and salt (0%) but different percent (1, 2, 3 and 

5 %) of lime content. 
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Figure 5: Effect of lime content on lime, fly ash and sand mixtures. 
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It can be observed that qu is the function of lime content and dry density. With 

increase in lime content, qu increases for both dry densities at constant fly ash 

content. Here 30% fly ash was used. At 1 % lime content the fly ash was not ful-

ly consumed by lime, at 2, 3 and 5% lime content more fly ash was consumed, 

and consequently the qu increased. This consumption reduces the P
H
 value with 

time. Figure 6 traces the P
H
 value verses curing time graph. With long time reac-

tion the p
H
 value decreases. The SEM micrograph of lime and fly ash is shown in 

Figure 7. Here the needle shaped ettringite crystals [25] formation is found. At 

higher dry density, qu is greater. It could be a reason that at higher density the 

lime and fly ash get closer and accelerate the pozzolonic reaction therefore the 

strength increases with the increase in density. In Figure 8, the qu increases with 

increase in fly ash content. 
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Figure 6: P
H
 value verses curing days. 
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Figure 7: Scanning electron microscopic view of lime and fly ash after curing. 
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Figure 8: Effect of fly content on lime, fly ash and sand mixtures. 

4.2 Effect of Salt 

Three specimens were prepared using 0%, 4% and 8% salt content and cured un-

der the same salt water solution for 30 days to investigate the effect of salt con-

tent in water on fly ash treated sample with sand and 10% fly ash (no lime). 

Figure 9 shows unconfined compressive strength of 10% fly ash treated sand vs. 

salt content of mixing water. No significant effect of salt content was observed. 
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Figure 9: Effect of salt content on fly ash. 

Similarly, lime-fly ash treated sand specimens were prepared using 3% lime 

and 9, 15, and 30% fly ash with 0, 4 and 8% salt content as mixing water solution. 

The specimens were cured for 30 days. Unconfined compression test results for 
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different percentages of fly ash content and salt content are shown in Figure 10. 

It is clearly seen that unconfined compressive strength increased with an increase 

of salt content of mixing water and fly ash content. 
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Figure 10: Effect of salt content on sand, lime and fly ash mixtures. 

4.2.1 Porosity and b-value correction for best fit curve 

In lime-fly ash treated sand, the porosity is considered as a function of sand, lime 

and fly ash content as proposed by Consoli et al., [22] and shown in Equation 1. 
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where, η = porosity of specimen, FA = fly ash content, L = lime content, γd = dry 

density specimen of Vs = volume of specimen,
SSG , 

FASG , 
LSG , specific gravity 

of sand, fly ash and lime respectively. Using this equation Consoli, et al. [26] 

proposed η/Liv ratio [Liv, volumetric lime content] later Consoli, et al., [22] used 

an exponent for Liv and proposed η/Liv
0.12

 to best fit, which is more reliable [22]. 

Figure 11 shows unconfined compressive strength verses η/Liv
0.12

 for all lime-fly 

ash treated sand of 30 days age specimens. The unconfined compressive strength 

increases with the reduction of η/Liv
0.12

. At higher density (lower η/Liv
0.12

) the salt 

effect is as significant as that of low density (higher η/Liv
0.12

). 
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In Figure 11, the best fitted curves of 0, 4 and 8% salt content specimens were 

tried to bring closer by multiplying the qu of each specimens. Therefore by back 

calculation the b-value was determined. The b-value correction is shown in Fig-

ure 12. Here eq. 2 and 3 are for 4% and 8% salt content respectively. By multi-

plying the qu with b-value all trend curves come closer. The b-values were used 

to normalize all the trend curves which finally fall in a single trend curve (see 

Figure 13). This curve can be used in determining the unconfined compressive 

strength of lime-fly ash treated sand at different percent of salt contents in mixing 

water. 
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Figure 11: Unconfined compressive strength verses η/Liv
0.12

 graph. 

 

Eq. 3

y = 39.719x-1.249

R² = 0.9986

Eq. 2

y = 9.744x-0.812

R² = 0.9981
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Figure 12: b-value graph. 
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Figure 13: Best fit normalized curve of unconfined compressive strength for dif-

ferent porosities, lime content and salt contents 

5 CONCLUSION  

A series of unconfined compression tests was conducted on specimens contain-

ing different percentages of lime and fly ash mixed with sand. 0, 4 and 8% per-

cent salt (NaCl) solution were used for preparing and curing the test specimens.  

The present study provided the following outcome: 

1) With an increase in lime content, the unconfined compressive strength 

increased. 

2) Salt content of water increases compressive strength of lime-fly ash 

treated sand. 

3) Compressive strength of lime-fly ash treated sand increases with the in-

crease in fly ash. 

4) For fine sand, a correlation among unconfined compressive strength, po-

rosity, volumetric lime content and salt content in water was developed. 
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Abstract. Cyclic and static triaxial tests have been conducted on clean sand, 

pure nonplastic silt and sand-silt mixtures (10-90% nonplastic silt content) at 

different relative densities with effective confining pressure 100 kPa. Main objec-

tive was to identify the Limiting Fines Content (LFC) and Equivalent Granular 

Steady State Line (EG-SSL) of Padma Sand-silt mixtures. The specimens of 71 

mm diameter and 142 mm height were prepared by moist tamping method. With 

increasing percentage of silt content the Cyclic Shear Strength (CSS) and Static 

Shear Strength (SSS) decrease till Limiting Fines Content (LFC = 30% silt con-

tent, (calculated)), after LFC for further increment of silt content till pure silt the 

CSS and SSS remain near about constant. Thus calculated LFC was verified by 

experimental results. The concept of equivalent granular void ratio was found to 

be more appropriate to explain the behavior of sand–silt mixtures than that of 

relative density and global void ratio. 

Keywords: Cyclic stress ratio, Static shear strength, LFC, EG-SSL, Nonplastic 

silt. 
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1 INTRODUCTION 

The behavior of sand and nonplastic silt mixture under cyclic and static loading 

has been discussed broadly in geotechnical literature. Nevertheless the conclu-

sions are still conflicting. In some laboratory studies it is concluded that the pres-

ence of nonplastic silts decreases the liquefaction potential/static strength [1, 2, 3, 

4, 5, 6, 7, 8, 9], some studies indicate that silts increases the liquefaction potential 

[10, 11] and some studies specify that the resistance initially decreases as the silt 

content increases thereafter increases as the silt content continues to increase [12, 

13]. Recently some researcher proposed equivalent granular void ratio concept to 

explain the behavior of sand-silt mixtures [14, 15]. 

This paper focused on the behavior of sand and nonplastic silt mixtures under 

isotropically consolidated undrained static and cyclic loading. In undrained static 

test, soil specimens (each sand-silt mixtures) have been formed by moist tamping 

method. Also permeability test by falling head method have been conducted to 

verify the behavior. 

2 EXPERIMENTAL PROGRAM 

2.1 Tested Material and Sample Separation 

Sand and silt were used in this study collected from sand bars of Padma River, 

Mawa, Munshiganj, Bangladesh, near proposed Padma Bridge site. The grain 

size analysis graph is shown in Figure 1. The shape of the sand and silt is near 

about similar angular (from scanning electron microscopic test). It was tried to 

determine the Plastic Limit (PL) of silt and observed that the silt sample is non-

plastic. Index property of sand and silt, namely, specific gravity, maximum and 

minimum void ratio, liquid limit, plastic limit are given in Table 1.  
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Figure 1: Grain size distribution of Sand and Silt used in this study. 
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2.2 Limiting Fines Content 

When small amount of fines (silt) are mixed with sand, silt particles occupy the 

voids created by the sand particles. If the silt content is increased, the sand parti-

cles start to separate from each other. The percent of fines just necessary to sepa-

rate sand particles from each other is called Limiting Fines Content (LFC). After 

the LFC the silt particles dominate the whole soil structure. The LFC is calculat-

ed using the following expression [16]: 

 
                              1

1

fines f s

sand fines f s s f

W G e
LFC

W W G e G e
 

  
 

 

Where, Wfines is the weight of fines and Wsand is the weight of sand in a sand–silt 

mixture. Similarly, Gf, Gs, ef and es stand for specific gravity of silt and sand, 

maximum index void ratio of silt and sand respectively. 

Table 1: Test conditions. 

Soil Type Sand Silt 

USCS classification symbol SP ML 

Mean particle diameter D50 

(mm) 
0.2 0.02 

Uniformity coefficient (Cu) 2.22 5.82 

Coefficient of gradation (Cz) 1.17 2.15 

Specific gradation (Gs) 2.69 2.72 

Liquid limit (%) N/A 38 

Plastic limit (%) N/A N/A 

Plasticity index N/A NP* 

emax 1.165 1.72 

emin 0.504 0.462 

*NP: nonplastic 

2.3 Cyclic Test and Static Test 

All static triaxial tests were carried on 71 mm diameter and 142 mm height spec-

imen. Samples were prepared adding the sand with nonplastic silt of 0 to 100% 

(percent by dry weight). In order to proper mixing, first of all dry clean sand and 

pure silt of required amount was put inside a five litre gallon and then the lid fit-

ted; thereafter it was shaken 2 minutes. The specimens were prepared by moist 

tamping method [17] and saturated with sufficient back pressure till the skemp-

ton's b value reached 0.95. Subsequently the specimen was isotropically consoli-

dated at 100 kpa effective confining pressure (for all tests). The values of relative 

densities presented in this paper are the values before consolidation. The duration 

of consolidation was 1 hour for sand and 3 hours for silt. After consolidation the 
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shearing/cyclic phase starts. The cyclic triaxial tests were stress controlled at fre-

quency 1 Hz. The static triaxial tests were undrained strain controlled, at rate of 

0.05% axial strain per minute. 

Initial liquefaction (excess pore water pressure becomes equal to the initial ef-

fective stress, σ3c') or a deformation of 6% double amplitude axial strain at 15th 

cycle was the criterion used in this study to define the cyclic resistance ratio 

(CRR). A minimum of three cyclic tests were carried out at different cyclic stress 

ratios to determine CRR. Once the CRR was determined, the cyclic shear strength 

(CSS) was calculated using eq. 2 as given below. 
 

σc = 2 x σ3c' x CRR  (2) 

Where, σc = Cyclic Shear Strength (kPa), σ3c' = effective confining pressure 

(kPa), CRR = Cyclic Resistance Ratio. 

Undrained Static Shear Strength (SSS) was determined from the plot of devia-

tor stress verses axial strain graph. In a particular test the undrained shear stress 

(τ) of a specimen is the half of deviator stress (q=(σ1-σ3)) (eq. 3). 
 

τ=q⁄2   (3) 

Here the peak deviator stress within 15% axial strain is the deviator strength. SSS 

is the half of deviator strength (ASTM D4767-11). 

3 TEST RESULT AND DISCUSSION  

In Figure 2, the cyclic and static triaxial test result of sand-silt mixtures prepared 

by moist tamping method are shown respectively. Here the undrained SSS and 

CSS verses silt content graph is exhibited. For both cyclic and static tests the CSS 

[18] and SSS respectively are decreasing with increasing silt content till LFC 

thereafter those become near about constant till pure silt. 
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Figure 2: Shear Strength verses silt content graph. 
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The permeability test results of sand-silt mixtures for are shown in Figure. 3. 

Here the permeability is decreasing with increase in nonplastic silt content till 

LFC thereafter it is near about constant till pure silt. It means that for increase in 

silt content at constant relative density (Dr=60%) the void among the sand parti-

cles are filled with fine nonplastic silt particles. Hence the permeability is de-

creasing. For decreasing permeability at cyclic or static undrained loading, the 

excess pore water pressure develops rapidly so the CSS and SSS are decreasing 

(see Figure. 2). After LFC silt particles dominates the soil structure (sand-silt 

mixtures). The inner voids among the silt particles (in sand-silt mixtures) remain 

same (because the permeability after LFC remain same) with increasing silt con-

tent for this reason the CSS and SSS remain same with increasing silt content af-

ter LFC. 

 

Figure 3: Grain size distribution of Sand and Silt used in this study. 

4 EQUIVALENT VOID RATIO CALCULATION  

Relative density is a problematic parameter for sand with fines, which might be 

the main reason of conflicting outcome as discussed above. The equivalent gran-

ular void ration (e*) may be a more consistent parameter [19, 15]. So, to deter-

mine the equivalent granular void ratio the following equations are used: 

For intergranular void ratio,  
(1 )

( )                       4
1 (1 )

c
c eq

c

e b f
e

b f

 


 
 

 

Where e = void ratio, b = portion of fines that contribute to active intergrain con-

tacts, fc = fines content, Rahamman et al. (2008) [19] proposed a semi-empirical 

equation expressed as, 
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Where,  25.0

1050

1

5010 1,)( rkDddDr     

 

To determine the fth, Rahman et al. (2008) [19] proposed the following equation: 

 
1 1

40( )                       6
1

th x
f

e x 
 


 

 

Where X=D10⁄d50, α=0.50, β=0.13. 

Using the equation (6), the Fth in this study was found 30%. 

4.1 Equivalent granular steady state line 

The e – log(p’) graph of sand-silt mixtures is shown in Figure 4(a). It shows that 

the Steady State Line (SSL) of sand-silt mixtures go down ward with increasing 

in silt content, which was also observed by Murthy et al. (2007) [23]. A number 

of researchers have demonstrated that irrespective of silt, the SS data points in e* 

- log(p’) (see Figure. 4(b)) space may be described by a single trend [21, 15]. 

This single relationship is referred to as “equivalent granular steady state” (EG-

SSL) (shown in Figure. 4(b)). Here the EG-SSL is independent of fines. The EG-

SSL obtained from the prediction approach can be used to predict undrained be-

haviour such as flow, non-flow or limiting flow behavior under Critical State Soil 

Mechanics (CSSM) framework [22]. ψ* (0)>0, (ψ* = Equivalent Granular State 

Pa-rameter = e*-e*ss) shows flow-type behaviour; ψ*(0)<0, shows non-flow be-

havior; and at ψ* (0)≈0, shows limited flow behavior [15] (Rahman et al, 2014). 

Therefore, equivalent granular steady line concept was found to be valid from the 

data of this study. 

 

  
(a) (b) 

Figure 4: (a) Steady State Line (SSL) with increase in fines content and (b) 

Equivalent Granular Steady State Line (EG-SSL) of studied sand and silt. 
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5 EFFECT OF MICA MINERAL IN SILT 

To justify the effect of mica mineral in silt, 1 g of mica (passing through 75 µm 

sieve) was added with 1000g silt. After mixing of silt and extra 1 g mica (0.1% 

mica, by weight), a specimen of 73 percent relative density was tested at 100 kPa 

isotropic effective pressures. The test result is shown in Figure 10, where the silt 

with 0.1% mica specimen has lost 34 percent of deviator stresses. That means 

mica flings the silt to lose the undrained shear strength. 
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Figure 5: Effect of mica in silt. 

6 CONCLUSIONS  

 The CRR and SSS decrease with increasing nonplastic silt content till 30% 

silt content later it remains near about constant till pure silt. Here the calcu-

lated LFC is 30%, verified by experimental results. 

 After LFC the inner voids among the silt particles remain same with in-

creasing silt content because silt content dominates the soil structure after 

LFC. For this reason the CSS and SSS remain same with increasing silt con-

tent after LFC. 

 The concept of equivalent granular void ratio was found to be more appro-

priate to explain the behavior of sand-silt mixtures than the relative density 

and global void ratio. 

 Mica content decreases the shear strength of silt. 
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Abstract. The load bearing capacity of subgrade soil supporting different pave-

ment systems is of great importance to the integrity of the pavement. Soaked CBR 

is used as a design parameter for pavement design.  However, derivation of CBR 

values for pavement design involves soaking soil sample for four days, which is 

time consuming. For this study, soil samples were collected from sub-grade of an 

existing flexible pavement of Savar Cantonment Area. The soil samples are iden-

tified as Lean Clay and CBR test is performed both in soaked and unsoaked con-

ditions .The test results of sample soil has led to the formulation of an empirical 

equation relating unsoaked and soaked CBR for a varying range of dry density. 

This equation can be used to predict soaked CBR from available unsoaked CBR 

test data within the specified range of dry density where the sub-grade consists of 

Lean Clay. 

Keywords: California bearing ratio, Soaked CBR, Unsoaked CBR, Sub-grade, 

Lean clay. 
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1 INTRODUCTION 

Roads and highways are in the center of economic activities in countries where 

land based communication is dominant. The construction, operation and mainte-

nance of the roadways play vital role in the economy. To get uninterrupted and 

sustainable service from the roadways, the first requirement is to construct the 

roads in such a way that these are able to withstand heavy traffic loads and 

weathering effects during the expected service life. The strength of soil on which 

the roads will be constructed is the basis of pavement design. So, predicting the 

strength of soil is of vital importance. California Bearing Ratio (CBR) test is de-

veloped to predict the strength of soil with reasonable accuracy under different 

site conditions, which helps to determine the required sub-grade thickness for the 

construction of a road. This study is focused on two types of Laboratory CBR 

tests and the mathematical correlation between them. The present practice is to 

simulate the worst possible field condition for sub-grade soil in the laboratory by 

submerging the sample soil under water for four days and determine its strength. 

The samples are collected from different chainages along the centerline of a pro-

posed road, the number of which is significantly large and takes a very long time 

to determine the strength. This affects the overall condition of the road construc-

tion project negatively. To overcome the negative effects of the elongated time 

requirement, it can be proposed that the strength of a particular type of sub-grade 

soil at worst field condition can be predicted by developing an empirical relation-

ship between standard laboratory strength of soil in unsoaked condition and four 

days soaked condition.  

2 EXISTING STUDIES FOR PREDICTING SOAKED CBR 

None but Sathawara and Patel
 
[1] experimented on CL type soil and established a 

correlation between 4-day soaked CBR and unsoaked CBR for the dry density 

achieved under different Proctor compaction efforts and developed the following 

equation to relate unsoaked CBR with 4-Day soaked CBR: 

Y=0.936X
0.819

, [R
2
=0.828] (1) 

Where, 'Y' stands for 4-day soaked CBR and 'X' stands for unsoaked CBR value. 

3 METHODOLOGY AND RESULTS 

The soil sample was collected from the sub-grade of a flexible pavement in Savar 

Cantonment, Dhaka. Then the investigation was carried out in following order: 

 Atterberg Limits Test [2] 

 Grain Size Analysis 

 Proctor Compaction Test 

 Soaked and Unsoaked CBR Test [4] 
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The soil sample is identified according to Unified Soil Classification System 

[3]
 
and BNBC guideline

 
[5] as Lean Clay with group symbol is CL. 

Table 1: Percentage of Sand, Silt and Clay 

Chainage 

Liquid 

limit (LL) 

Plastic 

Limit 

(PL) 

Plasticity 

Index (PI) Sand (%) Silt (%) Clay (%) 

300m 38 14 24 4 50 46 

600m 40 14 26 3 51 47 

800m 38 13 25 6 50 44 

1100m 39 18 21 3 68 29 

 

     Proctor compaction test with different compactive efforts was performed to 

determine optimum moisture contents for subsequent soaked and unsoaked CBR 

tests. The energy used in compaction test is presented in Table 2 and the results 

of Proctor compaction test is presented in Table 3. 

Table 2: Energy used for Proctor Compaction 

Compaction Method Energy (lb-ft/ft
3
) 

½ of standard 6,435 

Standard 12,375 

Intermediate 33,750 

Modified 56,250 

Table 3: Optimum Moisture Content from Proctor Compaction 

Chainage 
Maximum Dry Density 

(kN/m
3
) 

Optimum Moisture Content 

(%) 

300m 18.51 13.43 

600m 18.97 13.66 

800m 18.71 13.59 

1100m 18.35 12.50 

 

     Optimum moisture contents determined from Proctor compaction test were 

used as reference moisture content to perform both soaked and unsoaked CBR 

tests. The compactive energies used for CBR test were slightly less than that for 

Proctor compaction test. The purpose of using reduced energy is to ensure that 

approximately 95% of maximum dry density is achieved in CBR test to properly 

resemble the field condition, where achieving a dry density equal to the maxi-

mum dry density is impractical from economic point of view. The summery of 

soaked and Unsoaked CBR test results are listed in Table 4 and Table 5. 
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Table 4: Soaked CBR Results 

Chainage 
Target Moisture 

Content (%) 

Obtained Moisture 

Content (%) 

Achieved Dry 

Density (kN/m
3
) 

Soaked CBR 

value 

300m 13.43 

13.37 13.37 1.62 

13.12 14.13 1.90 

13.43 16.08 2.57 

13.80 17.56 3.62 

600m 13.66 

13.57 14.10 1.43 

13.50 15.83 2.09 

13.48 17.02 2.85 

13.50 18.31 3.42 

800m 13.59 

13.57 13.65 1.43 

13.50 14.83 1.90 

13.48 17.02 2.66 

13.50 18.09 3.62 

1100m 12.50 

12.24 14.80 6.66 

12.65 15.41 8.37 

12.45 17.03 10.15 

12.37 17.52 11.03 

Table 5: Unsoaked CBR Results 

Chainage 
Target Moisture 

Content (%) 

Obtained Mois-

ture Content (%) 

Achieved Dry 

Density (kN/m
3
) 

Unsoaked 

CBR value 

300m 13.43 

13.42 14.82 2.79 

13.35 16.58 3.57 

13.41 17.68 4.74 

13.32 18.40 5.13 

600m 13.66 

13.56 14.23 2.01 

14.49 16.36 3.18 

13.54 17.45 4.35 

13.18 18.50 4.93 

800m 13.59 

13.53 14.10 2.11 

13.56 15.83 4.15 

12.06 17.02 4.93 

13.60 18.31 5.71 

1100m 12.50 

12.95 15.14 8.99 

12.11 16.45 12.93 

12.29 17.63 14.93 

12.72 18.82 20.12 
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     To relate CBR value with dry density, power based regression equations were 

developed in following format:  

Y=AX
B
 (2) 

Where, Y = CBR value 

                  X = Dry Density in kN/m
3
 

                  A, B = Constants 

     The range of dry density was selected based on the observed maximum and 

minimum dry densities in CBR tests at different compactive energies. The ob-

tained results are presented in Table 6. 

Table 6: Unsoaked and Soaked CBR from Experimental regression equations 

 
Chainage 300 

m 

Chainage 600 

m 

Chainage 800 

m 

Chainage 1100 

m 

Dry 

 Density 

(kN/m
3
) 

un-

soak

ed  

CBR 

Soake

d  

CBR 

un-

soaked  

CBR 

 

Soake

d  

CBR 

un-

soake

d  

CBR 

Soake

d  

CBR 

un-

soake

d  

CBR 

Soake

d  

CBR 

 
2.16 1.68 1.94 1.47 2.08 1.35 2.76 1.6 

14.0 2.40 1.86 2.21 1.66 2.36 1.52 3.49 2.7 

14.5 2.66 2.06 2.50 1.87 2.65 1.69 4.3 3.68 

15.0 2.94 2.27 2.82 2.10 2.98 1.88 5.19 4.55 

15.5 3.23 2.49 3.16 2.35 3.33 2.09 6.17 5.31 

16.0 3.55 2.72 3.54 2.62 3.71 2.30 7.23 5.96 

16.5 3.88 2.97 3.94 2.91 4.12 2.53 8.38 6.49 

17.0 4.23 3.24 4.38 3.23 4.56 2.78 9.6 6.91 

17.5 4.61 3.52 4.85 3.56 5.03 3.05 10.91 7.23 

18.0 5.00 3.81 5.36 3.92 5.54 3.33 12.31 7.43 

18.5 5.41 4.12 5.90 4.31 6.08 3.62 13.79 7.52 

 

     Using the above mentioned data, a power based equation was developed to 

relate unsoaked CBR with soaked CBR. With this equation, soaked CBR value 

can be predicted from the unsoaked CBR value for CL type soil. The equation is 

as following:  

Y=0.7561X
0.9578

, [R
2
=0.9404] (3) 

      Where, Y = Soaked CBR Value 

                   X = Unsoaked CBR Value 
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Figure 1:  Soaked CBR versus Unsoaked CBR  

     The variation between predicted soaked CBR values using this model and the 

model suggested by Sathawara and Patel 
[1]

 is graphically represented in the fol-

lowing figure:  

 

 

Figure 2: Comparison of Soaked CBR between proposed model and Sathawara 

and Patel [1]
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4 CONCLUSIONS  

Soaked CBR of the soil is an important parameter in designing a pavement. 

Thereby a quick and correct measure of soaked CBR value plays a vital part. 

In this study efforts have been made to develop a correlation between soaked 

CBR and unsoaked CBR for lean clay. The findings of the investigation are as 

follows: 

 A regression equation has been developed to relate soaked CBR with un-

soaked CBR for lean clay based on the laboratory test results. The equation 

is as follows: 

Y=0.7561X
0.9578

, [R
2
=0.9404]  

         Where, Y = Soaked CBR Value 

                      X = Unsoaked CBR Value 

 Comparison has been made with similar equation developed by Sathawara 

and Patel
 [1]

 and the results from this investigation closely resemble their 

findings. 

Additional number of soil samples can be tested for further refinement of de-

veloped model. The same procedure of the investigation can be used for other 

types of soils to develop a correlation of soaked and unsoaked CBR values 

which can be used in the practical works with great convenience. 
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Abstract. The Dynamic Probing Light (DPL) is a portable dynamic cone pene-

tration test which is usually used for in situ measurement of resistance of cohe-

sionless soil. An effort has been taken to establish a relationship between relative 

density and dynamic cone resistance of cohesionless soil measured from DPL 

test. This relationship is important since the Sand Cone Method, a common test 

used for quality control of sand fill in Bangladesh, cannot be applied at deeper 

locations or, in saturated sand to determine field density of soil. A series of tests 

was carried out in the field at different depth level to determine the field density 

of soil using Sand Cone Method.  DPL test was performed then to determine the 

soil resistance at the adjacent location and depth where Sand Cone Method was 

applied. Field test results are compared with those from empirical approaches 

suggested by different researchers and codes in order to adopt a suitable ap-

proach. Based on field test results a new empirical correlation was suggested 

which can be used for similar soil where Sand Cone Method is not suitable. 

Keywords: Dynamic probing light, Sand cone method, Relative density, Cohe-

sionless soil, Dynamic cone resistance. 
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1 INTRODUCTION 

In Bangladesh, many construction works require well compacted sand fill to 

avoid foundation failure, excessive settlement and liquefaction in case of earth-

quake or any other vibration. To ensure the quality of compacted sand fill, rela-

tive density or density index
1
is the most appropriate index. Relative Density is 

defined as the state of compactness of a soil with respect to its loosest and dens-

est states. It is also used to indicate the strength characteristics of cohesionless 

soil. To determine the relative density of sand fill, some of the in situ tests such 

as dynamic probing, sand cone method etc. have been adopted. Sand Cone Meth-

od (ASTM D 1556-90, 2006) is commonly used in Bangladesh to determine the 

quality of sand bed near the top surface of fill. However, Sand Cone Method 

cannot be applied at deeper locations or, in saturated sand to determine field den-

sity of soil [1]. To address this issue, Dynamic Probing Light (DPL) (DINEN 

ISO 22476-2:2012-03)can be a feasible alternative test which is used for in situ 

measurement of resistance of cohesionless soil. However, an appropriate rela-

tionship between relative density and dynamic cone resistance of cohesionless 

soil measured from DPL test should be established to utilize its benefits.  

Since the resistance of cohesionless soil mainly depends on relative density, cor-

relation between relative density and dynamic cone resistance was established 

and available in the literature (Alam et al., 2014; Radaszewski and Wierzbicki, 

2011; EN ISO 22476, 2012). The proposed correlations are briefly presented in 

Table 1 which are applicable for clean sand only [1, 2, 3].  

The main objective of this paper is to establish an empirical correlation be-

tween density index and penetration resistance obtained from DPL for greater 

amount of fines (8-17%) present in sands. Therefore, a series of tests was carried 

out in the field at different depth level to determine the field density of soil using 

Sand Cone Method.  DPL test was performed then to determine the soil re-

sistance at the adjacent location and depth level where Sand Cone Method was 

applied. Field test results are compared with those from empirical approaches 

suggested by different researchers and codes in order to adopt a suitable approach. 

 

2 SAND COMPACTION TESTS 

2.1 Sand-Cone Method (ASTM D1556) 

The sand cone device consists of plastic jar with a metal cone attached at its top 

(Figure 1). The jar is filled with uniform dry Ottawa sand. The combined weight 

of the jar, the cone, and the sand filling the jar is determined. In the field, a small 

hole is excavated in the area where the soil has been compacted. After excavation 

of the hole, the cone with the sand–filled jar attached to it is inverted and placed 

over the hole (as shown in Figure 1). Sand is allowed to flow out of the jar to fill 

                                                 
1 The terms-‘Relative Density’ and ‘Density Index’ will be used synonymously in this paper. 
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the hole and the cone. Then the combined weight of the jar, the cone, and the re-

maining sand is determined. The volume of the excavated hole is obtained from 

the weight of Ottawa sand filling that hole. Some soil sample is collected from 

the hole to measure the in situ water content which is used to determine the field 

dry density of soil.  

Table 1: Correlation between soil resistance parameters and density index of soil 

1                 
           

               Alam et.al. (2014) 

2                + 0.071 
Radaszewski and 

Wierzbicki (2011) 

3 
                   (above groundwater) 

                  (below groundwater) 

EN ISO 22476-2:2012-

03 

 

Where, 

Dr (%)= Relative Density = (
       

         
)  (

    

  
)      

   = Field dry density of sand deposit 

     = Maximum index density 

     = Minimum index density 

  =  Density Index = 
  

   
 

N10 =Number of blows per 10 cm of penetration 

Pindex=Penetration rate of cone in mm/blow 

2.2 Dynamic Probing Light (DPL) (DINEN ISO 22476-2:2012-03) 

Typical arrangement of Dynamic Probing Light is shown in Figure 2. First, the 

arrangement for dynamic probing light test is kept upright position with ground 

surface at the desired location where density index is to be determined. To drive 

a pointed probe (cone) attached at the tip of the extension rod (Figure 2), a ham-

mer of mass 10 kg and a height of fall 50 cm are used. The hammer strikes on 

anvil which is rigidly attached to extension rods. Penetration of cone was record-

ed for every blow of hammer. The penetration resistance of soil is usually de-

fined by two parameters, N10 and Pindex. N10 is the number of blows per 10 cm of 

penetration of dynamic cone and Pindex is the penetration rate of cone in mm/blow. 

After proper calibration, the results of dynamic probing can be used to get an in-

dication of engineering properties, e.g. relative density, compressibility, shear 

strength, consistency etc. Specification of DPL used in the research is shown in 

Figure 2. DPL can be used up to 8m depth. 
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Figure 1: Field density determination 

using sand cone method [4] 

 

 
 

 

Figure 2: Schematic diagram showing 

arrangement for test with Dynamic 

Probing Light (DPL) [1] 

 

3 MATERIAL AND METHODOLOGY 

The Sand Cone Method and Dynamic Probing Light tests were done at 10 loca-

tions of the site at Gonokbari, Savar, Dhaka. The Sand Cone test and DPL test 

was performed at adjacent points of at least 2 feet distance apart. The depth of 

Sand Cone test was selected within the mid depth range of DPL test. Soil sample 

was collected from each of the 10 locations to perform some other necessary la-

boratory tests e.g., grain size analysis (ASTM D422), maximum and minimum 

index density (ASTM D4253 & D4254) and modified proctor test (ASTM 

D1557). A typical grain size distribution graph of the soil from test spot no. 9 is 

shown in the Figure 3. Some other index properties of the sand used in this study 

are summarized in Table 2. The field density obtained from Sand Cone Method 

was used to determine the relative density of soil at each test location. Then Pen-

etration resistance was measured from DPL test. A typical graph of number of 

blows vs. cone penetration of DPL is illustrated in Figure 4 for test spot no 2, 

where the procedure of determining N10 and Pindex is also shown. This data was 

used to develop a correlation between penetration resistance and relative density 

of soil.  

 



R. Jadid, I.N. Chowdhury and M. F. Alam 

 

778 

 

 
 

Figure 3: A typical Grain size distribution graph of sands used in the study 

Table 2: Index Properties of sands used in the study 

Property Characteristic value 

Fineness modulus 0.67-0.79 

Fines,% (passing #200 sieve) 8-17% 

Maximum Index density, dmax (kN/m
3
) 17.4 

Minimum Index density, dmin (kN/m
3
)   11.6 

 

 
 

Figure 4: Typical plot of number of blows vs. cone penetration for sand used in 

the study. 
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4 RESULTS AND DISCUSSIONS 

The test results obtained from Sand Cone Method and DPL tests are summarized 

in Table 3.Figure 5 represents the variation of density index obtained from sand 

cone method with logarithm of penetration resistance parameter, N10. Density 

index increases with the increase of N10 as expected. Based on Figure 5, the fol-

lowing empirical equation was proposed to predict density index when penetra-

tion resistance parameter (N10) is known from DPL test.  

 

Id   =  0.409 log N10 +  0.203(4) 

 

For comparison, density index of soil was calculated from penetration resistance 

parameters obtained from DPL tests using different empirical approaches (Table 

1) and presented with in situ density index from Sand Cone Method in Figure 

6.Density index of soil by Radaszewski and Wierzbicki’s (2011)empirical equa-

tion shows close agreement with in situ test results. Whereas empirical equation 

of EN ISO 22476predicts lower density index than the in situ test results and 

equation of Alam et al. (2014) overestimates the density index.  

Table 3: Summary of test results 

Test Spot 

No 

Depth of Penetration 

from EGL (mm) 
Fines (%) Id* (%) N10 

Pindex 

mm/blow 

1 0 to 544.7 13 0.80 17 6.04 

2 300 to 878.4 8 0.68 19 5.26 

3 450 to 1047.9 17 0.70 20 4.90 

4 450 to 704.5 8 0.79 25 4.05 

5 450 to 652.4 13 0.82 31 3.26 

6 600 to 936.2 12 0.83 42 2.38 

7 600 to 979.2 13 0.83 46 2.18 

8 700 to 969.8 12 0.86 53 1.89 

9 450 to 782.1 13 0.87 55 1.82 

10 625 to 1000.1 17 1.09 61 1.63 

* Obtained from Sand Cone Method 
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Id   =  0.409 log N10 +  0.203

R² = 0.593
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Figure 5: Variation of density index with logarithm of N10 
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Figure 6: Comparison of density index from different empirical approaches and 

from sand cone method 

 



Correlation between dynamic cone resistance and relative density of sand 

 

781 

 

5 CONCLUSIONS 

Based on field test results, the following conclusions are made: 

i. An empirical equation is proposed between Density Index and penetra-

tion resistance parameter N10from DPL test, which is applicable for sand 

with greater fine contents (8-17%). 

ii. The authors found that Radaszewski and Wierzbicki’s (2011) empirical 

equation showed close agreement with the test results. 

iii. Resistance of sand increases with density index. 
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Abstract. An extensive numerical analysis is carried out on the slope stability of 

earthen embankments subjected to different seismic loading using the computer 

program XSTABL. The program calculates the factor of safety by simplified 

Bishop’s method, based on two dimensional limiting equilibrium analyses. The 

embankment cross section is assumed to be homogenous and isotropic, which is 

a quite common practice in our country. The height of the slope of the 

embankment is considered 4m, 8m and 12m with a slope angle of 15°, 30°, 45° 

and 60°. Constant water table has been at height of crest, mid height and at toe. 

The un-drained shear strength parameter c has been considered 5kPa to 30kPa 

with 5kPa interval. Pseudo-static limiting equilibrium analysis is performed to 

study the effect of ground motion generated by earthquakes on the embankments. 

The cases of 0.15g and 0.25g peak ground acceleration are considered. Finally, 

a relation has been established between the stability of slope height, slope angle, 

cohesion intercept and seismic coefficients. These relations can be used to 

establish design charts for future embankment construction. 

Keywords: Homogeneous clay, Un-drained shear strength, Bishop’s method, 

seismic loading, Pseudo-static analysis 
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1 INTRODUCTION 

Bangladesh is situated in a high seismic region. Several earthquake heavy 

magnitudes have visited Bangladesh in recent past with epicenters within 

Bangladesh or close to Indo-Bangladesh border. Most of these earthquake 

occurred in the month of June to August, which is time of monsoon. As a result, 

earthquake may cause significant failures and movement of natural slopes, 

embankments and earth dames with high water table and can cause flood. 

In Bangladesh, mostly available soils are clay in nature with high plasticity. 

So, it is hoped that, this simple analysis of seismic slope stability by homogenous 

clay soil might be helpful for rapid assessment of slope stability for flood control 

embankments in Bangladesh. 

2 INPUT DATA 

This section is divided into the following parts: 

2.1  Embankment Geometry 

The height of the embankment is detected by maximum flood level and wave 

height. Height considered here are 4m, 8m and 12m. A minimum freeboard of 

0.6m is desired in Bangladesh condition
[1]

, but in this study, extreme cases have 

been considered (e.g. water table at toe, at mid point and at crest). Considering 

the possible critical embankment slopes in Bangladesh, slope angles are taken as 

15°, 30°, 45° and 60°. 

2.2  Soil Parameters 

The embankment is assumed to be homogenous, isotropic and without any 

drainage filters. As the embankment material is cohesive, only values of shear 

strength parameter c (cohesion intercept) are considered and they are 5kPa to 

30kPa with a 5kPa interval.  The moist and saturated unit weights of soil are 

taken as 18kN/m³ and 20kN/m³ respectively. 

2.3  Seismic Cases Considered 

According to the seismic zoning map of Bangladesh
[2]

, it has been found that 

zone 2 and zone 3 have peak ground acceleration of 0.15g and 0.25g 

respectively. So, the horizontal coefficients have been considered 0, 0.15 and 

0.25. As the vertical coefficient has been less significant on the factor of safety 
[3]

since it reduces both the driving force and resisting force. 
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Figure 1: Schematic diagram of earthen embankment 

3 METHODOLOGY 

The two dimensional limiting equilibrium slope stability program XSTABL was 

used to conduct the numerical study. Soil parameters are provided in the soil 

parameter section. Each type of soil is described by moist unit weight, saturated 

unit weight, Mohr-Coulomb cohesion intercept and water surface index. The 

water table was chosen in the water surface index. The co-ordinates of water 

table were provided in the software. 

The circular surface search was chosen for Bishop’s simplified method
[4]

of 

stability analysis. 20 failure surfaces were generated from 10 initiation point for 

each section analysis. The range of initiation and termination point was also 

provided. 

The use of coefficients allowed for a Pseudo-static representation 
[5]

of 

earthquake effects within the limiting equilibrium model. Specified horizontal 

coefficients were used to scale the horizontal components of earthquake force 

relative to the weight of sliding mass. 

4 RESULT  

The following section shows the result of the analysis in tabular form: 
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Table 1: Factor of safety for Kh=0 condition (for slope angle 60° and 45°) 

Table 2: Factor of safety for Kh=0 condition (for slope angle 30° and 15°) 

Table 3: Factor of safety for Kh=0.15 condition (for slope angle 60° and 45°) 

C Factor of Safety 

 Slope 

angle 

.577H:1V(tan60°) 1H:1V(tan45°) 

 Height H=4m H=8m H=12m H=4m H=8m H=12m 

 Free 

Board 

4m 2m 0m 8m 4m 0m 12m 6m 0m 4m 2m 0m 8m 4m 0m 12m 6m 0m 

5  0.734 0.777 1.016 0.561 0.59 0.723 0.405 0.43 0.546 0.901 0.934 1.233 0.647 0.662 0.833 0.548 0.565 0.694 

10  1.124 1.215 1.685 0.769 0.796 1.036 0.591 0.617 0.786 1.337 1.456 2.011 0.887 0.945 1.245 0.731 0.761 0.976 

15  1.508 1.665 2.356 0.947 1.004 1.352 0.722 0.762 1.006 1.777 1.981 2.796 1.12 1.229 1.662 0.89 0.959 1.261 

20  1.894 2.095 3.023 1.126 1.212 1.671 0.846 0.907 1.227 2.221 2.509 3.585 1.355 1.496 2.048 1.051 1.157 1.547 

25  
2.28 2.536 3.661 1.307 1.422 1.991 0.971 1.053 1.45 2.666 3.039 4.377 1.591 1.724 2.408 1.213 1.32 1.785 

30  2.666 2.977 4.301 1.488 1.632 2.312 1.097 1.198 1.673 3.113 3.57 5.116 1.817 1.973 2.769 1.375 1.48 2.025 

C Factor of Safety 

 Slope 

angle 

1.732H:1V(tan30°) 3.73H:1V(tan15°) 

 Height H=4m H=8m H=12m H=4m H=8m H=12m 

 Free 

Board 

4m 2m 0m 8m 4m 0m 12m 6m 0m 4m 2m 0m 8m 4m 0m 12m 6m 0m 

5  1.152 1.173 1.552 0.873 0.915 1.157 0.761 0.768 0.949 1.67 1.88 2.452 1.339 1.347 1.728 1.216 1.217 1.524 

10  1.643 1.76 2.422 1.121 1.217 1.584 0.988 1.018 1.298 2.145 2.463 3.281 1.632 1.725 2.279 1.418 1.481 1.934 

15  2.135 2.329 3.274 1.371 1.509 2.002 1.151 1.22 1.585 2.616 3.032 4.111 1.893 2.052 2.745 1.613 1.722 2.275 

20  2.579 2.857 4.07 1.622 1.8 2.422 1.313 1.421 1.873 3.087 3.601 4.941 2.144 2.376 3.211 1.795 1.944 2.595 

25  
2.994 3.386 4.842 1.874 2.085 2.83 1.476 1.614 2.161 3.557 4.17 5.766 2.383 2.699 3.671 1.964 2.159 2.899 

30  3.408 3.916 5.575 2.123 2.361 3.228 1.639 1.799 2.438 4.027 4.739 6.552 2.621 3.023 4.091 2.127 2.375 3.199 

C Factor of Safety 

 Slope 

angle 

.577H:1V(tan60°) 1H:1V(tan45°) 

 Height H=4m H=8m H=12m H=4m H=8m H=12m 

 Free 

Board 

4m 2m 0m 8m 4m 0m 12m 6m 0m 4m 2m 0m 8m 4m 0m 12m 6m 0m 

5  0.602 0.608 0.708 0.446 0.457 0.498 0.39 0.515 0.662 0.733 0.721 0.857 0.538 0.552 0.623 0.432 0.423 0.464 

10  0.926 0.968 1.16 0.63 0.626 0.729 0.555 0.773 1.051 1.099 1.137 1.161 0.786 0.782 0.845 0.602 0.592 0.692 

15  1.251 1.302 1.347 0.781 0.797 0.964 0.722 1.036 1.363 1.269 1.302 1.348 0.953 0.967 1.069 0.738 0.753 0.89 

20  1.406 1.451 1.51 0.934 0.968 1.201 0.891 1.277 1.531 1.406 1.451 1.512 1.121 1.141 1.254 0.876 0.889 1.04 

25  
1.541 1.595 1.665 1.087 1.141 1.38 1.06 1.418 1.698 1.542 1.596 1.667 1.241 1.293 1.389 1.014 1.014 1.176 

30  1.677 1.738 1.819 1.241 1.314 1.515 1.23 1.551 1.864 1.677 1.74 1.822 1.347 1.413 1.524 1.125 1.139 1.298 
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Table 4: Factor of safety for Kh=0.15 condition (for slope angle 30° and 15°) 

Table 5: Factor of safety for Kh=0.25 condition (for slope angle 60° and 45°) 

Table 6: Factor of safety for Kh=0.25 condition (for slope angle 30° and 15°) 

C Factor of Safety 

 Slope 

angle 

1.732H:1V(tan30°) 3.73H:1V(tan15°) 

 Height H=4m H=8m H=12m H=4m H=8m H=12m 

 Free 

Board 

4m 2m 0m 8m 4m 0m 12m 6m 0m 4m 2m 0m 8m 4m 0m 12m 6m 0m 

5  0.856 0.811 0.928 0.658 0.63 0.691 0.576 0.53 0.581 0.925 0.92 0.958 0.777 0.73 0.765 0.712 0.656 0.682 

10  1.116 1.134 1.167 0.846 0.838 0.917 0.717 0.695 0.757 1.117 1.138 1.178 0.925 0.915 0.96 0.826 0.798 0.854 

15  1.268 1.298 1.344 1.007 1.022 1.106 0.84 0.822 0.912 1.274 1.306 1.358 1.047 1.057 1.117 0.933 0.922 0.998 

20  1.407 1.453 1.516 1.137 1.177 1.262 0.952 0.949 1.063 1.418 1.467 1.531 1.166 1.187 1.267 1.03 1.04 1.141 

25  
1.543 1.598 1.671 1.249 1.305 1.407 1.054 1.076 1.207 1.557 1.615 1.689 1.269 1.305 1.4 1.126 1.154 1.269 

30  1.68 1.743 1.827 1.358 1.428 1.546 1.147 1.193 1.34 1.696 1.763 1.847 1.371 1.421 1.529 1.221 1.268 1.392 

C Factor of Safety 

 Slope 

angle 

.577H:1V(tan60°) 1H:1V(tan45°) 

 Height H=4m H=8m H=12m H=4m H=8m H=12m 

 Free 

Board 

4m 2m 0m 8m 4m 0m 12m 6m 0m 4m 2m 0m 8m 4m 0m 12m 6m 0m 

5  0.53 0.528 0.577 0.368 0.389 0.389 0.3 0.297 0.312 0.649 0.621 0.625 0.473 0.473 0.466 0.374 0.355 0.366 

10  0.775 0.77 0.761 0.559 0.543 0.599 0.435 0.42 0.454 0.774 0.769 0.762 0.67 0.64 0.638 0.527 0.509 0.549 

15  0.873 0.879 0.885 0.695 0.695 0.764 0.532 0.529 0.597 0.873 0.879 0.886 0.762 0.763 0.768 0.659 0.653 0.66 

20  0.966 0.976 0.989 0.834 0.848 0.863 0.63 0.638 0.74 0.966 0.976 0.99 0.843 0.852 0.874 0.747 0.752 0.772 

25  
1.059 1.072 1.09 0.919 0.936 0.961 0.728 0.748 0.86 1.059 1.072 1.091 0.92 0.939 0.968 0.819 0.829 0.868 

30  1.152 1.168 1.191 0.995 1.017 1.054 0.827 0.858 0.949 1.152 1.169 1.192 0.997 1.021 1.06 0.89 0.907 0.955 

C Factor of Safety 

 Slope 

angle 

1.732H:1V(tan30°) 3.73H:1V(tan15°) 

 Height H=4m H=8m H=12m H=4m H=8m H=12m 

 Free 

Board 

4m 2m 0m 8m 4m 0m 12m 6m 0m 4m 2m 0m 8m 4m 0m 12m 6m 0m 

5  0.652 0.64 0.627 0.543 0.512 0.518 0.485 0.431 0.434 0.651 0.641 0.632 0.585 0.547 0.539 0.547 0.494 0.49 

10  0.77 0.766 0.767 0.672 0.664 0.661 0.598 0.56 0.564 0.769 0.767 0.773 0.686 0.663 0.666 0.631 0.6 0.615 

15  0.872 0.876 0.882 0.763 0.766 0.782 0.682 0.663 0.678 0.875 0.88 0.891 0.777 0.76 0.772 0.713 0.694 0.72 

20  0.966 0.976 0.992 0.846 0.856 0.883 0.761 0.758 0.791 0.969 0.981 1 0.858 0.853 0.876 0.792 0.785 0.819 

25  
1.059 1.073 1.093 0.926 0.945 0.98 0.835 0.845 0.895 1.064 1.08 1.102 0.934 0.936 0.968 0.864 0.866 0.908 

30  1.152 1.17 1.195 1.004 1.03 1.072 0.909 0.932 0.989 1.159 1.178 1.205 1.009 1.017 1.054 0.934 0.946 0.997 
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Some sample graphs are plotted from the above data: 

 

 

 

 

 

Figure 2: Factor of safety vs cohesion of clay (Kh=0, slop angle 30°, slope height 

8m) 

 

 

 

 

 

 

 

 

 

Figure 3: Factor of safety vs earthquake coefficient Kh (slope angle 30°, slope 

height 8m, Freeboard 8m) 
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Figure 4: Factor of Safety vs slope Height (Kh=0, slope angle= 45°) 

 

Figure 5: Factor of safety vs slope angle (Kh=0.00, H=12m, Freeboard=12m) 
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5 DISCUSSIONS 

5.1  Effect of Soil Parameters 

In this analysis, only the cohesion parameter has been changed frequently but the 

moist and saturated unit weight remained constant in all analysis. From Figure 1, 

it is found that, the factor of safety increases with the increment of cohesion. But 

with the increase of value of earthquake coefficient (e.g. kh =0.15 or 0.25), the 

factor of safety does not change significantly with the change of freeboard for the 

same cohesive soil. 

5.2  Effect of Horizontal Earthquake Coefficients 

As the numerical study was conducted on three seismic conditions (e.g. Kh=0, 

0.15 and 0.25), the results has been plotted against the Kh value in Figure 2. It is 

found that the factor of safety reduces with the increment of Kh value.  

5.3  Effect of Slope angle 

Figure 3 shows the change of factor of safety against the change of slope angle. 

In all cases of no earthquake condition and in most cases of earthquake loading, 

the factor of safety decreases with the increase of slope angle. This is because the 

increase in slope angle, α increases the driving force, hence reduces the factor of 

safety. But in cases of high seismic coefficients, the factor of safety does not 

fluctuate much with the change of slope angle.  

5.4  Effect of Slope Height  

The effect of slope height on stability of the embankment has been shown in 

Figure 4. It is found that the factor of safety is reducing with the increase of slope 

height. The steep height of slope increases the length of the failure surface 

resulting in increase of resisting force. But the weight of the sliding block also 

increases which increases the driving force. Ultimately, the factor of safety 

reduces with height. 

6 CONCLUSSIONS 

The main conclusions of this study may be summarized as follows: 

 The factor of safety reduces with the slope height. So, too high slope 

construction should be prohibited. 

 If all parameters remain same, the factor of safety reduces 2 to 3 times 

for high embankments during earthquakes. 

 In many cases, it has been found that the stability reduces in an 

incredible manner in flatten slopes during earthquakes. So, adequate 
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control should be undertaken also in construction of a flatten 

embankment. 

 In this study, the stability of embankment increased with the rise of water 

table. Though in practical cases, this phenomenon never occurs. This is 

because the un-drained shear strength of clay soil was considered.  
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Abstract. Conventional methods for determining the moisture content, liquid 

limit and plastic limit of soil are tedious, time consuming and expensive in nature. 

But these properties have vital effects on the foundation of any type of structure. 

Among all geophysical methods, soil electrical resistivity measurement is one of 

the convenient one. In this study samples were collected from four locations at 

Universiti Kebangsaan Malaysia (UKM) to conduct sieve analysis, liquid and 

plastic limit test using Cone penetration and Rolling Thread test. Soil electric 

resistivity has non-linear inversely proportional relationship with water content. 

From the transition point of steep and gentle gradient plastic limits and from the 

transition point of gentle gradient and saturation line, liquid limits of soil are 

determined. Predicted liquid limits and plastic limits of soil were compared with 

the values obtained from conventional tests. The difference between the liquid 

limit and plastic limit predicted from the resistivity method were found to be 3.30% 

- 15.53% and 6.47% - 17.97% in comparison to the conventional method [1]. 

 

Keywords: Soil electrical resistivity, Percentages of water, Liquid limit, Plastic 

limit. 
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1 INTRODUCTION 

Soil investigation is very important for the construction of foundations for any 

structure. During the preparation of soil for any type of foundation, a certain lev-

el of compaction is required. On the other hand liquid and plastic limit test is one 

of the most commonly used tests of soil. As so many mechanical properties such 

as cohesion, penetration resistance etc are involved with the consistency limit of 

soil, these are very important content of soil investigation report [2]. The conven-

tional methods for measuring the liquid limit and plastic limit of soil are expen-

sive, time consuming and tedious in nature [3]. For reducing these types of 

obstacles, geophysical methods can be better alternatives. But these methods are 

not properly established yet. Among all geophysical methods electrical resistivity 

is a fast, overall cheap and comparatively less time consuming method. Also it is 

an effective tool for acquiring subsurface properties without soil disturbance. 

2 BACKGROUND OF THE STUDY 

Abu-Hassanein and Benson studied liquid limit and plasticity index of soil. It 

was shown that, fine soil with high liquid limit has lower electrical resistivity. 

Also some exceptions were found when higher percentages of coarse-size parti-

cles were involved in the analysis [4].  

In 2012, a new technique was developed by Chik and Islam for the determina-

tion of plastic limit of soil from the correlation between soil resistivity and mois-

ture content of soil [5]. Almost similar results were observed between the plastic 

limit values of conventional method and proposed technique. After one year, sim-

ilar type of study was conducted by Osman, Siddiqui and Behan. In that study 

silty sand and poured sand was considered for both laboratory and field test [6]. 

Recently a study was performed by Abu zeid, Hassan and Abu Bakr, where soil 

samples were mixed with various ratios of Bentonite. Then the plastic limit and 

electrical resistivity of the soil samples was measured to study about the relation-

ships between soil resistivity and plastic limit of soil mixed with various ratios of 

Bentonite. 

3 METHODOLOGY 

The soil sample for laboratory tests was collected from a four different locations 

of University Kebangsaan Malaysia (UKM), Malaysia. The gradation of these 

soil samples was illustrated as grain size distribution graph (Figure 1). 

According to BS 1377, soil sample was sieved through 425 µm (No. 40) to 

obtained 250 gm of soil to produce homogeneous soil paste in a porcelain bowl. 

Soil paste was poured into the cup using a spatula. The excess amount of soil was 

striked off to make a smooth flat surface level with the rim of the cup. After that 

the cup was placed centrally under the cone as shown in the Error! Reference 

source not found..  
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Figure 1:  Sieve analysis of different type and gradation of soil 

     The penetration of the cone penetrometer was measured and recorded from 

the dial gauge. The soil paste was extracted from the cup and poured into a 

circular plastic box of 9 cm in radius was used for measuring soil electric 

resistance using four probe FLUKE 8846A precision multi-meter as shown in the 

Error! Reference source not found.. 
During the measurement of soil electrical resistivity, the distance between the 

probes was 1 cm from each other. Total procedures were repeated for the soil 

sample mixed with increasing amount of water. Water was added with soil 

samples in such a way that the range of penetration values remain between 16 

mm and 26 mm.  

(a) (b) 

(c) (d) 
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Figure 2:  Measurement of soil liquid limit using cone penetrometer 

 

Figure 3: Measurement of soil electrical resistance in circular plastic box 

 

For determination of plastic limit of soil 20gm soil passed through No. 40 (425 

µm) sieve. Water was mixed with soil sample in the porcelain bowl. About 8 gm 

was taken in the glass plate for rolling. Then the mass of soil was rolled with a 

sufficient pressure to form threads of uniform diameter. The rolling rate of soil 

mass was approximately 80-90 strokes per minute. Rolling was continued until 
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the diameter of the thread reaches 3.2 ± 0.5 mm. Sometimes thread breaks into 

shorter segments before reaching 3.2 mm diameter. 

Finally the crumbled threads of soil were kept in a container and covered with 

plastic to preserve the moisture. This procedure was continued until 10 gm of soil 

sample was accumulated. Then soil sample was weighted and inserted into the 

oven for drying.  
The rest of the dry soil sample (sieved through 425 µm or No. 40 sieve) was 

mixed with the exact water content of corresponding to plastic limit. Then it was 

poured in the similar sized circular plastic box that was used in liquid limit test. 

Finally four probe FLUKE 8846A precision multi-meter was used to measure 

soil resistivity. The distance between the probes was 1 cm from each other. For 

measuring precise resistivity value, an average of 5 trials was considered. 

4 RESULT AND DISCUSSION 

From the graphs of electrical resistivity vs. moisture content of soil (Figure 4) it 

can be observed that, soil resistivity decreases rapidly with increasing moisture 

content of soil. In this stage, soil particles get saturated by moisture content. So 

the conductivity of soil increases dramatically with the increase of small amount 

of moisture content. 

 

After a certain level of water contents, the soil resistivity decreases gently with  

     After a certain level of water contents, the soil resistivity decreases gently 

with increasing of water contents in soil sample. The moisture content at transi-

tion point of steep and gentle gradient can be considered as plastic limit of soil. 

At final stage, the soil resistivity almost achieves the state of saturation. In this 

Figure Error! No text of specified style in document.: Common trend line of 

the graph of moisture content vs. soil electrical resistivity to predict liquid and 

plastic limit of soil 

Steep gradient 

Saturation Zone 
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stage soil resistivity does not change considerable amount with the change of 

moisture content. The moisture content at transition point from gentle slope to 

saturation state indicates liquid limit of soil. 

The predicted liquid limits and plastic limits of all four samples are shown in 

graphs (Figure 5) between soil resistivity and moisture content.  

 

 

 

     It was observed that liquid limits and plastic limits of soil, obtained from con-

ventional tests and the relationship between soil resistivity and moisture content 

are quiet similar with each other. Both predicted liquid and plastic limits are 

higher than the liquid and plastic limits of soil obtained from the conventional 

tests. Maximum errors of liquid and plastic limits between the predicted and ac-

tual values are 15.53 % and 17.97 % respectively.    

Figure 5: Graph of soil electrical resistivity vs. moisture content of soil for pre-

dicting liquid and plastic limit of soil 

(c) (d) 

(a) (b) 
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Table 1: Liquid limit and plastic limit of soil from laboratory test and 

resistivity vs. moisture content graphs 

 

Sample 

Actual (from 

laboratory 

tests) 

Predicted (from the graphs 

between soil resistivity 

and moisture content) 

Percentage error 

between actual and 

predicted value 

Liquid 

Limit  

(%) 

Plastic 

Limit 

(%) 

Liquid 

Limit 

(%) 

Plastic Limit 

(%) 

Liquid 

Limit 

(%) 

Plastic 

Limit 

(%) 

Well grad-

ed sand 
38.1 25.2 41.9 27.9 9.97 10.71 

Poorly 

graded sand 
36.4 21.7 37.6 25.6 3.30 17.97 

Well grad-

ed gravel 

with sand 

33.8 20.1 35.0 21.4 3.55 6.47 

Poorly 

graded 

gravel with 

silt 

43.8 28.2 50.6 31.3 15.53 10.99 

 

5 CONCLUSION 

Among all other geophysical methods, electrical resistivity measurement is more 

convenient. Because less mechanical works involve in this method. From the 

trend of soil electrical resistivity vs. moisture content graph liquid limit and plas-

tic limit is calculated and compared with the laboratory test results. Minimum 

3.30% and maximum 17.97% error is found between the predicted liquid and 

plastic limits from the trend of soil electrical resistivity vs. moisture content 

graph and measured values in the laboratory. Sometime it is difficult to obtain the 

accurate soil electrical resistance because of the contact issues between soil parti-

cles and electrical probes. For this reason higher percentage of error in predicted 

and measured values was obtained.  
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Abstract. This study endeavors to highlight the performance of both bored and 

driven RCC pile in a reclaimed land of Dhaka city having weak soil of soft to 

medium consistency (SPT 2 to 11). The study site was selected in Mirpur Defense 

Officers’ Housing Scheme (M DOHS); plot no: 833; where bored pile was 

adopted. Capacity calculations of bored and driven pile by various methods have 

shown that driven pile achieves greater strength at comparatively shorter length 

with lesser geometric configuration than that of bored pile. The reduction in time 

(80%), labor and materials (40%) provide substantial cost savings (30%-40%). 

Users’ unawareness regarding this fact leads to the traditional adoption of bored 

RCC pile which is not always rational in terms of strength, economy and time as 

well. The finding of this study thus reveals an economic solution to the general 

foundation system of this area. The study is primarily based on static analysis for 

simplification. The result can safely be utilized in the soils identical to selected 

site and help economizing foundation design to a greater extent. 
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1 INTRODUCTION 

Dhaka city is gradually expanding on reclaimed sites due to rapid urbanization 

and scarcity of original land areas. Almost all reclaimed lands of the city are 

underlined by dredged fill of silty sand which is vulnerable to long term 

consolidation[1]. Soils of reclaimed sites are basically soft to medium 

consistency in nature and necessitate deep foundation. In Dhaka city bored pile is 

a commonly adopted deep foundation system. The choice of driven pile as deep 

foundation system is seldom noticed in construction practices. Traditionally used 

bored pile has a number of limitations that leaves very narrow scope to the users 

and designers to optimize the cost vis-à-vis maintaining standard safety and 

quality. 

 On the other hand, driven piles, in particular, have been a preferred 

foundation system because of their relative ease of installation, low cost and a 

better control of quality (QC) performance. They are easily adaptable to variable 

site conditions thus eliminates uncertainty due to site variability mainly in 

reclaimed lands. 

 For reclaimed land of Dhaka city such as Mirpur DOHS no significant 

performance study between bored and driven pile has been reported in the recent 

past. Ahmed et. al [2] studied the dynamic stiffness of laterally loaded Pile 

foundation in M DOHS Soil, Ariful  et. al [3] studied the ultimate load capacity 

of axially loaded vertical piles from 20 full scale load test at different parts of 

Bangladesh, Amin et. al [4] studied the Performance of bored cast-in-situ RCC 

piles in Bangladesh. None of them primarily focuses on driven piles reliability, 

strength and economy over bored pile. 

2 DEVELOPMENT OF CASE STUDY 

Rapid urbanization of Dhaka city is progressing towards north by indiscriminate 

filling of low-lying areas mostly by dredged fills                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                             

where deep foundation remains a better choice to the foundation designers. 

Mirpur DOHS is a classic example of reclaimed land filled with silty sand 

underlined by predominant clay layer. Here commonly adopted deep foundation 

type is RCC bored piles. This site (Figure-1) is an appropriate place to study the 

comparative cases of deep foundation alternative, i.e., bored and driven. A short 

bored pile survey at few plots of M DOHS as presented in Table-1 shows that 

about 36 to 47 piles are available in a typical 268 sqm (4 Katha) plot where 

maximum seven storied RCC building was constructed. The length of the pile 

varies from 65ft to 85ft with a diameter of 20” (500mm). 
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Figure 1: Location of study area, Mirpur DOHS 

 

Table-1: Survey of bored piles (RCC, dia=20”) at few plots in M DOHS 

 

2.1  Methodology 

This study was systematically planned under the broad heads illustrated by the 

Figure-2. After site selection (plot no: 833, MDOHS, marked by coordinate 

points in Figure-1) comprehensive soil characterization was done through field 

and laboratory tests. Field investigations were performed in the form of SPT 

following standard test method ASTM D1586. Wash boring technique was used 

for SPT. Disturbed and undisturbed samples were collected from borehole and 

SPT N-values were recorded at a depth of every 1.5m interval.  The boring was 

conducted up to 30m depth in respect to Existing Ground Level (EGL). Collected 

soil samples were then tested in the MIST laboratory. Few locally conducted SPT 

results were also collected from some of the plots shown in the Table-1 after 

proper verification including random laboratory tests of collected soil samples 

from there.  

Serial Plot No. Area (Square 

Meters) 

Number of piles used 

(20” / 500mm Dia) 

Length (ft) of 

single pile  

1 833 268 44 85 

2 1059 268 42 75 

3 828 268 36 70 

4 847 268 37 85 

5 764A 268 47 65 

6 766A 536 86 75 

7 567 536 86 75 

8 554 536 65 65 

M DOHS 

Plot #833 

23°50’19”N latitude and 

90°22’9”E Longitude 
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Figure 2:  

2.2 Field and Laboratory Tests 

The result of subsoil investigation report by borelog data including field SPT N 

values with few photographs are shown in Figure-3. There are seven variable soil 

layers (L) marked chronologically from L1 to L7 in Figure-3.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure-3: Borelog data and subsoil investigation result summary with few field 

and laboratory working photographs. 

 

 

 

 

 

 

 

 

 

 

 

 
Figure-2 : Flow chart showing the sequence of work 
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Up to 9m depth (L2) soil is basically a filled deposit dominated by silty clay. L3 

contains organic matters. From L6 (clayey sand) greater penetration resistance 

begins and provides higher bearing capacity for foundation. Beyond 27m depth 

the soil exhibits higher SPT (N>=50). Laboratory tests of collected sample from 

each layer have been conducted for design calculation of both bored and driven 

pile. Basic laboratory tests include grain size analysis, Atterberg limit, specific 

gravity, direct shear and unconfined compression test etc. Test results are used to 

calculate the skin friction and end bearing of bored piles. For driven pile mainly 

SPT N value are employed for capacity calculation. 

3 RESULT AND DISCUSSION 

3.1  Calculation  

For axial capacity calculation of both bored and driven pile, properties of soil and 

piles are summarized in Table-2.For calculation of axial capacity of bored pile 

commonly used Reese and Wright (1977) and Modified Beta methods have been 

used. On the other hand axial capacity of driven pile has been calculated by only 

Meyerhof’s equation as this equation is generally found in close agreement with 

the field capacity observed in few cases in the nearby locations of selected site. 

Basic equations of all used bearing capacity calculation methods with names are 

presented in Table-3. Standard support reaction for a common unit of 2200sft 

five storied building has been considered. Axial capacity requirement of a 20” 

(500mm) diameter single pile for foundation is roughly considered as 70 ton 

based on a general data obtained from various sites of M DOHS area.  

 

Table 2: RCC Pile and Soil Property 

 

RCC Pile Property Soil Property 

Design Axial Load=833kN /m
2
 GWT = EGL 

Concrete’s compressive strength,  

fc ʹ = 1800 psi 

Wc =23% (Avg), Gs= 2.62 to 2.64 

Rebar yield strength, fy= 60 ksi Dry Density =1.4 to 1.52g/cc 

(1)  Bored Pile  Wet Density = 1.85 to 1.98g/cc 

Length, L = 90 ft LL=24%, PL=  18% (L1,L2 & L4) 

Diameter, D=20ʺ(circular dimension) Φ = 32
0
, 36.5

0
& 40

0
(L6, L7 and 

below) 
(2)  Driven Pile  

Square dimension (12”x12”),  

Driven method : Pressure system 

Su = 0.0625 N, (tsf) 
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Table 3: Formula used for calculation 

 

Bored Pile Formula Driven Pile Formula 

Ultimate Capacity, Qult=Qs (side 

shear) + Qb(end bearing) 

Where, Qs    ∑       
        

 fsi = unit side shear for the ithsoil layer, 

Li is the thickness of (or length of shaft 

in) the ith soil layer 

Di is the diameter of the shaft in the ith 

soil layer. 

 

Using Meyerhof’s Equations 

 

Structural Capacity, 0.30 f’c  Ac 

 

Skin Friction in Sand, 2 N α  As 

 

Skin Friction in Clay, 10 N α  As 

 

 

End Bearing in Sand, 400 N  Ab 

 

End Bearing in Clay, 140 N  Ab 

 

Where, 

 

Ac is Section Area, Friction Area is  

 

As, End Area is Ab,  

 

Minimum  f’c = 2500 psi (17.2 MPa) 

 

 

In Sand 

Reese and Wright (1977) 

fs = N / 34, for N ≤53 

fs=(N-53)/450 +1.6,for 53 < N ≤100 

Qb = 2/3 N for N ≤ 60 

Qb = 40 for N > 60 

Modified Beta Method 

fs= βσv
’
< 2.0 tsf, for 0.25 ≤ β ≤ 1.2 

where,β =1.5- 0.135 z
0.5 

for N > 15 

β = N/15 (1.5 - 0.135 z
0.5

) for N ≤ 15 

Also by Reese and O’Neill (1988) 

Qb = 0.6 N for N ≤ 75 

Qb = 45 for N > 75 

 

In Clay 

side shear, fs= α Su(Alpha method) 

( values of α are obtained from BNBC 

2012(draft) article 3.10.4.7.1 ) 

Qb = Nc Su ≤40 tsf 

Nc = 6 [1 + 0.2(Z/D)] ≤ 9 for Su> 0.25 

tsf 

Nc = 4 [1 + 0.2(Z/D)] ≤ 9 for Su< 0.25 

tsf 

(AASHTO, 1998) 

 

3.2   Result 

Using data of Table-2with Figure-3 and adopting the formulas presented in 

Table-3the axial capacity of both driven and bored pilewere calculated and a 

comparison is presented below in Table 4. 
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Table 4: Axial capacity comparison of both bored and driven pile 

 

Bored Pile Axial Capacity Driven Pile Axial Capacity 
 

For 90ft embedment length and 20”  

diameter RCC pile 
 

Qult= Qs (side shear) + Qb(end bear-

ing)=170+59=229 ton [Reese and Wright 

(1977)] 

Qult= 159+53=212 ton [Modified Beta] 

 

Adopted Capacity (ultimate) = 200 ton 

 

 

To achieve 200ton capacity us-

ing a 12”x12” RCC precast pile  

length required = 60ft 

3.3 Discussion 

From Table-4 it is clear that in place of a 20” RCC pile of 90ft, only a 12”x12” 

size of driven pile of 60ft length is sufficient against anticipated axial capacity. A 

30ft savings in length provides economy in labor, time, material and efforts as 

well. A quantity surveying reveals that currently per running feet material cost of 

bored pile is 967taka whereas that of driven pile is 892taka, hence 30% cost 

saving is achieved by only adopting a nontraditional mode of deep foundation of 

the area. Few more savings are quantified through different aspects as shown 

below in Table-5: 

 

Table 5: Comparison between bored and driven pile in M DOHS Plots 

 

Serial Subject Bored Pile Driven 

Pile 

Savings 

1. Required Pile length to support  

intended length 

90ft 60ft 30% 

2. Material Cost for 60ft length as 

per current market rate 

50,035 Tk 27,674 Tk 44.7% 

3. Driving/Boring time per day  1 to 2 10 to 15 80% 

 

3.4  Comparison 

Basing on above discussion a comparative analysis of pile system (as shown in 

Table-1) of the study area shows that for a plot of 268sqm (4Katha) 

approximately 40 bored piles are needed. According to the soil profile presented 

in the soil test report of corresponding plot it is observed that about 25 numbers 

of driven piles are sufficient to substitute those 40 piles. Hence approximately 38% 

of pile saving (in number) is achieved only by selecting driven pile system 
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instead of bored pile. The situation is almost similar for a 536 sqm (8Katha) plot 

too.  

 

Table 6: Comparison between bored and driven pile in M DOHS Plots 

 

Plot in 

sqm 

No. of Bored 

Pile used 

No. Driven pile 

required 

No.  Of pile 

Saving 

 

Remark 

268 40 25 38% Pile number 

Saving 

35~ 40 % 
536 65 40 39% 

 

 

Table 7: Comparison between length of bored and driven pile in M DOHS Plots 

 

Plot in 

sqm 

Length of bored pile 

used (20” RCC pile) 

Driven Pile length re-

quired to replace a 

bored pile (12”x12”) 

Length saving 

268 80 60 20% 

536 75 60 15% 

 

From above tables 6 and 7 it is quite evident that almost 20% to 40% savings can 

be achieved by only selecting a different method of deep foundation design 

instead of traditionally used bored pile. Unfortunately most foundation designers 

are unaware about this important fact in this area. Lack of authenticated subsoil 

investigation report coupled with noninvolvement of foundation designer in 

building’s design phase is a widely known cause of this problem. This study is 

thus an eye opener for the designer of this area. 

4 CONCLUSION 

Consistency of Mirpur soil is mostly medium to stiff which is suitable for deep 

foundation. Widely used deep foundation in Mirpur soil is bored pile. Current 

study shows that driven pile is more suitable than bored pile in terms of economy, 

strength, time saving and safety as well. Geotechnical considerations of 

foundation design in Mirpur soils are mostly ignored by common design 

engineers. Therefore, the choice of deep foundation remains within traditional 

concept of bored pile only. Driven pile system may increase the construction 

efficiency in terms time and economy. The performance of driven pile is found 

superior in all aspects where medium to stiff consistency soils are available. For 

soil of soft to medium consistency, driven pile is suggested in Mirpur DOHS soil 

subjected to site accessibility and technical support. Awareness should be raised 

amongst users and designers of Mirpur DOHS in selecting suitable pile 
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foundation type. It is to be noted that current study is based on static analysis 

only. Considerations for group efficiency with dynamic loading cases are ignored 

for simplicity.  
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Abstract. Driving along Cox’s Bazar Teknaf Marine Drive Road along the 

beach is one of prime attractions to the tourist in Cox’s Bazar beach. However, 

more than 20% of this beach along the road is suffering from severe problem of 

erosion. During 2009-2010, tropical storms caused severe beach erosion along 

the road; specially, in area Himchari of Cox’s Bazaar. This erosion caused many 

segments of the road in danger, threatened the Army Project Camp of Himchari 

and narrowed down the beach at several points. To prevent such damages, shore 

parallel geotextile tubes (geotubes) were installed. Geotubes were placed at the 

embankments of the roads coupled with T -head groynes into the sea to restore 

the sands. The scope of this paper is to present the effectiveness of geotubes as 

beach erosion control measures based on the case study of Himchari beach. It 

will also evaluate the success of T-head groynes layout of geotubes for beach 

restoration. Satellite images and ground observation data has been used for ana-

lyzing the result. Moreover, few faults have been identified regarding the appli-

cation of geotubes which severely damaged them and necessary guidelines have 

been put forward for future application. 

Keywords: Geotubes, Erosion control, Beach restoration. 



Geotubes for temporary erosion control and land restoration  

 

809 

 

1 INTRODUCTION 

With more than 100 km of sand, Cox's Bazar has the world's longest uninterrupt-

ed natural beach. Cox’s Bazar-Teknaf Marine Drive, an 80-km long road along 

the sandy beach was built to enable the tourists of home and abroad to enjoy the 

beauty of this spectacular beach. The Marine-drive road project is an exclusive 

development project in the communication sector of the coastal area of Bangla-

desh (Figure 1). This project possesses significant importance in the socio-

economic development as well as political and environmental implication of the 

country. Since the construction of the road, the beach has been facing acute prob-

lems of erosion with beach sand get washed off from the shore by waves and 

more than 20% of this beach along the road is affected by this erosion problem. 

During 2009-2010, tropical storms caused severe beach erosion along the road; 

specially, in Himchari area of Cox’s Bazar. The erosion also affected the Army 

camp situated near beach at Himchari and its adjacent areas during subsequent 

storms and gradual shoreline retreat. To prevent such damage, shore-parallel geo-

textile tubes (geotubes) were installed. However, very shortly it was observed 

that these geotubes got punctured/ failed due to wave action, human interference 

and were no longer effective to protect the beach from erosion. Afterwards geo-

tubes were laid in form of T-head groynes with the existing shore parallel geo-

tubes in two vulnerable portions of the project near Himchari to protect the road 

and restore the beach sand. This paper attempts to evaluate the effectiveness of 

geotubes as beach erosion control measures based on the case study of Himchari 

beach. It will also assess the success of T- head groynes of geotubes for beach 

restoration. 

 

 

 

 

Figure 1: Cox’s Bazar Teknaf Marine Drive Road. 
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2 LITERATURE REVIEW 

The Beach erosion is the removal of beach or dune sediments either by wave ac-

tion, tidal currents, wave currents, drainage or high winds. This phenomenon is 

observed for all the sandy beaches all over the world. Continuous beach erosion 

washes away beautiful beaches and also endangers the infrastructure built near 

those. Continuous erosion and failure of structures near beaches creates lots of 

environmental and economic problems by affecting the aquatic life and human 

beings. 

There are numerous ways in which beach erosion can be controlled. Pilarczyk 

[1] reported that coastal structures like seawalls, dikes, revetments provide direct 

protection to the beaches whereas groynes and offshore breakwaters provide in-

direct method of shore protection. It was further reported that geo-synthetic fami-

ly products like geotubes, geocontainers, geocurtains and other patented systems 

like reef balls, aqua reef (Hirose et al., [2]), prefabricated units, beach drainage, 

etc. have also been tried to contain the beach erosion due to their simplicity in 

placement and construction, cost effectiveness and for being environment friend-

ly.  

Koerner [3] reported that geotextile tubes can provide better protection for 

beach erosion. Geotextile tubes with diameters of up to 3m, made up of woven or 

knitted high strength fabric have been effectively used to control both inland and 

oceanfront erosion. Length of geotubes is decided based on ease in han-

dling/placing and sand filling. The main tubes are generally flanked by tubes of 

smaller diameters on upstream side which help in resisting lateral pressure. Also, 

it is required to provide cover to geotubes to protect them from degrada-

tion/damage. 

Shin et al. [4] had conducted pilot scale field tests to study the performance of 

geotubes made up from woven geotextile filled by hydraulically pumping 

dredged silty clay material into it. Based on this study, it was concluded that geo-

tubes are feasible construction materials for use in coastal engineering projects. 
James et al. [5] found that the geotube projects are effective for short-term ero-

sion control. They are significant engineering structures that change the geo-

morphic and sedimentary environments of the beach/dune system. Continued 

maintenance and beach nourishment projects are required to maintain the geo-

tubes and to mitigate adverse effects on public beaches. 

3 BACKGROUND AND STUDY AREA 

In 2009-2010, storms and tidal surge caused severe beach and dune erosion along 

the road. This erosion placed many portion of the road in danger of being under-

mined or damaged during subsequent storms and gradual shoreline retreat (Fig-

ure-2). As a temporary measure geotube and geobags had been laid along the 

road at different vulnerable points where the sea line reached upto the road 
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shoulder. Geotubes were laid on the road embankments to control erosion. How-

ever, it was observed that these geotubes got punctured due to repeated wave ac-

tion and had to be replaced after every thrust of the high tidal surge.  

 

 

Figure 2: Road affected by tidal surge. 

In January 2011, two critical points at Himchari were selected where shore 

parallel geotubes with T-head groynes were laid with the aim to see the sustaina-

bility of geotubes as well as restoring capacity of beach sands by T-head groynes 

(Figure-3).  

Himchari is located on 8 km south of Kolatali point of Cox’s Bazar. It is one 

of the most attractive tourist spots of Cox’s Bazar where tourist can enjoy com-

bination of the sea and the waterfall. It is also exciting because the road to Him-

chari runs by the lovely green hills on one side and open blue sea on the other 

side. The Army Project camp and Battu Miar Khamar of Himchari are situated 

on the 7.5 km point and 8.5 km point of this road respectively. During the period 

of 2009 to 2010, beaches were severely erodedin these two points. The shore line 

in both the points came upto the border line of the road which earlier was 100-

200 m away from Himchari Army Camp and 300 – 500 m away from Battu Miar 

Khamar. 

 

 

Figure 3:  T-head groynes layout in front of Himchari Army camp. 
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4 METHODOLOGY 

4.1 Geotube Application Procedure 

To help prevent damage of the road, shore-parallel geotubes were laid on the 

beachside embankments of the road. The geotubes are sediment (sand) filled 

sleeves of geotextile fabric having an oval cross section of approximately 4m in 

perimeter. These geotubes were filled with the sand using pumps.  They rest on a 

fabric scour apron that has sediment-filled anchor tube. Geotubes were placed at 

the toe of the embankment in a trench parallel to the road and subsequently 

placed on the sides of the embankments. Project designs called for sand and natu-

ral beach vegetation to cover them. However, it was not possible to cover the 

geotubes at all places as it demanded huge volume of earthwork and in few plac-

es where earth cover were given could not be retained due to wave action. 

Again, Geotubes were used to design a series of T-head groynes to help stabilize 

the beach. The T-head acts as a breakwater dissipating wave energy that other-

wise would start to erode the beach sand while the perpendicular section acts like 

a jetty and catches the sand, creating a restoration of the beach. The perpendicu-

lar section of the groynes extended 50m into the sea with 50m section parallel to 

the shoreline forming the “T”. The gap between the flanges of successive 

groynes had been kept 20m to facilitate water to go out of the trap. 

4.2 Evaluation Criteria 

Field measurements include beach and dune topography, shoreline positions, ge-

otubes exposure and damage condition assessment. From these measurements, 

the effects of the geotubes on the beaches were evaluated by sorting out their 

ability to slow erosion and prevent beach damages. Satellite images gave a picto-

rial overview of the beach condition including the extent and sand accumulation 

area of the beach. 

4.2.1 Beach profiles 

Beach profiles can detect short-term changes in morphology, sediment volume, 

and shoreline position. In this study, ground-surveyed topographic transects were 

conducted at 16 locations between 6.5 km to 8.0 km point and 11 locations be-

tween 8.5 to 9.5 km point at an interval of 200m for both the cases. Surveys were 

conducted twice during January 2011and January 2015 respectively. The beach 

profiles were oriented perpendicular to the road line during high and low tides.  

4.2.2 Geotube Condition Surveys 

Systematic ground observations and photographs of the geotubes were observed 

to assess the conditions, determine nature of damage of the tubes and find out the 

causes of damage.  
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4.2.3 Satellite Images 

Time-series satellite images and historical Google maps have been used to ob-

serve the changes in both locations for last few years. 

5 FINDINGS 

5.1 Beach Width 

Figure 4 shows profiles that compare the change of beach widths between the 

period of January 2011 and January 2015. The beach widths were taken both dur-

ing the high and low tide situations. High water mark was considered for meas-

urement at high tides from the reference line i.e. road shoulder line.  

 

 
Figure 4: Change of beach width between the year January 2011 and January 

2015. 
 

Both the result and ground observations indicate that the road has been pro-

tected as well some accretion has occurred in beach due to the placement of geo-

tubes (Figure 4). Moreover, it is found that from 6.5 km to 8.0 km point, an 

average 31 ft beach width has been increased with a standard deviation of 11.83 

during high tide and 57 ft beach width has been increased with standard deviation 

of 22.86 during low tide. Again from 8.5 km to 9.5 km point average 21 ft beach 

has been increased with standard deviation of 13.02 during high tide and 1.2ft 

beach width has been decreased with standard deviation of 27.67 during low tide. 
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5.2 Geotube Condition Surveys 

 

Many geotubes were found burst, damaged and worn out (Figure 5) .Geotubes 

placed under sand and covered by other geotubes found mostly in good condi-

tions. Uncovered geotubes, subjected to direct wave action were found torn and 

burst. Again the geotubes placed near the shoulder of the road which rarely came 

in contact with water rather exposed to direct sunlight, were also found worn out.  

 

 

Figure 5: Damaged and burst geotubes. 

These geotubes were filled with the sea sands manually and using pumps. 

Various foreign particles like small stone, dried piece of weed, pieces of seashell, 

small debris were found with the filled sand. When sea wave hits the geotubes, 

due to the pressure on sharp edges of these materials geotextile get torn and make 

small holes in tubes. Again, beach crabs also create holes in the geotubes. These 

holes were increased in consecutive wave action and led to geotube burst. As a 

result, sand filled inside the geotubes come out leading to failure of those geo-

tubes. In addition, geotubes which were exposed to ultraviolet light handled to 

the failure of geotubes. 

5.3 Analysis of Satellite Images 

 

Figure 6: Satellite and Google map images of the study area in various years. 
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From the satellite images taken at 2003, 2010, 2011, 2014 and Google images 

of 2009, 2012, 2014, 2015, it is found that T-head groynes geotubes are well sta-

ble and sands are accumulated inside the groynes areas (Figure 6). Thereby 

shoreline has been shifted further from the road line. Thus, a large area of sand 

has been reclaimed during last 2-3 years on the southern portion of the Himchari 

beach which was lost during the surge of 2009-10. 

6 CONCLUSIONS  

According to the observation and field survey, it was found that shore parallel 

geotubes coupled with T-head groynes became very effective to control erosion 

and beach sand restoration in Himchari area of Cox's Bazar.  Sand, instead of 

disappearing with each storm event, is accumulating naturally between the T-

head groynes, and the beach is beginning to once again build up. However, geo-

tubes tend to fail when exposed to ultraviolet light and came under direct wave 

attack. Thereby it is necessary to carefully fill the tubes with fine sands free of 

dried seashell, weeds, stones etc and cover the geotubes with earth or vegetation 

to make them useful as more effective erosion control measures. 
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Abstract. Bangladesh is one of the worst climate vulnerable countries in the 

world. According to scientists it is predicted that temperature and precipitation 

will increase 1-3% and 20% respectively by 2050 in Bangladesh. Increased tem-

perature and precipitation will deteriorate flexible pavement in an accelerated 

rate. The study has developed a methodology by mechanistic-empirical method to 

find out the effect of moisture and temperature on the pavement. It has also pro-

vided solutions to minimize the effects. The study has found that damage done by 

a standard axle load during saturation period of 30 days is almost 2.5 times than 

that of dry condition. However, during 30 days of saturation if the axle is over-

loaded by 6 ton, damage is 30 times than that of a standard axle at dry condition. 

The study has also found that damage done by an axle load for temperature rise 

will increase significantly for roads in Bangladesh. The study has suggested im-

posing axle load restriction to minimize the effect for pavement saturation .It has 

suggested using improved material to fight against temperature rise. The out-

come of study will help to guide road engineers of Bangladesh to prepare in ad-

vance to combat with the climate change effect. 

Keywords: Climate change, mechanistic-empirical method, pavement saturation, 

axle load restriction. 
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1 INTRODUCTION 

The climate change adaptation becomes more critical development issues for 

Bangladesh. According to scientists, it is predicted that temperature will increase 

1-3% and precipitation 20% by 2050 in Bangladesh [1]. Moreover Bangladesh is 

a flood prone country. Flood water causes enormous damage to the road infra-

structure of the country. 

     Increase in pavement temperature will affect the functioning of the asphalt 

layer and will reduce the pavement life. Moreover, due to increase in precipita-

tion and flooding pavement will remain in saturated condition for longer time. 

Saturated layers of the pavement cannot bear the wheel load of the vehicle. So, 

pavement life will reduce for both the cases and road maintenance cost will be 

increased. 

     However, it is important to quantify the pavement damage done by the tem-

perature and moisture. If quantification of the damage can be done it will be pos-

sible to show the significance of the problem. Since road infrastructure is the 

main mode of transport of goods and passengers in Bangladesh, it should be safe 

against adverse climate change effect. Moreover, a developing country like 

Bangladesh has a limited budget allocation for road construction and mainte-

nance. So, road design, materials selection, and traffic loading should be such 

that life road construction and maintenance become economic and durable.  

  The study has attempted to quantify the effect of temperature and moisture for 

a road in coastal region and for a typical national highway respectively with con-

sideration of vehicle overloading. In Bangladesh, vehicle overloading is common 

as mentioned in the road master plan [2].To predict the life of the flexible pave-

ment due to changes in temperature and moisture, the study has adopted mecha-

nistic-empirical (M-E) approach. In this study mechanistic analysis was done 

with a software GAMES (General Analysis on Multi-layered Elastic system). 

GAMES provide strain values at critical location of the pavement. Pavement life 

is then predicted by using empirical model of Asphalt Institute as cited in [3] 

with the critical strain values. Finally it has suggested probable solutions to fight 

against the effects.  

2 METHODOLOGY 

The main objective of the study is to investigate how the pavement is affected 

due to rise in temperature and precipitation.  For this purpose an M-E analysis 

was done with GAMES to determine horizontal tensile strain at the bottom of 

surface layer and vertical compressive strains at top of subgrade layer of flexible 

pavement as shown in the figure 1. By utilizing the strain at critical location, 

damage by an axle load for a single pass was determined from empirical equation 

of predicting pavement life. 

     The traffic loading has been considered as a prime factor simulating the 

pavement behaviors. This includes axle loads, configuration of axles, tire contact 
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area. Resilient modulus is a basic input for the mechanistic analysis. It was found 

that resilient modulus of asphalt layer varies with increase in temperature and 

pavement saturation. Additionally, all the layers are adversely affected by satura-

tion condition of the pavement layers. Such behaviors of the pavement layers 

were utilized in predicting the responses due to temperature and moisture.  

 

Figure 1: Critical location of strain values for analysis. 

3 RESEARCH APPROACH 

In this analysis single wheel loading conditions were considered for each of the 

two pavements. Standard single axle load for Bangladesh is 80 kN.  However, to 

simulate overloading effect axle load of 100 kN, 120 kN, and 140 kN consecu-

tively were also considered. 

3.1 Pavement Analysis 

After getting the strain values for critical location of the pavement layers, life 

was predicted by Asphalt Institute model as cited in [3]. 

  Nf1=0.0796 ϵt 
–3.291

 E1
-0.854                                    

 (1)
 

Nf2= 1.365E1
-09

 ϵv 
–4.477                                           

   (2) 

Where, Nf1= allowable number of load repetition to prevent fatigue cracking, 

Nf2= allowable number of load repetition to prevent rutting cracking, ϵt= tensile 

strain at the bottom of Asphalt layer, ϵv= compressive strain at the top of sub-

grade layer, E1= elastic modulus of asphalt layer. 

 Moreover, the damage (Di) caused by each application of axle load is given by: 

Di = 1/ Ni                                                                                           (3) 

Aggregate base 

Sub-grade 

Wheel load 

Compressive strain for 

rutting life 

Sub-base 

Asphalt layer Tensile strain for fatigue 

life 
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Where Ni is the minimum number of load repetitions required to cause either 

fatigue or rutting failure. 

4 TEMPERATURE EFFECT ON PAVEMENT 

For predicting temperature effect by M-E analysis it is required to know change 

of resilient modulus due to increase in temperature. It was found that resilient 

modulus of asphalt layer decreases with rise in temperature [4] as shown in fig-

ure 2. The input values for finding temperature effect on pavement are shown in 

table 1. It was found that rutting failure governs for the analysis for M-E. Dam-

age done by the different single axle loads was normalized by the standard axle 

damage. It was found that with the rise in pavement temperature, damage done 

by a single pass of axle load also increases as shown in figure 3. However, it was 

found that when temperature effect was combined with overloading damage was 

severe. 

  

Figure 2: Relationship between 

resilient modulus and temperature. 

[4] 

Figure 3: Normalized damage for 

temperature for different loading 

conditions. 

Table 1: Input value for temperature effect 

Layer Layer thick-

ness(cm) 

CBR Mr 

(MPa) 

Poisson’s 

ratio 

Mr 

reduction 

HMA 5.2 - 1379 0.35 121 Mpa 

with the 

in    s  o  

    

Base 20 80 862 0.4 

Sub-base 20 30 104 0.4 

ISG 20 7 72 0.45 

Sub grade 200 5 52 0.45 
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4.1 Remedy For Temperature Effect: Improved Materials 

In Bangladesh, for road construction 80/100 penetration grade is used. However, 

it is not suitable for high temperature as its viscosity is low at high temperature. 

Polymer modified asphalt is very popular for making temperature resistant as-

phalt pavement. The study leaves it for future investigation to find out cost effec-

tive and temperature resistant polymer modified asphalt for Bangladesh.  

5 MOISTURE EFFECT ON PAVEMENT 

It was found that marshal stability value decreases and flow value increases with 

the increase of inundation period [5].Marshal stability -flow ratio was found to 

decrease approximately 57% after 30 days of inundation as shown in figure 4. 

Moreover, stability-flow ratio was found to be proportional with resilient modu-

lus of asphalt concrete [6]. So, to simulate moisture effect on pavement by M-E 

method, resilient modulus of asphalt layer was modified according to such corre-

lation. Figure 5 shows 14 to 37 percent decrease of sub-grade CBR values is pos-

sible for 45 days flooding depending on the condition of compaction [5]. CBR 

value for subgrade is linearly correlated with the resilient modulus [7]. So, resili-

ent modulus of the subgrade modulus was also decreased with inundation period. 

Additionally, resilient modulus for base and sub-base layer was assumed to be 

decreased with same proportion of subgrade value.  

 

  

Figure 4: Effect of inundation on 

CBR of subgrade [5] 

Figure 5: Effect of inundation on 

flow and stability of bituminous 

surface layer [5] 

 

For finding the effect of moisture on pavement  input values as shown in the 

Table 2 were used for  the GAMES analysis. From the analysis it was found that 

rutting failure governs. It was found that moisture causes significant damage on 
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the pavement. From the Figure 6, it was found that for a standard loading damage 

after saturation period of 30 days is of 2.5 times than that of  dry condition.  

However, for overloading with 6 ton , saturation damage is 4 times than that 

of dry condition and overloading as found from the Figure 6. Here in Figure 6, all 

damage values were normalized by  that of a standard axle at dry codition. For 

quantifying additional the damage done by the saturation, difference of damage 

between saturated and dry condition was calculated as shown in Figure 7. 

Table 2: Input values for GAMES analysis to simulate moisture effect 

Layer Layer thick-

ness(cm) 

CBR Mr 

(Mpa) 

Poisson’s 

ratio 

Mr (MPa) 

After 30 days 

of saturation 

HMA 12.5 - 1379 0.3 784 

Base 15 80% 883 0.35 752 

Sub-base 18 25% 124 0.35 105 

ISG 20 8% 83 .4 70 

Sub grade 200 5% 52 .45 40 

  

5.1 Remedy For Moisture Effect: Axle Load Restriction 

Since pavement layers were weakened for saturation, damage done by a standard 

axle load was greater than that of dry conditiont as shown in Figure 7. If it is 

desired to keep the damage as equal to the damage during dry condition, the load 

responsible for additional damage should be reduced from the standard axle. 

From the Figure 8, it is possible to determine the amount of load causing the 

  

Figure 6: Damage for different 

saturation period with different 

loading conditions 

Figure 7: Quantifying additional 

damage for saturation effect for a 

standard axle load (80 kN) 
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additional damage for different saturation condition for a standard axle laoding. 

Since oveloading always causes damage greater than the dry condition, 

overloading should be controlled totally.   

 It was found that if 18% load is reduced from the standard axle during the 20 

days of saturation  as shown in figure 9, damage done by the restricted axle load 

would be the same as that of a standard axle during dry condition.   

  

Figure 8: Load damage relationship for 

different saturation periods. 

Figure 9: Allowable axle load for 

different saturation period. 

6 CONCLUSION 

The study has attempted to simulate the effect of climate change on road 

maintenance of Bangladesh. It has developed a methodology for finding the 

effect of temperature and moisture by M-E method. It has also proposed a 

methodology to impose axle load restriction on pavement to minimize the  

moisture effect. From the study the following conclusions are listed: 

 From the study it was found that damage done by a standard axle load 

during 30 days of saturation is 2.5 times than that of dry condition. 

 However, damage done by an axle with 6 ton of overloading for saturation 

of 30 days is 4 times than that of dry condition done by the same 

overloading. Moreover, damage done by the same overloaded axle after 30 

days of saturation is 30 times than that of a standard axle at dry condtion. 

 Reduction of the standard axle load will be necessary to minimize the effect. 

From the observed relationship between load and damage after M-E 

analysis, it is possible to find out the amount of load causing the additional 

damage for saturation. For a sturation period of 20 days, 18% of the standard 

axle load should be reduced to minimize the effect of pavement saturation. 
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 Moreover, overloading should be totally restricted during pavement 

saturation period. 

 Temperature in combination with the overloading will cause significant 

damage to the pavement. The damage by a single axle with 6 ton 

overloading and with temperature increase of 5
0
C would be 13 times than 

that of a standard axle load without increase in temperature. 

 For minimizing the effect for temperature, it is suggested to use polymer 

modified asphalt with ability to resist high temperature effect. Further 

detailed study is necessary for this purpose. 
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Abstract. The study has identified interface bond failure to be the reason for 

premature failure of an overlay work that is observed on N5. Moreover, it has 

come out with remedial measures to counter that failure. Based on field investi-

gation, it has found that surface of the old asphalt concrete layer was cracked 

and it was too smooth to create interlayer bonding with new asphalt overlay. It is 

assumed that clay particles with the entrapped water from the underlying WBM 

layer came up to the interface of new and old surface through the cracks due to 

pumping action generated by wheel loading. Thus, the clay layer has further de-

stroyed the interface bonding between the newly constructed asphalt overlay with 

the old one. The new asphalt overlay without interface bond failed to bear the 

wheel loads consequently early cracks developed in the top. Rainwater penetrat-

ed through the cracks of the new surface and further helped to cause the prema-

ture failure of the new overlay work. To verify the field observation, the 

pavement is analysed by general analysis of multi-layered elastic system 

(GAMES) software. Different interface condition ranges from full bond to full 

slip can be applied in GAMES software. Analysis results indicate that overload-

ing and interface bond condition can reduce pavement life to 10% within three to 

four months. The study suggests that interface bonding failure of overlay work 

can be solved by converting lower asphalt layer into granular base layer. These 

measures will surely increase pavement life. 

 

Keywords: Interface bond, Pavement cracks, Pumping action, Premature failure 

of overlay work, Multilayered elastic system software. 
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1 INTRODUCTION 

National Highways (NHs) (N1 to N8, total length of 4780 km) are regarded as the 

lifelines of Bangladesh economy. The surface condition of NHs has to be main-

tained at a certain level for enhancing national economic growth. Roads and 

Highways Department (RHD) maintains those NHs through annual Periodic 

Maintenance Programs (PMP). Generally, PMP recommends 50-80 mm bitumi-

nous overlay (BO) or double bituminous surface treatment (DBST) with a con-

sideration of surface condition [1]. If the surface condition is not good, BO is 

suggested otherwise DBST is preferred. 
   According to Highway Development and Management-4 (HDM-4) report, de-

sign life of BO work is five years [1]. But, previous failure history gives impres-

sion that bituminous overlay work’s life in RHD would not be more than 3 years. 

After three years, pavement demands another BO work. 

   National highway-5 (N5) connects the northern part of Bangladesh to capital 

Dhaka with a length of 500 km. Gaibandha Road Division maintains and manag-

es 33 km of N5. This portion was re-constructed in 1992-93 under Road Rehabili-

tation and Maintenance Project (RRMP). Before this reconstruction, this part was 

made of herring bone and RCC slab. After the reconstruction, PMP Overlay 

work program was taken on that portion in 2007-2008 as major cracks were ap-

peared on the surface. Similarly, 50 mm PMP overlay work was done in 2013-

2014 on the same portion.   

2 PROBLEM STATEMENT 

PMP overlay working N5 (Gaibandha portion) was completed on 20April 2014. 

Three months after the construction that means in July 2014, cracks were ap-

peared on the surfaces in some locations. After one year, in rainy season June 

2015, different types of distress such as crack, slippage failure, heaving and 

hump widely appeared on the surface as shown in Figures 1 and 2. By observing 

the failures trends, it can be assumed that pavement life sustained only three 

months. Actually, the pavement was supposed to sustain up to expected design 

period (5 years). But, pavement life was reduced to almost zero by one year that 

means pavement surviving life was 20% of actual design period (5 years).  

3 DAMAGE INVESTIGATION 

An investigation was conducted on failure portion by RHD engineers. During 

excavation, it seemed that the top bituminous 100mm layer (work done on 2007-

2008 and 2013-2104) was softer than the bottom bituminous 100mm layer. It was 

also observed that top and bottom bituminous layers were not bonded sufficient-

ly. There was a clear separation between top and bottom layers as shown in Fig-

ure 3. A thin clay layer was created on opposite face of top bituminous layer as 

shown in Figure 4. This thin clay layer made opposite face smooth and friction-
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less as shown in Figure 4. In some locations, bottom bituminous layer showed 

cracked surface as shown in Figure 5. Further investigation was conducted on 

macadam base layer which was brick macadam (WBM). The WBM looked wet-

ted. The size of brick particle was changed and turned into finer particles as 

shown in Figure 6.  

 

  

Figure 1: Cracks and Slippage failure 

  

Figure 2: Heave and hump on the sur-

face 

  

Figure 3: Separation of top and bottom 

layers            
Figure 4: Thin clay layer opposite of 

top layers 
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Figure 5: Bottom layer with cracks sur-

face              

Figure 6: Damp and wet WBM 

4 DAMAGE HYPOTHESIS 

In flexible pavement, general concept is that stiffness of layers will decrease with 

the increase of depth. During excavation in N5, it was observed that the top sur-

face of bottom asphalt layer was smooth and having no angular surface texture, 

which is necessary to create strong interfacial bond between two asphalt layers. It 

was also found that the bottom asphalt layer was stiffer than the top layers. Bot-

tom asphalt layer behaves like a semi-rigid layer. Therefore, poor bond interface 

might have occurred between two asphalt layers. When traffic moves on pave-

ment, the top asphalt layer tends to be slipped over the bottom asphalt layer. 

More tensile strain develops at the bottom of the top asphalt layers and results in 

minor crack on the top surface. Water infiltrates into this cracked surface and 

moves laterally along the interface between top and bottom layers as shown in 

Figure 7. This interfacial water deactivates the tack coat’s bonding function; 

thereby interface bond failure occurs. Finally, more crack, slippage and heaving 

failures are observed on the surface. 

Bottom bituminous layer was cracked as shown in Figure 5. Water infiltrated 

through this layer and reached to WBM layer. WBM which has finer particles 

could not drain out water properly and behaves like a clay layer. Therefore, water 

confines into WBM layer. Even though weather was dry (investigation period), 

the top of WBM looked dampish. The entrapped water comes out to the bottom 

of top layer by capillarity action. This water created a thin clay layer at the bot-

tom of top asphalt layer as shown in figure 8. This thin clay layer deactivates 

tack coat’s function and creates a frictionless interface condition and results in 

interfacial bond failure between top and bottom layers. Interface bond failure 
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redistributes the stress & strain pattern of pavement. Finally, cracks were devel-

oped on surface and made sudden pavement life reduction. 

Overloading is frequently observed in NHs in Bangladesh. Permissible stand-

ard axle loading is 8.16 ton. According to Bangladesh Road Master plan (2007), 

2-3 tones overloading is very common in Bangladesh [2]. So, overloading and 

interface bond failure may be the coupling factor for drastic life reduction of N5.  

  

Figure 7: Water moves laterally along 

the interface 

Figure 8: Thin clay layer at the inter-

face 

5 PAVEMENT ANALYSIS 

 

Figure 9: Pavement structure model 

Pavement was analyzed by General Analysis of Multi-layered Elastic System 

(GAMES) software. In GAMES, five interlayer’s pavement configuration model 

was used as shown in Figure 9. Standard axel load of 80kN was used in this 

model. Fatigue and rutting model coefficients based on Asphalt Institute were 

used for pavement life calculations which are given below: 

Nf1=0.0796 ϵt 
–3.291

E1
-0.854                                     

(1)
 

and Nf2= 1.365E1
-09
ϵv 

–4.477                                      
(2)

 

Moisture

Bottom 100 mm Bituminous Layer

Subgrade

450 mm WBM

150mm ISG

Top 100 mm Bituminous Layer

Thin clay layer
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Where, Nf1= allowable number of load repetition to prevent fatigue cracking, 

Nf2= allowable number of load repetition to prevent rutting cracking, ϵt= tensile 

strain at the bottom of Asphalt layer, ϵv= compressive strain at the top of sub-

grade layer, E1= elastic modulus of asphalt layer.  

6 RESULT AND DISCUSSION 

6.1 Interface bond failure and pavement life 

Pavement was analyzed by GAMES to compute horizontal and vertical strain. 

Horizontal strains are presented on figure 10 with full bond and full slip condi-

tions. Figure 10 indicates that interface condition significantly affects horizontal 

strain. If all layers of pavement are fully bonded, horizontal strain range is rela-

tively in compressive zone. But for full slip condition, it is tensile dominated. 

When interfaces bonding condition are poor, cracks are likely to initiate at the 

bottom of top asphalt layer and maximum tensile strain may occur at the bottom 

of top asphalt layer. However, in full bond condition, maximum tensile strain 

occurs at the bottom of bottom asphalt layer. As fatigue and rutting lives are cal-

culated from strains, interface bonding condition greatly affects pavement life. 

Figure 11 shows that fatigue and rutting lives are longer for full bonded condition 

than full slip condition. When top and bottom asphalt layers are de-bonded, fa-

tigue and rutting lives are around 10% and 30% of full bond condition; fatigue 

lives are shorter than rutting. Fatigue failures occur earlier than rutting that was 

observed in N5. 

  

Figure 10: Horizontal Strain Distri-

bution.       

Figure 11: Pavement Life. 

6.2 Overloading and interface bond condition on pavement life 

The pavement was further analyzed by the coupling of overloading and changing 

interface bonding condition from full bond to full slip. Figure 12&13 indicate 



 

Asaduzzaman and Mohammed R. Islam 

 

830 

 

that the interface bond condition between top and bottom layers is dominant fac-

tors for pavement deterioration. At standard axle loading (0 ton), fatigue and rut-

ting life drastically reduces to 10% and 28% respectively. At 2 ton over loading 

with interface bond failure, it further reduces to 5% and 10% and reaches to zero 

at 10 tones of overloading. These reduction patterns indicate that pavement life 

can mostly be affected by bond condition at standard axle loading of 80Kn. If 

overloading with interface bond failure occurs in pavement, its life reduces to 

zero immediate after the construction. 

  

Figure 13: Overloading effect on fa-

tigue life due to change in interface 

bonding condition. 

Figure 14: Overloading effect on rut-

ting life due to change in interface 

bonding condition. 

7 PROPOSED MEASURES 

Bangladesh’s road infrastructure faces severe fund crisis for maintenance works. 

Due to insufficient fund, the study emphasizes on economic and environmental 

friendly solution that could be applicable in Bangladesh road maintenance and 

management practices. 

7.1 Long Term Measures 

Old asphalt layer should be scarified and the particles should be separated from 

lumps and then reused these materials as base materials. However, the base 

should comply with the technical specification of RHD [3]. Finally, bituminous 

overlay should be placed over the base. Before placing bituminous layer, prime 

coat is applied to make bond between granular base and asphalt layer. In this 

measure, one asphalt layer is provided therefore there is no chance of interfacial 

bond failure between the asphalt layers. However, this measure is expensive and 
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time consuming process. If recycling technology is adopted in RHD technical 

specification, this measure could be effective and eco-friendly. 

7.2 Short Term Measures 

Short term maintenance strategy is important during the rainy season. During 

rainy season, the top asphalt layers were scarified and removed from the bed and 

refilled the scarified portion by asphalt materials as shown in figure 14. But, this 

process was not sustained in the rainy season. Later, top asphalt (100mm thick) 

layer was removed; brick flat soling and herring bone works applied over the bot-

tom asphalt layer as shown in Figure 15. This works still remains in N5 pavement 

which proves successful short term maintenance techniques in N5. 

  

Figure 14: Top layer removed and re-

filled by new asphalt materials              

Figure 15: Brick soling and herring 

bone in N5 

8 CONCLUSION 

The following findings can be concluded from the study: 

 Due to absence of proper interlocking between old and new asphalt lay-

ers, poor bond occurred in interfacial position. As a result, early cracks 

generated in the new surface. A thin clay layer occurred in the interface 

generated by infiltrating water and pumping action further deteriorates 

the pavement. Therefore, full slip condition developed in the interface 

and resulted in early pavement failure. 

  Interface bond failure can reduce pavement life by 90% at standard axle 

loading.  

 Pavement life reduces to 5% and zero at 2-3 tones and 10 tons of over-

loading respectively.  
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 Further research is needed to find out the effect of layer rigidity on 

pavement life. 
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Abstract. Soil water content and dry density of unbound granular pavements 

are important properties for compaction control which can exert a great influ-

ence on pavement performance. Conventional TDR uses probe sensors which 

provide pointwise readings of moisture content and density. However, proposed 

TDR method applies long insulated flat ribbon cable as sensors of length up to 6 

meter providing spatially distributed information on electric parameters of soil. 

This paper introduces a new calibration function based on TDR measurements 

using flat ribbon cable embedded in the soil. TDR signals are analyzed in the 

laboratory for soil samples of both constant moisture content with different den-

sity and different moisture content at constant density. Calibration functions can 

be used to measure changes in moisture content and density in real pavement for 

long term pavement performance, like, managing rutting of roads and a flood 

event. 

Keywords: Moisture content; dry density; laboratory calibration; STDR; un-

bound granular pavement. 
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1 INTRODUCTION 

Moisture content and density are the most influencing factors of unbound granu-

lar materials (UGM) for estimating road performance. Every year in Australia, 

roads are damaged by heavy vehicles when moisture content of the unsaturated 

zone has reached a critical value because of heavy rainfall as well as frequent 

flooding. When the moisture content changes, change in density might be accel-

erated under cyclic loading. Surface deformation and rutting are correlated with 

the moisture content and density variation of road materials. 

TDR is a remote sensing electrical measurement technique that has been used 

for many years for various purposes [1]. It was used in telecommunication and 

computer network for localizing damages in long coaxial cables. Nowadays, it is 

widely used in civil and agricultural engineering for monitoring soil moisture, 

localized deformation of rock and soil and monitoring structural deformation as 

well. 

The investigations of Topp et al. [2] formed the basis for the application of 

TDR for moisture measurement of soil. He developed an equation for deriving 

moisture content from permittivity measurements which is independent of soil 

type and density. Other researchers found that the relationship presented by Topp 

et al. [2] did not work well for organic and clayey soils [3]. Baran [4], Ekblad [5] 

and Jiang an Tayabshi [6] developed permittivity-moisture content relationships 

specially for crushed rock aggregates used for pavements.  

Non-insulated metallic three rod probe are normally used as transmission 

lines (Figure 1) for conventional TDR applications. These kinds of probes pro-

vide point-wise moisture content measurements as a mean value along the length 

of the rod. Drnevich et al. [7] developed straight line soil specific relationship to 

calculate moisture content and density. However, in this relationship, additional 

parameter, name electrical conductivity, needs to be calibrated to obtain density. 

Moreover, rod probe sensors have limitation of length (maximum 30 cm). 

To avoid the limitation of pointwise measurements and sensor length, Scheu-

ermann et al. [8] proposed insulated flexible flat ribbon cable (FRC) as longer 

transmission line and successfully used it to observe changes in the moisture con-

tent distribution with in a levee model. 

Time Domain Reflectometry in combination with FRC will be used in this re-

search for determining moisture content and density of road materials. Spatial 

time domain reflectometry (STDR) involves the inversion of electrical parame-

ters of TDR pulse which gives water content and density profile along insulated 

flat ribbon cable.  

In this research, Laboratory calibrations are conducted aiming at developing 

calibration functions for measuring moisture content and density. The developed 

soil specific calibration functions are used to monitor in-situ moisture content 

and density variation of real roads. 
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Figure 1: TDR arrangements with three rod probe [7] 

2 RIBOB CABLE SENSOR DEVELOPMENTS 

Flexible ribbon cable coupled with co-axial cable (Figure 2) can be installed easi-

ly during construction. It can be used with lengths of up to 40 m, if mean water 

contents are to be measured and 6 m, if the aim is to measure a profile [9]. In the 

capacitance model shown in Figure 3, C1 considers the influence from the per-

mittivity of the surrounding soil; C2 takes into account the influence of the insu-

lation between conductor and C3 between the conductors. 
 

                  
      

Figure 2: Flat ribbon cable with copper wire and polyethylene insulation con-

nected with co-axial cable (left) and complete two ends ribbon cable sensor 

(right). 

3 TRAVEL TIME DETERMINATION 

A typical TDR pulse measured for water is shown in Figure 4. Initial inflection 

point (A) represents the point at which the pulse enters the sensor and the final 

inflection point (B) indicates the point at which the pulse passes the sensor. Us-

ing tangent method, the time difference between the two inflection points can be 

obtained. The travel time varies with the variation of electrical properties of the 

soil surrounding the sensor. 
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Figure 3: Capacitance model of the flat ribbon cable (Scheuermann et al. 2009) 

[8] 

 

Figure 4: Tangent method to obtain travel time from reflected TDR pulse 

4 PERMITTIVITY CALCULATION 

The dielectric permittivity indicates how easily a material can become polarized 

by imposition of an electric field on an insulator. Since the permittivity of water 

is high compared to soil and air, dielectric permittivity indicates the amount of 

moisture in the soil. Mean capacitance,  mC   is a function of individual capaci-

tance and permittivity. It is calculated using equation 1 where wave velocity, v is 

known and impedance, L=7.56*10
-7

 is constant. 
 

 

length of ribbon cable 1

one way travel time * m

v
L C 

   (1) 

Permittivity, m  from equation 2 can be obtained where capacitances C1 = 

3.4*10
-12

, C2 = 23*10
-12

, C3 = 4.8*10
-12

 are constant for fixed geometry of sensor. 
 

A 

B 
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5 LABORATORY CALIBRATION 

Typical road base material was collected from Queensland Department of 

Transport and Main Roads (DTMR). A calibration box of 55 cm x 15 cm x 16 

cm made of PVC sheets for soil specific calibration. The soil sample is compact-

ed in three layers with the FRC sensors placed in between.  

Soil sample of different moisture contents with constant density has been pre-

pared. Volumetric water content is obtained from laboratory calibration data us-

ing the following Equation 3. 

2 3
0 1 2 3m m ma a a a                 (3) 

Where a0 to a3 are calibration constants, θ is the Volumetric Water Content 

(VWC) and m  is the permittivity. Finally, permittivity-VWC relationship has 

been obtained for FRC sensor which is presented in Figure 6 with other estab-

lished models. Permittivity-VWC is suited perfectly with the Baran (1994) and 

Ekblad (2007) models which were developed particularly for coarse materials. 

 

Figure 5: Placement of FRC sensor between soil layers in the calibration box 

6 DENSITY MEASUREMENT 

With the same laboratory setup mentioned in section 5, road base material of 

85% to 100% maximum dry density (mdd) has been prepared and TDR wave 

pulse was obtained. It is observed that with increasing density, the voltage drop 

(figure 7) of the reflected TDR pulse between the ends of the sensor increases. It 

needs to be mentioned here that travel time increases with increasing moisture 

content of the soil sample but is not very much influenced by the density. The 

following empirical equation 4 is proposed for measuring density. 

Dry density, ρd (kg/m
3
) = 10

4
*LN(TT)*V     (4) 
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Where, TT is the two way travel time of TDR pulse in nS, V is the voltage 

drop.  

To evaluate this empirical equation, a second set of experiments have been 

done with different densities. The density has been calculated using equation 4 

and compared with test data (Figure 8). The calculated and measured densities 

are scattered around 1-1 line and fall within the range of 4% boundary line. 

 

 

Figure 6: Permittivity measurement using FRC sensor 

 

Figure 7: TDR pulse showing Voltage drop (V) and travel time 

Voltage drop 

Travel time 
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Figure 8: Comparison of measured and calculated density 

7 CONCLUSION 

The most significant state variable influencing the functionality of unbound 

granular pavement is the moisture content. When the moisture content changes, 

change in density might be accelerated under cyclic loading. This paper describes 

the determination of in situ moisture content and density using TDR along flat 

ribbon cable sensor. The permittivity-VWC relationship corresponds very well 

with the well-known Baran (1994) [4] and Ekblad (2007) [5] models. Moreover, 

calculated density with TDR matches well with the results from laboratory. 

This non-destructive method of measuring moisture content and density can 

be used in real pavements for providing data which can be used to optimize man-

agement of roads. As a consequence, roads can me managed in case of critical 

moisture content as flood or flash flood events. 

The Aim in future is to determine profile of moisture and density using Spa-

tial TDR. 
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Abstract. This paper discussed the seismic refraction survey conducted to in-

vestigate subsurface structure of different locations of Dhaka city. In this study, 

one energy source and 24 geophones were used for the survey. The investigated 

depths depend on spread length and energy source. The depth is proportional to 

impulse energy and spread length. It has been observed that 2 to 3 meter geo-

phone spacing and 140lb weight with a fall height of 5 to 10 feet is suitable in 

our mechanism. For enhancing the result more energy is required as energy 

source. Currently we are trying to develop a mechanical system to enhance the 

energy. From the collected data time – distance curves for each shot points were 

drawn, the velocities of the underlying layers for each point were obtained and 

the depths to the refractor layer were computed. The results obtained provide an 

overview of the lateral and vertical variation in the lithological changes of the 

subsurface earth materials together with the shear-wave velocity in the surveyed 

area. 

Keywords: Impulse energy, Seismic refraction, Shear wave velocity, Subsurface 

structure. 
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1 INTRODUCTION 

Seismic refraction is a commonly used geophysical technique to determine 

depth-to bedrock, competence of bedrock, depth to the water table, or depth to 

other seismic velocity boundaries. This method involves the analysis of the travel 

times of arrivals that travelled roughly parallel to the upper surface of a layer dur-

ing their transmission through the subsurface. [1]Seismic refraction measure-

ments are applicable in mapping subsurface conditions for various uses including 

geological, geotechnical, hydrological, environmental, mineral and archaeologi-

cal investigations. 

2 STUDY BACKGROUND 

The seismic refraction survey has application in a variety of geological explora-

tion problems, where information on the depth and strength of subsurface materi-

als is required. These surveys provide subsurface information over large areas at 

relatively low cost; locate critical areas for more detailed testing by drilling and 

can readily eliminate less favorable alternative sites. Seismic surveys can also 

reduce the number of boreholes required to test a particular site and improve cor-

relation between boreholes. 

2.1 Advantages / Disadvantages 

 Difficulty of interpretation in areas morphologically rough or with many 

underground pipes 

 Open spaces is needed for cables and electrodes array, the electrodes 

must be planted into the ground (can also be applied in paved areas or 

asphalt, drilling holes). 

 Good vertical and lateral stratigraphic resolution. 

 For best accuracy, a calibration reference stratigraphy is needed. 

 Very useful for discrimination of metal, clay / sand and aquifers 

2.2 Fundamental Theory 

The refraction method consists of measuring (at known points along the surface 

of the ground) the travel times of compressional waves generated by an impul-

sive energy source [4]. The energy source is usually a small explosive charge and 

the energy is detected, amplified, and recorded by special equipment designed for 

this purpose. The instant of the explosion, or "zero-time,‖ is recorded on the rec-

ord of arriving pulses. The raw data, therefore, consists of travel times and dis-

tances, and this time-distance information is then manipulated to convert it into 

the format of velocity variations with depth. The interpretation of this raw data 

will be developed as we go along. The process is schematically illustrated in Fig. 

1.  
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Figure 1: Schematic of seismic refraction survey 

The fundamental law that describes the refraction of light rays is Snell's Law 

(see Fig. 2), and this, together with the phenomenon of ―critical incidence,‖ is the 

physical foundation of seismic refraction surveys.  

A small explosive charge is detonated in a shallow hole at A and the energy is 

detected by a set of detectors laid out in a straight line along the surface. The ar-

rival times of the impulses are plotted against the corresponding shot-to-detector 

distances as shown in Fig. 3. The first few arrival times are those of direct arri-

vals through the first layer, and the slope of the line through these points, ΔT/ΔX, 

is simply the reciprocal of the velocity of that layer; i.e., V1/V2. The energy that 

arrives at the detectors beyond the critical distance will plot along a line with a 

slope of V1/V2 

  

Figure 2: Snell’s law and refraction of ray 

transmitted across boundary between two 

media with different velocities. 

Figure 3: Simple two-layer case 

with plane, parallel boundaries and 

corresponding time-distance curve. 
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The rock types are classified by knowing the seismic velocity transmitted to 

the soil. The verities of seismic velocity of different layers indicated different 

types of soil [5]. There is an approximate range to classify rocks depends on 

seismic velocities.  

Table 1: Approximate seismic velocities for rocks 

Rock type Vp(km/sec) Rock type Vp(km/sec) 

Unconsolidated sediment sandstone 2.0-5.0 

Clay 1.0-2.5 Others 

Sand, dry 0.2-1.0 Air 0.3 

Sand, saturated 1.5-2.0 Natural gas 0.43 

Sedimentary Rocks Ice 3.4 

Limestone 3.9-6.2 Water 1.4-1.5 

Salt 4.6 Oil 1.3-1.4 

 

3 METHODOLOGY 

3.1 Study Area Selection 

The different locations of Dhaka city are selected as the study area. The locations 

are selected upon some criteria such as free open space, less noisy area, dominat-

ing soil characteristics of that region, land use characteristics etc. The map and 

table below show the location of the study area. 

 

Fig 4: Location of study points in Dhaka city 
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Table 2: List of the study points of Dhaka city 

Sl. 

no 
Date Points of Study Area 

Location City 

 Latitude Longitude 

01 14/11/2014 
Garden ,Civil Build-

ing, BUET 
23

o 
43’ 19‖ N 90

o 
23’ 48‖ E Dhaka 

02 13/11/2014 Vatara, Gulshan 23
o 
47’ 39‖ N 90

o 
26’ 40‖ E Dhaka 

03 14/11/2014 
Bashaundhara River 

View, Keranigong 
23

o 
39’ 45‖ N 90

o 
26’ 25‖ E Dhaka 

04 14/11/2014 New Jail, Keranigong 23
o 
39’ 07‖ N 90

o 
23’ 03‖ E Dhaka 

3.2   Data Collections and Results Analysis 

The data of the different locations were collected using different combination of 

seismic impulse source and different spacing of geophones. Some specific soft-

ware based on conventional method was needed to process seismic refraction.  

3.2.1    Seismic refraction result analysis for soil at BUET  

The geophone spread and impulse source is shown in Fig. 5 and Fig. 6 respec-

tively during seismic refraction test at BUET. Five shot points were selected dur-

ing this test named as middle shot, 1st offset shot, 1st end shot, last end shots and 

last offset shot and the positions of two offset shots 23 m away from 1st and last 

geophone, which is half of the total spread length 46m as shown in Fig. 7.  

 

  

   Figure 5:  Spread of geophones during               

refraction test at BUET 

Figure 6: Using 140lb hammer as im-

pulse source 

 

Figure 7: Layout of shots position during seismic refraction test at BUET  
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The soil profile of the seismic refraction test is shown in Fig. 8. It shows that 

the investigation depth of soil profile is about 30m. The seismic velocity ranges 

is about to 150m/s to 350m/s which range indicates the sub soil is dry sand ac-

cording to Table 1. 

 

Figure 8: Soil profile at BUET playground using seismic refraction 

3.2.2    Seismic refraction result for soil at Vatara 

The soil profile of the seismic refraction test is shown in Fig. 9. It shows that the 

investigation depth of soil profile is about 30m. The seismic velocity range is 

about to 150m/s to 290m/s which range indicates the sub soil is dry sand.  

 

Figure 9: Soil profile at Vatara using seismic refraction  

3.2.3    Seismic refraction result for soil at Bashundhara River View: 

The soil profile of the seismic refraction test is shown in Fig. 10. It shows that 

the investigation depth of soil profile is about 35m. The velocity range is about to 

50m/s to 250m/s which range indicates the sub soil is dry sand. 
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Figure 10: Soil profile of Bashundhara river view 

3.2.4     Seismic refraction result for soil at Outside of New jail 

The soil profile of the seismic refraction test is shown in Fig. 11. It shows that 

the investigation depth of soil profile is about 18 m. The velocity range is about 

to 150 m/s to 280 m/s which range indicates the sub soil is dry sand.  

 

Figure 11: Soil profile beside new jail using seismic refraction 

4 CONCLUSION 

The interpretation of the results shows that all areas having consisted of two lay-

ers with approximate velocity 100 to 500 m/s underlie the study area. Table 1 

indicates approximate ranges for velocities of different types of soil. The upper 

layer of surveyed areas consists of sand and sandy clay. The result of the investi-

gation is therefore recommended as a useful guide for civil engineering planning 

and development of the area. 

5 LIMITATIONS 

A hidden layer, or blind layer, is one that is undetectable by refraction surveying 

[2]. A layer may simply not give rise to first arrivals, that is, rays traveling to 
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deeper levels may arrive before those critically refracted at the top of the layer in 

question (see Fig. 12). This may result from the thickness of the layer or from the 

closeness of its velocity to that of the overlying layer. A more insidious type of 

hidden layer problem is associated with a low velocity layer, as illustrated in Fig. 

13. Rays cannot be critically refracted at the top of such a layer and the layer 

will, therefore, not give rise to head waves. Hence, a low velocity layer cannot be 

detected by refraction surveying.  

  

Figure 12: Hidden layer problem in seis-

mic            refraction 

Figure 13: Blind zone problem in 

seismic refraction 

Due to lack of available impulse sources the seismic refraction test is difficult 

in maximum places. Also we have no sufficient financial help to buy such type of 

high cost impulse sources. Hence here in Bangladesh seismic refraction test is 

not workable yet to investigate subsoil characteristics.   
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Abstract. Generally, the analysis of geotextile reinforced earth walls is per-

formed using the simplified classical analysis or empirical methods which in-

clude a lot of assumptions and strenuous calculations. In this paper, the effect of 

various soil parameters on the required base length of reinforcement, load ec-

centricity and miscellaneous factor of safety is studied by using the MSEW (3.0) 

software. Base length of reinforcement decreases with the increase in angle of 

internal friction of reinforced soil. As a result, Factor of safety against overturn-

ing, sliding and bearing capacity decreases with the increase in angle of internal 

friction of reinforced soil. Factor of safety against bearing capacity and sliding 

increased with the increase in cohesion of reinforced soil. The results of this 

study will help to evaluate different soil profiles for designing reinforced soil 

walls and eventually understand the behavior of the geotextile reinforced soil 

wall. 

Keywords: Geotextile, Reinforced earth walls, Angle of internal friction, Unit 

weight, Cohesion, Factor of safety
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1 INTRODUCTION 

An earth retaining wall is a basic civil engineering structure which is comprised 

of a wall along with sufficient support of reinforcement. The technique of rein-

forced soil has been widely used in the hilly or steep slope areas especially in 

construction of retaining walls and levee foundations. A wide range of rein-

forcement elements of different materials is produced and developed for use in 

such structures. Geotextiles, nowadays have become the most convenient type of 

reinforcement used for supporting retaining wall as well as stabilizing loose soil 

or strengthening any soil mass beneath the structure. Soils have good resistance 

against compression, but are weak in tension. Numerous efforts are performed to 

overcome the weakness of the soil. Geotextiles are compatible with the soil in 

deformability. Also, they are resistant to corrosion and acid attacks. 

Many investigators have studied the reinforced soil walls. Among them, Abi-

oghli [1] performed a parametric study to study the reinforced earth walls with 

finite element method using PLAXIS software and found relationships of angle 

of internal friction, cohesion and stiffness of reinforcements with the deformation 

of facing and displacement of the wall. Siddiquee and Alam [2] performed a par-

ametric study on the behavior of anchored earth wall. They observed that defor-

mation of wall decreases with increasing stiffness of reinforcement and after 

certain value of stiffness it has no effect on deformation. On the other hand, an-

chor force increases with increasing stiffness of reinforcement and after a certain 

limit, it has no effect on anchor force. Wong et al. [3] studied failure modes of 

the geotextile reinforced earth wall. Their observed failure modes are block slid-

ing and slope failure. Other potential modes of failure are rupture of the rein-

forcements, bearing capacity and overall stability.  

2 METHODOLOGY 

In this paper, the soil-geotextile interrelationship in the design of geotextile rein-

forced soil walls is studied by MSEW (3.0) software. Geometry of model wall is 

shown in Figure 1. Certain soil parameters are selected based upon their effect 

over some other internal and external geotextile design parameters. The soil pa-

rameters are the angle of internal friction of reinforced soil, unit weight of rein-

forced soil and cohesion of foundation soil. The output parameters are the 

required base length of geotextile reinforcement, the load eccentricity, the factor 

of safety against bearing capacity, factor of safety against sliding, factor of safety 

against overturning and overall factor of safety against the tensile strength of 

geotextile. The value of the soil parameters is varied within some practicable 

range and their commensurate effect upon other output parameters is observed by 

MSEW (3.0).  
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3 RESULTS AND DISCUSSION 

Here, the results of the parametric study are presented. At first, the wall model is 

presented in Figure 1 which is comprised of a back slope, strip load, embedment 

and predefined soil profile. And then the effect of the angle of internal friction of 

reinforced soil, unit weight of reinforced soil and cohesion of foundation soil to 

the output parameters is presented. 

 

 

Figure 1: Geometry of the model reinforced soil wall. 

3.1 Effect of Angle of Internal Friction of Reinforced Soil 

The angle of internal friction (ϕ) of reinforced soil was varied keeping other pa-

rameters unchanged. Values of unchanged parameters are shown in Table 1. Fig-

ure 2 shows the effect of angle of internal friction of reinforced soil to the 

required base length of geotextile reinforcement, the load eccentricity, the factor 

of safety against bearing capacity, factor of safety against sliding, factor of safety 

against overturning and the overall factor of safety against tensile strength of 

geotextile respectively.  

The effect of angle of internal friction of reinforced soil varies for different 

parameters. The load eccentricity and the overall factor of safety against geotex-

tile strength increases nonuniformly with the increase in angle of internal friction 

of reinforced soil. The base length of reinforcement, factor of safety against bear-

ing capacity and factor of safety against overturning reduces with the increase in 

angle of internal friction of reinforced soil.  
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 (a)          (b)  

  
 

(c)           (d) 

  
 

(e)           (f) 

  
 

Figure 2: Effect of angle of internal friction of reinforced soil to (a) required base length 

of geotextile reinforcement, (b) load eccentricity, (c) factor of safety against bearing ca-

pacity, (d) factor of safety against sliding, (e) factor of safety against overturning and 

(f) overall factor of safety against tensile strength of geotextile. 
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With the increase of angle of internal friction, the required base length of rein-

forcement decreases which is the cause of decreasing the factor of safety against 

bearing capacity and overturning [4]. The factor of safety against sliding remains 

constant or is reduced by a little amount with the increase in angle of internal 

friction. 

3.2 Effect of Unit Weight of Reinforced Soil 

The unit weight (γ) of reinforced soil is varied. Figure 3 shows the effect of unit 

weight of reinforced soil to the required base length of geotextile reinforcement, 

the load eccentricity, the factor of safety against bearing capacity, factor of safety 

against sliding, factor of safety against overturning and the overall factor of safe-

ty against tensile strength of geotextile respectively. The load eccentricity and the 

factor of safety against sliding increases with unit weight of reinforced soil alt-

hough the slope of later one is very negligible. The base length of reinforcement, 

factor of safety against bearing capacity, factor of safety against overturning and 

overall factor of safety against tensile strength of geotextile reduces with increase 

in unit weight of reinforced soil with nonuniform slope. 

3.3 Effect of Cohesion of Foundation Soil 

The cohesion (C) of foundation soil was varied. Figure 4 shows the effect of unit 

weight of reinforced soil to the factor of safety against bearing capacity and fac-

tor of safety against sliding respectively. The factor of safety against bearing ca-

pacity and sliding increases with the increase in cohesion of foundation soil. The 

later one has a very negligible slope. 

Table 1: Unchanged and changed soil parameters. 

Parameter 

changed 

Parameter  

unchanged 

Parameter  

unchanged 

ϕ
* 

γ = 20 kN/m
3 

C = 0 kN/m
3
 

γ
* 

C = 0 kN/m
3
 ϕ = 34

0 

C
* 

γ = 20 kN/m
3
 ϕ = 34

0
 

 

*
 ϕ – Drained angle of internal friction of reinforced soil,  

γ - Unit weight of reinforced soil,  

C – Drained cohesion of foundation soil
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(a)          (b) 

  
 

(c)         (d) 

  
 

(e)       (f) 

  

Figure 3: Effect of unit weight of reinforced soil to (a) required base length of geotextile 

reinforcement, (b) load eccentricity, (c) factor of safety against bearing capacity, (d) fac-

tor of safety against sliding, (e) factor of safety against overturning and (f) overall factor 

of safety against tensile strength of geotextile. 
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(a)         (b) 

   
 

Figure 4: Effect of cohesion of foundation soil to (a) factor of safety against bear-

ing capacity and (b) factor of safety against sliding. 

4 CONCLUSIONS  

In this paper, the effect of various soil parameters on the factor of safety is stud-

ied by using the MSEW (3.0) software. Base length of reinforcement decreases 

with the increase in angle of internal friction of reinforced soil. As a result, factor 

of safety against overturning, sliding and bearing capacity decreases with the in-

crease in angle of internal friction of reinforced soil. Similar results were found 

for unit weight of reinforced soil. Factor of safety against bearing capacity and 

sliding increased with the increase in cohesion of foundation soil. The results of 

this study will help to understand the behavior of the geotextile reinforced soil 

wall and will assist to prepare a design manual for any kind of soil profile. 
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Abstract. The price to the contractor for constructing a project becomes cost to 

the client. In addition to such production cost, there are also transaction costs 

(TCs) to clients, e.g. costs of preparing bidding documents, drawing up a con-

tract, selecting a contractor, administering the contract and dealing with any 

deviations from contract conditions. Examples of TCs incurred by contractors 

include preparing the bids, cost of bid bonds, cost of any risks, cost of delayed 

payments and cost of unsuccessful bids. Such TCs may vary from project to pro-

ject, but are presumably included in contractors’ bid price in the form of over-

heads and profits. However, they are frequently seen to be ignored, or not given 

proper attention to. Moreover, there is a perceived lack of established infor-

mation on exactly what factors contribute to TCs in Brunei construction industry 

and their degree of impact on TCs. With such background, the present paper 

summarizes the interim outcomes from an ongoing study, and focused on re-

sponses from clients and consultants. A set of factors have been identified that 

affect TCs. Some of these factors are identified as more critical than some other 

factors. Next step will be to focus on collecting responses from contractors, be-

fore identifying a set of strategies for minimizing TCs in Brunei Construction.  

Keywords: Brunei, Clients, Construction, Consultants, Transaction costs.  
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1 INTRODUCTION 

Transaction Cost Economics (TCE) considers the transaction as the basic unit of 

analysis in the study of economic organization, and any problem that can be 

posed directly or indirectly as a contracting problem is usefully investigated in 

TCE terms [1].A transaction occurs when a good or service is transferred across 

a technologically separable interface. The main contention is that, in addition to 

the cost of production, there are also transaction costs (TCs) between the parties 

[2]. TCs include the cost of “effort to identify, explicate and mitigate contractual 

hazards‟ [3]. 

For TCE analysis, the organization of construction projects is considered as 

„organization‟ [2, 4]. It is implied in relevant literature that cost of production 

may be what it actually takes, so the focus is to reduce TCs. TCs in construction 

include: the costs originating from setting objectives, integrating contributions, 

making the various managerial decisions and controlling the contributors[5]. All 

these are aimed at achieving client's objectives. It is therefore important for cli-

ents to determine, before entering into contracts, their requirements and objec-

tives, characteristics of proposed transaction(s); and the factors that cause 

transactional difficulties [6]. 

Examples of TCs relating to client include: the costs of preparing a bidding 

document, selecting a contractor, administering the contract and dealing with any 

deviations from contract conditions. Examples of TCs by contractors include 

preparing the bids, estimating, cost of bid bonds, cost of delayed payments and 

cost of unsuccessful bids. These costs may vary from project to project, and de-

pend on the project management efficiency, uncertainty in the transaction (i.e. 

construction project) environment, and nature/behavior of the client [7]. Whether 

low or high, such costs are presumably included in contractors‟ bid price in the 

form of overheads and profits, on which clients can guess from any locally avail-

able construction cost data. However, it was revealed in a recently held seminar 

by the Ministry of Development, Brunei that contractors‟ bids to public contracts 

are alarmingly higher than the available construction cost hand book [8]. This 

indicated the existence of unknown/hidden TCs that contractors suffer. Present 

research project was therefore undertaken to investigate the underlying issues 

and to suggest relevant remedial measures, aiming at minimizing TCs in Brunei 

construction industry in particular and in construction in general. 

2 RESARCH METHODOLOGY  

The overall research project was designed with literature review, two question-

naire surveys and one interview based survey. Present paper summarizes interim 

outcomes of the study, on the basis of ongoing first questionnaire survey. 

The objectives of this paper are to identify and prioritize the factors that affect 

TCs in construction. Data was collected from clients and consultants using a 
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questionnaire, which was designed to meet the above objectives, pilot-tested by 

three industry experts, and improved based on the opinions obtained from the 

experts. Among three, Section 1of the questionnaire included an „introduction‟ 

clarifying the concept of TC and solicited opinions of the respondents. Section 2 

was designed to collect information of the respondents. Section 3requested in-

formation on 59 factors arranged in four groups that potentially affect TC: factors 

relating to (1) client, (2) contractors, (3) project management, and (4) project en-

vironment, as shown in tables 2–5. They were sourced from [7, 9], adjusted to 

suit local situations and refined to meet the opinions obtained from experts dur-

ing the pilot test. Additional spaces were also provided, at the bottom of each 

group, requesting respondents to add any additional factors, if they think suitable, 

and to assess the same. Moreover, blank space was also given at the end of the 

questionnaire to allow respondents to provide any comments on minimizing TC 

in general.   

Public Works Department (PWD) of the government of Brunei Darussalam 

assisted in distributing the questionnaire and collecting the responses from to its 

officers and enlisted consultants. As such,57 responsive responses were received, 

with an average total work experience of 9.6 years, and average experience in 

construction of 8.9, as shown in table 1. This may relate to the quality of the data, 

as they are considered to reflect the experiential knowledge of the respondents. 

During the time of the survey, respondents were working on an array of positions, 

and with various kinds of managerial (e.g. project manager, assistant project 

manager, quantity surveyor, site supervision, and contract manager) and engi-

neering type of responsibilities (e.g. structural designer/ engineer, architects, ar-

chitectural designer, and quantity surveyor).  

Table 1: Summary of respondents‟ profile 

Description of information Client Consultant Total 

Number of responsive Responses  30 27 57 

Average Total work Experience (years) 9.1 10.1 9.6 

Minimum work experience (years) 1.0 1.0 1.0 

Maximum work experience (years) 30.0 33.0 33.0 

Average experience in construction (years) 8.0 9.8 8.9 

Minimum experience in construction (years) 1.0 1.0 1.0 

Maximum experience in construction (years) 26.0 30.0 30.0 

Respondents were asked to score the listed 59 factors in section three, in 

terms of their frequency of occurrence and importance/impact on TC if they oc-

cur, on a scale from 1 to 5: 1 being the „least frequent/important‟ and 5 being the 

„most frequent/important‟. All such responses received were then converted in to 

„frequency index‟ (FI) and „importance index” (II) [10] as: 
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Frequency (or Importance) Index (FI or II) 

= (5n5 + 4n4 + 3n3 + 2n2 + n1) / {5(n5+ n4+ n3 + n2+ n1)} (1) 
 

where,  n1 the number of respondents who scored 1,  

n2 the number of respondents who scored 2,  

n3 the number of respondents who scored 3,  

n4 the number of respondents who scored 4, and  

n5 the number of respondents who scored 5. 
 

The above two indices were then converted in to an overall index called “Se-

verity Index” (SI), by multiplying FI and II. The SI was then used to rank the 

overall implication of each factor on TCs.  

Severity Index (SI) = FI x II      (2) 

As used in this study, FI and II ≥ 0.8 was considered „most frequent / im-

portant‟, between 0.80-.60 „more frequent/important‟, between 0.6-0.4 „frequent / 

important‟, between 0.4-0.2 „less frequent/important‟, and ≤ 0.2 „least frequent / 

important‟ or negligible. For SI ≥ 0.64 most critical, between 0.64 - 0.36 more 

critical, between 0.16-0.36 critical, and ≤0.16 less critical. 

3 SUMMARY OF OUTCOMES 

3.1 Factors Relating to Clients 

Table 2 summarizes the criticality of the factors relating to „clients‟. Two factors 

are seen to be „most critical‟: decision making and „payment on time‟. 

Table 2: Comparing criticality of factors relating to clients 

Factors Relating to Client Severity Index Rank 

Decision making 0.654 1 

Payment on time to contractors & suppliers 0.641 2 

Relationships with other parties: contractors, suppliers,  etc. 0.607 3 

Organizational efficiency 0.597 4 

Change orders (e.g. due to design/scope change) 0.541 5 

Experience in similar type projects 0.514 6 

In-house project management (e.g. as by PWD) 0.456 7 

This is very important in the sense that the respondents are clients and their 

representatives, who are appreciating the impacts of their acts, reflecting and 

agreeing to the alleged perception of the contractors on slow decision making 
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and delayed payments to contractors / suppliers by clients. Other factors are seen 

to be of „more critical‟ as their SI vary from 0.607 to 0.456. Such factors include 

„change orders‟, reflecting the local situation of changes made to designs after 

contract award for construction. 

3.2 Factors Relating to Contractors  

Table 3 shows criticality of the factors relating to „contractors‟. Among 20 fac-

tors used in this group, nine factors are seen to be „most critical‟ (if SI is rounded 

off to two digits after decimal), with 11 factors as „more critical‟. The lowest SI 

of 0.417 implies a general criticality of all factors on TC.  

Table 3: Comparing criticality of factors relating to contractors 

Factors Relating to Contractors SI Rank 

Availability of resources: Labor, tech. staff, equipment, materials 0.714 1 

Qualification of the contractor 0.713 2 

Productivity of the construction team 0.707 3 

Site management and supervision 0.706 4 

Workmanship, degree of rework, etc. 0.687 5 

Relationship with client 0.660 6 

Payment on time from the client 0.639 7 

Availability of subcontractors / specialty contractors 0.637 8 

Reputation in the industry 0.635 9 

Tender validity period 0.610 10 

Experience in similar type projects 0.582 11 

Relationships with subcontractors and suppliers 0.567 12 

Profit margin 0.547 13 

Office Overheads, e.g. administrative & management costs  0.534 14 

Bidding behavior: high, suspicious, cheating, etc. 0.533 15 

Relationships with previous clients that shaped 'present' behavior 0.527 16 

Approach to claims / disputes 0.488 17 

Rate / Chance of winning a bid 0.477 18 

Material substitution 0.433 19 

Special requirements, e.g. duration/amount of bid bond, etc. 0.417 20 

Availability of resource (rank 1, SI = 0.714) reflects the local situation, as 

Brunei has to rely on importing construction materials to run her construction 



M. Motiar Rahman and Noor Hadijah 

 

862 

 

industry, except for ordinary cement and MS bar, which are the only major mate-

rials produced locally. Another significant outcome is „payment on time from the 

client‟ (rank 7)is „most critical‟ to TCs, as there is alleged perception in the in-

dustry about not paying on time. Such realization is therefore expected to im-

prove „on time payments‟ to contractors, as clients and their representatives can 

influence payment to contractors. 

3.3 Factors Relating to Project Management(PM) 

Table 4 summarizes eight factors relating to project management arranged ac-

cording to their ranks. It is seen that „leadership‟ (SI = 0.795) tops the table and 

„conflict management‟ lies at the bottom. Among eight, six factors are „most crit-

ical‟ and the remaining two are „more critical‟. The lowest SI of 0.598 is high 

enough to indicate higher degrees of criticality of all factors, importance of PM 

to TCs &project delivery.   

Table 4: Comparing criticality of factors relating to project management 

Factors Relating to Project Management Severity Index Rank 

Leadership 0.795 1 

Quality of decision making 0.765 2 

Quality of communication 0.761 3 

Technical competency 0.716 4 

Relationships with the construction / project team 0.711 5 

Experience of Project Management Team 0.686 6 

Education/skill of Project Management Team 0.624 7 

Conflict management 0.598 8 

3.4 Factors Relating to Project Environment 

Table 5 presents the severity indices of 24 factors relating to project environment. 

„Payment terms and conditions‟ is seen to top the list, indicating the need for se-

rious attention, as „payment‟ is consistently seen as „most critical‟ factor. The 

remaining 18 factors are „more critical‟. Corporate income tax is seen as the least 

critical (SI = 0.372) in this group of factors, for its low rate, as government en-

courages business. 

4 CONCLUDING OBSERVATIONS 

The paper attempted to identify factors affecting Transaction Costs (TCs) in Bru-

nei construction. All the 59 factors are seen as either „most critical‟ or „more crit-

ical‟ to TCs. The top three factors in project management (PM) group are also the 
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top three factors within the entire sample, indicating the higher criticality of PM 

to TCs. A few individual factors were surfaced out to be „most critical‟: pay-

ments to contractors, H&S, quality and completeness of design at tender stage, 

and decision making by clients. Arguably, these factors need attention for per-

formance improvement in construction. The survey is being extended to contrac-

tors. The next step will be to identify a set of strategies on how to overcome 

identified issues, e.g. those are surfaced out in this paper. 

Table 5: Comparing criticality of factors relating to project environment 

Factors Relating to Project Environment 
Severity 

Index 
Rank 

Payment terms & conditions: progress payment, retention, 

etc. 
0.754 1 

Health and safety requirements 0.732 2 

Quality of Design 0.656 3 

Completeness of design at tender stage 0.642 4 

Pre-contract activities: EIA, feasibility, design, tendering, etc. 0.641 5 

Project duration: reasonableness, i.e. tight, adequate, etc. 0.635 6 

Site conditions / constraints 0.632 7 

Project delivery / contract  method used 0.618 8 

Integration of design and construction  0.603 9 

Approach to risk allocation: risk avoiding or embracing, etc. 0.601 10 

Competition required between bidders 0.573 11 

Nature / Type of the project itself, e.g. buildings, roads, etc.  0.570 12 

Project complexity 0.552 13 

Bonding requirement 0.525 14 

Environmental and/or sustainability requirements 0.522 15 

Incentive / disincentive clauses 0.492 16 

Novelty / uniqueness  of design 0.452 17 

Project uncertainty 0.447 18 

Project auctioning and multiple layer of subcontracting 0.437 19 

Import duties & taxes on materials & construction equipment 0.404 20 

Third party influence on project preparation & construction 0.403 21 

Range of 'non–construction' items included in the project 0.384 22 

Money Exchange rate and fluctuation of price 0.373 23 

Corporate income tax (e.g. for contractors & consultants) 0.372 24 
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Abstract. Ground response analyses are used to predict ground surface motions 

for development of design response spectra, to evaluate dynamic stresses and 

strains, for evaluation of liquefaction hazards and to determine the earthquake 

induced forces that can lead to instability of earth and earth retaining structures. 

The study was based on One–Dimensional ground response analysis by the use 

of program SHAKE 2000 where local site conditions was used for assessing the 

potential amplification of earthquake ground motions with respect to different 

characteristic parameters. A definite earthquake motion from the earthquake 

record database of the program was taken as the input motion. Maximum Shear 

Modulus was determined using SPT Test results. Damping of 5% was considered 

for all the locations. Research was based on 6 Sites (4 in Dhaka & 2 in Khulna). 

Characteristic graphs for the locations were compared to provide decisions 

about their change with respect to type of soil layers, depth, time and frequency 

relating with the input object ground motion. It was found that, the peak ground 

acceleration was high in soft soil areas indicating site amplification in soft soil. 

Maximum amplification ratio about 12 was found in Mouja –Tootpara, Khulna 

region for a frequency of 2 Hz.  

Keywords: Response Analyses, Earthquake, Amplification, Shear Modulus, 

Damping, Amplification Ratio 
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1 INTRODUCTION 

The influence of local soil conditions on the nature of earthquake damage has 

been recognized for many years. Since 1920’s, seismologists and more recently, 

geotechnical engineers have worked towards the development of quantitative 

methods for predicting the influence of local soil conditions on strong ground 

motions. The problem of ground response analysis had become one of determin-

ing the response of the soil deposit to the motion of bedrock immediately beneath 

it. Despite the fact that seismic waves may travel through tens of kilometers of 

rock and often less than 100 m of soil, the soil plays a very important role in de-

termining the characteristics of the ground surface motions [1]. 

The study related to the one dimensional ground response analysis performed 

for site amplification was not much of importance maybe due to the lack of expe-

rienced research works or efficient instruments and programs at early days. Until 

significant earthquakes such as those that have affected Mexico City (1985), San 

Francisco (1989), Los Angeles (1995) and Ahmadabad (2001), Off West Coast 

of Northern Sumatra (2004), Near the East Coast of Honshu, Japan (2011); it has 

become apparent that the amplification produced by such earthquakes may result 

in severe damage to buildings, transportation corridors and other lifeline infra-

structures. Thus site amplification has been identified as one of the important 

factors that controls damage in urban areas from large and moderate earthquakes. 

It has been evident from the past earthquake events that has taken place all 

over the world that the amplification of ground motion is highly dependent on the 

local geological, topography and geotechnical conditions. Past studies, such as by 

Ansary et al [2], Ashford et al [3], Ranjan [4] and Abe et al [5] have demonstrat-

ed the role played by the surface geology in altering the observed seismic mo-

tion.Most of the methods are based on the assumption that the main response in a 

soil deposit is caused by the upward propagation of shear waves from the under-

lying rock formation. As a method of assessment, the one dimensional analysis 

by the program SHAKE 2000 [6] was followed for the local soil conditions at 

several locations to know about the amplification effects on the structures 

made at that locations based on the soil testing information for a particular 

damping and a generalized earthquake data. Background studies were conduct-

ed for the research works on one dimensional amplification analysis on various 

types of soil layers. Bore log data were collected based on SPT test result for 

some of the actual available recent soil test data. 

In this study, the ground response analysis by the program SHAKE 2000 was 

done on the six study locations (Mirpur DOHS (North) and Mirpur DOHS 

(South), Bashundhara Residential Area, Mouja – Baniakhamarin Khulna Sadar, 

Mouja – Tootpara in Khulna and Gulshan -2 area in Dhaka) where the soil test-

ing data of a particular site in that location was used to determine the characteris-

tics of response analysis parameters. The objectives of the studies were to 

assess the potential amplification of earthquake ground motions and to determine 
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certain dominating response analyzed parameters in each of the study locations 

for computing the effects of local soil conditions on account of earthquake 

ground motions. 

2 INPUT PARAMETERS 

The program SHAKE 2000 models the nonlinear variation of the soil Shear 

Modulus and Damping as a function of shear strain. The in-situ soils were sim-

plified to match the present soil types within the program. The soil types present 

on the actual bore log data are made to match the default soil profiles present 

within the program to get the Shear Modulus and Damping values based on the 

soil type at various strata. The Maximum Shear Modulus for sandy soil and clay-

ey soil are determined following equations (1) and (2) in Table 1.0 (the simpli-

fied formulae which considers the SPT value only). 

Table 1.0: Equations for Maximum Shear Modulus  

 
Soil 

Type 
Formulae Variables Unit References Equations 

Sand Gmax= 325N60
0.68 

N60= SPT value 

corrected to 60% 

of the free fall 

hammer energy 

Kip/ft2 [7] (1) 

Clay 
Gmax= 2000Su 

Su = 6 Nf 

Su= Undrained 

Shear Strength, 

Nf= Field SPT 

Value 

KN/m2 [8,9] (2) 

 

The equation for Gmax in equation (1) depends on the value of N60. Here, the 

subscript 60 denotes the free fall hammer energy in percentages. Kovacs [10] 

initially suggested that 55% be adopted as the efficiency at which most drill rig 

systems operated at the time that empirical correlations were made. Seed [11] 

suggested instead, 60% be used since it is associated with the safety hammer, the 

most commonly used SPT hammer in the United States hence Bowles [12] rec-

ommended to be 70%. It was also recommended in [13] to use 60% as the stand-

ard energy ratio because of greatly minimizing field data corrections since it is 

associated with the safety hammer as a commonly used SPT hammer in United 

States. The adoption of this standard energy requires the SPT N values obtained 

using any hammer to be corrected. The correction is done in accordance with the 

equation (3) [13] 

N60 = N f×(ER f/ 60)      (3) 

Where, Nf denotes the field SPT Value and ERf denotes the rod energy ratio 

for hammer used in the investigation (measured). For the calculation as per equa-
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tion (1) ERf of 60% was assumed as the rod energy ratio and the hammer type in 

the site locations was unknown.  Thus from equation (3) putting ERf = 60 we get,  

N60 = Nf      (4) 

The shear wave velocity at the bottom of the bedrock was considered to be of 

700 m/s for the soil profiles. Due to unavailability of an earthquake source that 

influenced a significant amplification in the cities of Bangladesh; an earthquake 

source with a magnitude of 7.3 and a radius of 166 km was considered for the 

analysis for knowing the change in the characteristic curves in the soil pro-

files.5% damping was taken for the analysis. The earthquake at Southeastern, 

Alaska, and 1979 - M: 7.3 R: 166 km - N279E Component - Yakutat Station was 

taken as the input motion for the soil profiles as shown in Figure 1.0. The soil pro-

files of the study areas are shown in Figure 2.0.  

 

Figure 1.0: Acceleration Time History Recorded at Yakukat Station for South 

Eastern Alaskan Earthquake, 1979 from the earthquake record database of 

SHAKE 2000. 

3 OUTCOMES OF ANALYSES 

The results of analyses are obtained by the program SHAKE 2000 in the form of 

characteristic curves. The curve induces the following important defining param-

eters based on which relative discussions on response analysis over the soil pro-

file are provided. 
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a) Bashundhara R/A, Dhaka b) DOHS (North), Mirpur, 

Dhaka 

 

 

c) DOHS (South), Mirpur,Dhaka d) Mouja Tootpara, Khulna 
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e) Mouja Baniakhamar, Khulna Sadar f) Gulshan-2, Dhaka 

Figure 2: Soil Profile for the study locations. 

3.1 Peak Acceleration 

Peak (Ground) Acceleration signifies the maximum acceleration experienced at 

the surface or on the corresponding soil layer. The United States Geological Sur-

vey (USGS) developed an Instrumental Intensity scale (IIS) [14] which maps 

peak ground acceleration and peak ground velocity on an intensity scale similar 

to the felt Mercalli scale. These values are used to create shake maps by seismol-

ogists around the world. Figure 3.0 shows the relative change of peak accelera-

tion with depth where each of the curves represent the soil profiles at the 

particular locations. In all the places there were significant amplification at the 

top surface soil but the highest peak acceleration was observed in Bashundhara 

Residential Area about 0.19g indicating maximum amplification in the soft clay 

layer as shown in Figure 2.0 (a), at the top surface and comparing with the IIS 

scale [14] it was found that the perceived shaking is very strong and there is 

moderate damage potential in that region. The least among the observations was 

obtained in Gulshan -2 areas where the SPT blow counts were higher in the top 

surface as in Figure 2.0 (f) than the other locations. Among the two observed soil 

profiles of Khulna region (Mouja – Tootpara and Mouja-Baniakhamar) though 
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having the same top soil layer as in Figure 2.0 (d) & (e), the peak acceleration 

was higher in Mouja Tootpara. That could be because of the existence of black 

organic clay layer underneath the Grey Soft silty clay layer as in Figure 2.0 (d). 

Most of the observed PGA lies within the region of 0.1 to 0.2 where the per-

ceived shaking is from strong to very strong and the potential damage is from 

light to moderate. For Dhaka city expected intensity of earthquake is around VIII 

(Modified Mercalli Intensity Scale) [14] which may be assumed to correspond to 

a peak ground acceleration (PGA) in a range of 0.2g to 0.25g. According to cur-

rent seismic zoning map of building code, for Dhaka city (Zone II) the PGA is 

around 0.15g on very firm soil, considering site effects it can be 0.20g or more 

[15]. This is similar to the analysis where the range of PGA was found to be 

0.1g-0.2g as shown in Figure 3.0. 

3.2 Shear Wave Velocity  

Figure 4.0 shows the relative change of peak acceleration with depth where the 

curves represent the particular locations of the soil profiles. In case of DOHS 

(North), the shear wave velocity gradually increases from top to bottom, but a 

flat increase in slope occurs between brown to medium dense fine sand to brown 

stiff silty clay as shown in Figure 2.0 (b) from 175 m/s to 400 m/s and again a 

flat decrease in slope occurs from brown stiff silty clay to dense fine sand from 

400 m/s to 190 m/s. For DOHS (South), the shear wave velocity increases with 

depth from 50 m/s to 400 m/s. In case of Bashundhara Residential Area, the 

shear wave velocity is almost equal over the first three clay layers but from third 

grey soft silty clay layer to red very stiff hard clay layer as shown in Figure 2.0 

(a), a flat increase in slope occurs from 100 m/s to 410 m/s and a presence of less 

denser clay layer decreases shear wave velocity to 360 m/s. For Mouja- Ban-

iakhamar, the shear wave velocity increase within the clay layers until there is a 

flat decrease in shear wave velocity from the grey medium dense clayey silt layer 

to grey medium dense silty sand layer as shown in Figure 2.0 (e). In Mouja – 

Tootpara, a decrease in shear wave velocity occurs from the top grey very soft 

silty clay layer to the black organic clay layer then a gradual increase is seen in 

the shear wave velocity to the bottom layer to 385 m/s as shown in Figure 2.0 

(d). For, Gulshan -2, range of variation of shear wave velocity is low within the 

layers, maximum shear wave velocity occurs at the bottom layer which is about 

230 m/s. 
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Figure 3.0  Variation of  Peak 

Ground Acceleration with Depth in 

meters 

Figure 4.0 Variation of Shear Wave 

Velocity with Depth in meters 

 

 
 

 

 

 
 

 

 

 
 

 

 

 

 

Figure 5.0: Showing Amplification Spectrum for different site locations 

3.3 Amplification Spectrum 

Figure 5.0 shows the variation of amplification spectrum (amplification ratio 

from bottom to the top layer) in the soil profiles for the different regions. In 

Bashundhara Residential Area, first order amplification ratio is high about 7.5 for 

1.25 Hz and the second order ratio appears about 6 at 2.5 Hz. the range of varia-

tion is high from 1.5 to 7.5 Hz. On DOHS (North), first order peak amplification 

ratio is 5.5 for a frequency of 1.25 Hz, at a frequency of 2.5 Hz the second order 
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peak amplification ratio is 2.5. For DOHS (South) ,first order peak amplification 

ratio is 6 for 1.25 Hz, and the second order peak amplification ratio is 3.5 for  2.5 

Hz. Whereas in case of Gulshan-2 area, the first order amplification ratio occurs 

at 7.0 for a frequency of 1.5 Hz and the second order peak ratio occurs at 2.0 Hz. 

In case of Mouja – Tootpara, the first order peak ratio appears at 12 for 2 Hz in-

dicating maximum amplification with respect to the bottom layer and the varia-

tion of range is higher from 0.9 to 12. In case of Mouja –Baniakhamar, first order 

amplification ratio appears at 7.5 Hz for 1.25 Hz ,second order peak appears at 

2.5 Hz and the third order peak appears at 4.5 Hz. All the curves where steady for 

a frequency higher than 5 Hz.  

4 SUMMARY 

From the six study location it can be summarized as, shear wave velocity is con-

siderably low within the hard stratum of soil and with the densification of soil the 

shear wave velocity increased. Peak acceleration is highest at the top surface but 

relatively less in hard stratum compared to loose stratum. Among all the loca-

tions the highest acceleration occurs in Bashundhara Residential Area at 22 se-

conds and at 31 seconds about 0.19g for the input motion acceleration of 0.051g 

at 21 seconds. Maximum amplification ratio was at Mouja-Tootpara, Khulna Sa-

dar among all the sites showing potentiality of higher amplification irrespective 

to the surface at the proximity with bedrock/input source. Based on the study, the 

range of peak ground acceleration as was defined in literature was seen to match 

with the analyses in this article as per SHAKE 2000. The analyses also indicate 

the inverse relation with peak ground acceleration and shear wave velocity. 

Where with depth the peak ground acceleration decreases but the shear wave ve-

locity increases for the layers where the shear modulus is high. The amplification 

spectrum indicates the amplification from the bottom (proximity to bed-

rock/source) to the top surface (ground surface).  

5 CONCLUSION 

The study presents an attempt in performing one dimensional analysis by using 

the program SHAKE 2000 for assessing the potential amplification of a definite 

earthquake motion in different types of soil conditions in Bangladesh. For the 

case of simplicity, number of assumptions and simplified relations was used for 

the analysis. Although all the relations adopted in the analysis shows a certain 

consistency with the dataset, it is clear that more data are needed before a final 

decision from the response analyzed parameters can be drawn. Authors are de-

termined for using more exact modulus equations based on micro tremor and 

down hole seismic measurements specifically for Dhaka and Khulna regions in 

their future studies. The results may also vary with the change in the earthquake 

intensity and with the attenuation relations used in the analysis for the program. 
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The study provides handful information about the characteristics of the motions 

likely to develop due to the soil formation underlying the site by defining the 

range of PGA for the study locations that is analogues to previous extensive stud-

ies in literature. Widespread studies are aimed to be conducted in future by the 

authors to present a generalized seismic zoning PGA map and shear wave veloci-

ty variations with depth for major cities of Bangladesh based on the analyses us-

ing SHAKE 2000 and depending on the availability of bore log data of the site 

locations. A number of other characteristic graphs can also be obtained from the 

program. The influence of those is targeted in the future publications. 
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Abstract. The ultrasonic pulse velocity (UPV) method considers indirect way to 

determine concrete strength in situ. Earlier researches conducted in finding the 

relation between concrete strength and UPV were generally limited to specimens 

prepared in the laboratory. Only a few of those relations were developed taking 

the concrete mix ratio into consideration. In the laboratory, good care in design 

and production of concrete are taken. On the other hand, many variations occur 

in the field concrete production. These variations should be considered before 

using strength-UPV relations developed in the laboratory to predict field con-

crete strength. In this study, a relationship is developed between concrete 

strength and UPV by using the data obtained from 2658 cores that are drilled 

from elements (column, beam, and slab) of 825 reinforced concrete structures 

having different ages of strength and unknown ratios of concrete mixtures. This 

relation is compared with previously laboratory developed relations. The relia-

bility of previously developed relations is discussed to estimate in situ compres-

sive strength of concrete. It is found that, in-situ concrete strength-UPV relations 

were less reliable and had very poor correlation with the compressive strength of 

concrete than the laboratory developed relations. 

Keywords:  Ultrasounds, Nondestructive testing, Concrete, Core test. 
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1 INTRODUCTION 

Concrete is the most widely used construction materials. As a result the quality 

of concrete is an important issue. The compressive strength is the most important 

property of concrete, as it is the main criteria to judge the quality of concrete, 

Aydin and Saribiyil 2010[6]. Direct determination of the compressive strength 

requires that concrete specimen must be loaded to failure. Therefore, it requires 

that the specimen to be taken according to standard and specified requirements, 

should be shipped and tested at laboratory. This procedure gives actual strength 

for under construction structures. But this procedure is time consuming and trou-

blesome for existing structures. Because of these problems some of the tech-

niques have been developed to measure other properties of concrete other than 

strength and relate them with the strength and, durability or any other properties, 

Qasrawi 2000[23]. 

The non-destructive test (NDT) methods can be employed for efficient time 

management of a large scale construction project.  

2 EVALUATION OF CONCRETE STRENGTH BY DIFFERENT NDT 

Various NDT that can be used for measuring concrete strength are shown in Fig-

ure 1. 

 

 

Figure 1: NDT techniques that have been or potentially can be used for in situ 

strength assessment of concrete: (a) rebound hammer; (b) Ultrasonic pulse veloc-

ity (UPV); (c) Pull-out-force; (d) Penetration Resistance ;  (e) drilling resistance. 

Gunes 2015[13] 

In the laboratory, access is generally available to opposite surfaces of a test 

specimen, and ultrasonic tests are commonly conducted using direct transmission. 

UPV test is prescribed in ASTM 2002[4] and BSI 1997[8].The principle of test is 

that the velocity of sound in a solid material V,is a function of the square root of 

the ratio of its modulus of elasticity E,to its density ρ, 

V=f (g E/ρ)
 1/2 

     (1) 
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Where, g is the gravity acceleration. In the test, the traveling time of the puls-

es through concrete is recorded. Then, the velocity is calculated as:     

V = L/T     (2) 

Where V= pulse velocity (m/s), L= Length of sample (m), and T= effective 

time (s), which is the measured time minus the zero time correction. Based on 

experimental results, Tharmaratnam and Tan 1990[25] gave the relationship be-

tween the UPV in a concrete V and concrete compressive strength fc as:     

fc = ae
bV

      (3) 

where a and b are parameters dependent upon the material properties, Turgut 

2004[31].The ultrasonic pulse velocity results can be used to check uniformity of 

concrete, voids in concrete, the quality of concrete and concrete products by 

comparing results to a similar concrete, measure condition and deterioration of 

concrete, depth of surface crack, measure strength comparing with previous data 

Qasrawi 2000[23]. 

 

3  EXPERIMENTAL METHODOLOGY AND DISCUSSION 

In this study the relations which are produced in the laboratory are compared 

with relations developed from the core test of existing reinforced concrete build-

ings. For this process starting from June 2013 to February 2015, 2568 cores are 

drilled from 825 reinforced concrete buildings. The age of the buildings varied 

from 5 yrs. to 40 yrs. Coarse aggregate and brick chips are two types of aggre-

gates commonly used in Bangladesh. 

Out of the total collected cores 1561 are of brick aggregate with mean 

strength of 21 MPa and standard deviation of 8.35 MPa. The diameter or core 

samples varied between 44 mm to 104 mm. Length of the sample were in the 

range of 69 to 206 mm. The unit weight of concrete cores varied between 300 to 

21920 kg/m
3
.  Fig. 2 shows the distribution of the core test result of brick aggre-

gate. 

Number of core with coarse aggregates are 1095. They have a mean strength 

of 21 MPa and standard deviation is 8.33 MPa. The diameter varied between 44 

to 112 mm. Length of the sample was in the range of 71 and 241 mm. The unit 

weight of concrete cores varied between 704 to 28037 kg/m
3
.   

Fig. 3 shows the correlation between strength and UPV for brick aggregate 

concrete. Figure 3(a) was drawn using all the cores of brick aggregate concrete 

after discarding. There were 1237 cores. The correlation equation was found to 

be y = 917.26e
0.0003x

, where X= UPV in m/s and Y is strength in MPa. R
2
 value 

for this equation was 0.17. This means that we could explain 17% of the variabil-

ity for the data around the regression line and 83% remained without explanation. 

Fig. 3(b) was drawn using the cores taken from the slab made of brick aggregate 

concrete. It contained 147 cores .The correlation equation was found to be y = 

650.38e
0.0004x

, R
2
 value for this equation was 0.26. It showed a slightly good rela-
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tion than the correlation from all the cores. Fig. 3(c) shows correlation for cores 

taken from beams made of brick aggregate concrete. It contained total of 220 

cores. Correlation equation was found to be y = 938.14e
0.0003x

, R
2
 value for this 

equation was 0.16. It is very close to the relation obtained from all cores. Fig. 3(d) 

shows correlation for cores taken from column made of brick aggregate concrete. 

It contained total of 873 cores. The correlation equation was found to be y = 

981.69e
0.0003x

, R
2
 value for this equation was 0.16 which is similar to the relation 

obtained from beam element and close to relation obtained from all cores. 

Fig. 4 showed comparison between previous studies of strength –UPV rela-

tion established in laboratory with the test results of core obtained from existing 

reinforced concrete structures, Qasrawi 2000[23] and Shariati et al. 2011[24], 

showed the highest degrees of correlation 0.95 and 0.92. Kheder 1999[16] 

showed the lowest value of 0.41.  Among the cores obtained from existing rein-

forced concrete structures, cores obtained from the slab of brick aggregate con-

crete showed highest value of 0.26 and cores from the slab of stone aggregate 

concrete showed lowest value of 0.12. There was a huge variation among rela-

tions obtained in laboratory and relations obtained from existing structures. The 

previous studies derived good correlation between strength-UPV in the laborato-

ry with a particular mix proportion. No clear evidence was provided about the 

effect of mix proportion on relation.  

 

Figure 2: Core test result of brick aggregate  
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a) Strength-UPV relation for all cores of brick aggregate concrete 

 

b) Strength-UPV relation for slab of brick aggregate concrete 

 

c) Strength-UPV relation for beam of brick aggregate concrete 
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d) Strength-UPV relation for column of brick aggregate concrete 

Figure 3: Strength-UPV relation for brick aggregate concrete 

 

 

Figure 4: Comparison of correlation with previous studies 

4 CONCLUSION 

The UPV test has a strong potential to be developed into a very useful and rela-

tively inexpensive in place test for assuring the quality of concrete placed in a 

structure. The main problem in realizing this potential is that the relationship be-

tween the compressive strength and UPV is uncertain and concrete is an inher-

ently variable material. It is clear from the above study that in real field condition 

strength-UPV relations were less reliable and had very poor correlation with 

compressive strength of concrete than laboratory developed relations. The rela-
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tion is influenced by number of factors stated above which would have to be tak-

en in to account if a reasonable prediction of the compressive strength has to be 

made from pulse velocity measurements. Thus, the curve obtained from existing 

RC structures and laboratory specimens can be used only to measure approxi-

mate values of concrete strength. These methods can also be employed for the 

efficient planning of the construction works in huge infrastructure projects. It is 

necessary to know in-situ strength of concrete in order to determine the removal 

time of formwork, the stressing or releasing time for the wires in pre stressed 

members, the loading time for the system in post-tensional elements or the time 

for opening the structure to service safely. For economic and simplicity reasons, 

a two stage method of concrete strength verification can be introduced by a com-

bination of destructive and nondestructive method. Among the various methods 

employed for the assessment of concrete strength in situ, the classical method is 

to involve compression tests on cylindrical specimens produced from cores 

drilled out of the structure. It should surely be recognized as having primary im-

portance on account of reliability and accuracy of the result. 
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Abstract. The purpose of this study was to determine the source of toxic and 
hazardous elements and the levels of heavy metals (Cd and Cr) which intrude 
into chicken meat and eggs because of rapid industrialization. The concentration 
of toxic metals Cd and Cr were determined in chicken meats and eggs by using 
atomic absorption spectrophotomtery (AAS). The concentration of Cr was above 
the tolerance level in all the samples with the highest concentration recorded in 
brain of layer chicken at 10.5 mg/kg. Thigh and leg bone of broiler chicken con-
tained the highest concentration of Cd; 2.53mg/kg. This observation shows that 
concentration of Cd and Cr in chicken are not within safe limits for consumption. 
The meat analyzed may have a serious health hazard to the consumers. 
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1 INTRODUCTION 

The insecurity related with the exposure to heavy metals present in food product 

has aroused widespread concern in human health. Developments in the food pro-

duction and processing technology increases the chances of contamination of 

food with various environmental contaminants, especially heavy metals as well 

as toxic metals.  

With expanding industrialization, more and more metals are entering into the 

environment. These metals stay permanently because they cannot be deteriorated 

in the environment. They enter into the food material and from there they ulti-

mately make their passage into the tissue. Lead, cadmium, mercury and arsenic 

are among the main toxic metals which accumulate in food chains and have a 

cumulative effect. Although contamination of animal feed by heavy metals can-

not be entirely avoided because of the prevalence of these metals in the environ-

ment, there is a clear need for such contamination to be minimized, with the aim 

of preventing both direct effects on animal health and indirect effects on human 

health. 

The risk of heavy metal contamination in meat or flesh is of great concern for 

both food safety and human health because of the poisonous nature of these met-

als at relatively minute concentrations instances of heavy metal contamination in 

meat products during processing have been reported. In other cases, contaminat-

ed animal feed and rearing of livestock in proximity to polluted environment 

were reportedly accountable for heavy metal contamination in chicken meat. 

2 STUDY AREA & SAMPLE COLLECTION: 

2.1 Study Area 

For the study Mirpur12, Mirpur 6, Mirpur 11, super markets in capital city Dhaka 

were selected for study purpose. 

2.2 Sample Collection 

Four types of chicken species were collected from the market of Mirpur 12 no. 

and duck sample was collected from the market of Mirpur 11, Eggs of local 

chicken, broiler chicken (white and brown) were collected from the market of 

Mirpur 12 The samples were collected in polyethylene bags and transported to 

the laboratory for analysis.  

3 METHODOLOGY 

3.1 Sample preparation: 

The collected samples were cleaned with processed water to remove any contam-

inant particles. The samples were cut to small pieces using clean knife. Samples 
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were oven dried at 100ºC.After drying, the samples were ground into a fine pow-

der by a ceramic pestle and mortar and stored till used for acid digestion. Acid 

mixture (10 mL, 70% high purity HNO3 and 65% HCLO4, 4:1 v/v) was added to 

the beaker carrying 5g dry sample. The mixture was then digested at 1000°C till 

the clear solution was achieved. After cooling, the samples were filtered using 

What man 042 filter paper. 

The egg samples were boiled in distilled water and when boiling was com-

pleted albumen and yolk were separately oven-dried at 80 degree Celsius to re-

move all moisture. Every oven-dried albumen and yolk were examined and 

analyzed separately. 

The samples were produced by using HNO3 –HclO4 acid digestion. Since the 

samples were of organic origin with a very high biologic content, HNO3 –HclO4 

digestion was favored over the more common HNO3 extraction for the determi-

nation of metals. This strong oxidizing digestion decomposes organics quickly 

and efficiently. 

                 Finally determination of the heavy metals (Cd & Cr) in the filtrate was 

achieved by atomic absorption spectrophotometry (AAS). 

3.2 Reagents and Solutions 

The chemicals and reagents used for the sample analysis were of all scientific 

grades and distilled water was used in preparation and dilution of all the solutions. 

HClO4 and HNO3 were bought from E. Merk, Germany. 

4 EXPERIMENTAL RESULTS AND ANALYSIS 

The experimental results of Chicken and other sample are analyzed based on 

concentration of heavy metal present in different part of chicken in different spe-

cies. The concentrations of Cd and Cr in thigh, thigh bone, leg, leg bone, breast, 

breast bone, wing, wing bone, liver, brain, heart and eggs of different chicken 

varieties are presented in Table 1, 2, 3 and Fig. 1, 2. 

Table 1: Concentration (mg/kg) of Cd in chicken Samples 

Species Samples 

Thigh Thigh 

Bone 

Leg Leg 

Bone 

Breast Breast 

Bone 

Wing Wing 

Bone 

Liver Brain Heart 

Broiler 2.53 0.0718 0.0179 2.5 2.4 0.279 0.22 0.221 0.307 0.45 0.25 

Layer 0.313 0.056 0.55 0.35 0.86 0.05 0.19 0.078 0.397 0.56 0.26 

Local 0.235 0.035 0.473 0.026 1.39 0.024 0.057 0.27 0.249 0.43 0.35 

Sonali 0.093 0.0026 0.25 0.005 0.132 0.014 0.21 0.004 0.25 0.35 0.3 
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Figure 1: Graph showing concentration of Cd in Chicken 

The concentrations of Cadmium (Cd) were observed in the thigh, thigh bone, leg, 
leg bone, breast, breast bone, wing, wing bone, liver, brain and heart Local and 
Sonali chicken are as presented in Table1 and Fig. 1. The highest concentration 
of Cd was found in the thigh of Broiler chicken (2.53 mg/kg) and the lowest level 
was observed in thigh bone of Sonali chicken (0.0026 mg/kg).Cd is poisonous to 
every system in human body. Since birth it is almost in human body. 

Table 2: Concentration (mg/kg) of Cr in chicken samples 

Species Samples 

Thigh Thigh 

Bone 

Leg Leg 

Bone 

Breast Breast 

Bone 

Wing Wing 

Bone 

Liver Brain Heart 

Broiler 1.82 1.78 1.78 1.79 1.74 2.54 1.72 1.79 1.72 9.0 2.3 

Layer 6.4 2.16 3.8 1.8 1.0 3.2 2.2 2.5 2.74 10.5 4.6 

Local 0.564 0.568 0.546 0.55 0.56 0.46 0.56 0.613 0.56 4.45 0.35 

Sonali 4.18 3.94 3.99 4.10 3.96 3.94 4.0 4.0 3.89 8.5 3.43 
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Figure 2: Graph showing concentration of Cr in chicken 

But once absorbed, it starts to retain in body throughout life time. It has been 
stated by McLaughlin et al. (1999) that Cadmium accumulated in the kidney and 
liver over long period connects with a number of minerals mainly Zn, Fe and Cu. 
Cd can also be the reason of  bone demineralization, either through direct bone 
damage or indirectly as a result of renal dysfunction[3].Cadmium concentration 
was determined in cattle in Poland by Aranha et al. (1994) and Roga-Franc et al. 
(1996) and found that it was above the maximum limit given by 
FAO/WHO,2000.From the observation of the results the concentration of Cd was 
found lower than the permissible limit given by FAO/WHO,2000,except thigh 
and leg bone of Broiler chicken. 

Table 3: Concentration (mg/kg) of Cd & Cr in Chicken Eggs 

Sample 

Name 

Broiler Chick-

en(Brown) 

Broiler Chicken 

(White) 

Local Chicken 

 

 Yolk Albumen Yolk Albumen Yolk Albumen 

Amount of 

Cd (mg/kg) 

0.154 0.107 0.612 0.8 0.276 0.236 

Amount of 

Cr (mg/kg) 

1.84 4.77 3.66 11.8 4.7 4.84 

 

Chromium (Cr) as observed in different parts of chicken showed the highest con-

centration of 10.5 mg/kg in brain of layer chicken and lowest concentration 0.35 

mg/kg in the heart of local chicken. Cr is an important element which plays an 

important role in metabolic functions of human body but at the same time it is 

carcinogenic for organisms [9]. High concentration of Cr may cause harmful 
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health effects [2].The concentrations of chromium in all the samples of chicken 

studied were higher than the permissible limit of 0.20 mg/kg. 

The results related to Cd and Cr levels in chicken egg are in accordance with 

the study carried out in the research which is represented in Table 3. Our meas-

urements for Cd content in the eggs were lower than the standard limit except 

broiler chicken egg (white) samples However, recorded average concentration of 

Cr in eggs was greater than levels found in other local and international standards.     

These levels of heavy metals in chicken samples result from mainly contamina-

tion of the feed.  As a result people that consume chicken meat are likely to be 

exposed to higher heavy metal levels. The facts given herein will be essential to 

set recommendations and standards for heavy metals in different varieties of 

chicken in Bangladesh.  

5 CONCLUSION 

 Among the heavy metals determined in the study, Cr displayed the larg-
est number of samples that exceeded the tolerance level.  

 Levels of Cd in chicken meat were also found to be beyond the tolerated 
limit. Maximum concentration of Cd was found in Broiler chicken. 

 It was found from our research that among the four chicken species pres-

ence of heavy metal (Chromium) was found maximum in Layer Chicken 

as they consume poultry feed for a longer period (18 months) of time 

than other species.  

 Concentration of chromium was minimum in local chicken compared to 

other species chicken. As layer chicken contains maximum heavy metal, 

so consumption of these chicken species should be minimized or avoided 

for human health betterment. 

 The toxic elements are of particular concern as most of the detected con-

centrations in the samples exceeded the FAO/WHO, 2000 guideline val-

ue. Their consequence on the local population due to daily consumption 

of these contaminated chicken and chicken eggs is unknown and de-

serves further detailed study of feed used to feed these poultry chickens.  

6     RECOMMENDATIONS FOR FUTURE STUDY 

Due to limitation of time, equipment and other resource research was not done 

with more number of samples. It was not possible to investigate other chemical 

rather than Chromium and Cadmium present in collected samples. So enough 

scope is there for further studies on this topic. Some are given below: 

 Chicken of certain age which is found in local market was used as a 

sample in our experiment. Chicken of different age can be collected from 
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poultry firm and presence of heavy metal in chicken flesh can be ana-

lyzed according to their age. 

 Because of shortage of time we could not test the concentration of steroid 

and antibiotic in chicken, fish and duck sample. So this test can be done 

for further studies. 

 Human bodies can be analyzed for deposition of Cd, Cr. 

 We have determined only Chromium and Cadmium concentration. Fur-

ther studies on Zn, Mn, and Pb determination in chicken sample can be 

carried out. 

 Chicken sample can be analyzed according to different district of Bang-

ladesh. 
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Abstract. The percentage of urban areas dedicated to streets and public spaces 

is a crucial feature of spatial planning of cities. By 2050 urban mobility will be 

one of the biggest confronts of cities around the globe. This study has been car-

ried out to assess the ratio of public space allocated to the streets in some cities 

of Bangladesh. The length, width, area and number of street crossings have been 

counted for city core and its suburban area, as an indicator of the form and pat-

tern of the street layout. In this exercise, the rest of the public space, like gardens 

and general public spaces for amenities, including sports, are not taken into ac-

count. The methodology of data collection has been through Google Earth and 

GIS software. For precise results, other more sophisticated software is essential. 

Nevertheless, even at these levels of precision, very interesting city patterns 

emerge. The findings of this study show that Bogra, Rangpur, Dinajpur are better 

cities having higher land allocation rate for street, including sufficient crossings. 

Nilphamari and Thakurgaon have lower land area for streets; tend to have lower 

connectivity and productivity. Rest of the cities has average land area for street 

and average number of street crossings. 

Keywords: Intersection, Street area, Street density, Urban mobility. 
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1 INTRODUCTION 

Urban mobility often used to indicate a set of interrelated measures to satisfy the 

mobility needs of people and businesses, today and tomorrow; in city and their 

surrounding areas. Urban mobility can ensure accessibility to the transport sys-

tem to all, improve safety and security, reduce pollution and can make the urban 

environment attractive. It is one of the toughest challenges that cities face today 

as existing mobility systems are close to breakdown (Little A., 2014). The ques-

tion of how to enhance urban mobility while at the same time reducing conges-

tion, accidents and pollution is a common challenge to all major cities in the 

world.  

National guideline for urban mobility planning provides orientation to local 

authorities. In several countries, such as Brazil, France and India, the develop-

ment of urban mobility plans has become an obligatory requirement for receiving 

national government funds for local transport projects (GIZ, 2014). Too often, 

transport infrastructure fails to keep up with the mobility needs of the growing 

urban population. Setting a city on a sustainable course regarding its land use and 

transport system requires a clear roadmap of urban mobility plan. A successful 

urban mobility plan can provide a feasible and powerful strategy to tackle urban 

mobility challenges.  

The percentage of urban areas dedicated to streets and public spaces is a cru-

cial feature of urban mobility. Cities that have adequate street and public spaces 

and greater connectivity are more livable and productive (UN-Habitat, 2013a). 

The significance of urban mobility plan in providing solution for urban transport 

system in Bangladesh holds in stark contrast with the very limited research on the 

topic. Lack of information on characteristics and scale of „Urban Mobility‟ 

makes it difficult to formulate appropriate policies and this paper attempts to un-

cover these facts. 

2 OBJECTIVE OF THE STUDY 

Mobility flows have become a key concern of urbanization. Despite the increas-

ing level of urban mobility worldwide, access to places, activities and services 

has become increasingly difficult (UN-Habitat, 2013b). Many of the world‟s cit-

ies face an unprecedented accessibility crisis, and are characterized by unsustain-

able mobility systems.  

The aim of the study is to examine the state of urban mobility in some select-

ed cities of Bangladesh. It attempts to explore the linkages between percentage of 

urban land allocated for street network and level of urban mobility. The study 

also intends to highlight the status of different mobility parameters of each cities 

and their interrelation on the mobility ranking of all cities. Finally, the study 

plans to compare the state of urban mobility among Bangladeshi cities with some 

international cities.  
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3 METHODOLOGY 

Percentage land area for street, street density and number of intersection are the 

parameters under which mobility ranking of study cities are conducted to propose 

whether a city is highly, moderately or poorly accessible. The study used ortho-

photos and GIS in determination of public space allocated to street in ten north-

ern cities of Bangladesh. The number of street crossings also counted during the 

study. Images from „Google Earth‟ were analyzed in AutoCAD first to find out 

the street length, street area and number of crossings. 

Dinajpur, Bogra, Lalmonirhat, Pabna, Sirajganj, Rangpur, Nawabganj, 

Rajshahi, Nilphamri, Thakurgaon city are selected as study area. At the begin-

ning, orthophotos of those cities are captured from Google Earth. Shape file of a 

particular city (under study) is collected and used in GIS software (Arc View) to 

convert it into KML file for projection on Google Earth. While considering a city 

under study, city core and suburb areas are considered for mobility analysis. City 

core is considered taking a particular radius around the buildup city centre. A 

greater study area has been considered ranging from city center to suburb to 

compare on the mentioned parameters. Using “Add Path” tool in Google Earth, 

street layout of all visible streets is drawn from Google Earth. The entire street 

network of study area including city core and suburb was exported to Auto CAD 

by converting the KML file to DXF file to work in AutoCAD platform. The map 

was drawn in proper scale. The entire area (city core and suburb) is divided into 

number of small blocks, using separate „hatches‟, in Auto CAD. Street length is 

determined using „tlen‟ AutoLISP program. Land area and street area are com-

puted for individual small blocks and the sum of all block determines total urban 

land area for street and the percentage of land allocated to street.  

4 FIXATION OF STREETS IN CITY CORE AND SUBURBAN AREA 

The city boundary is fixed by exporting the shape file of the corresponding city 

in Google Earth. For example, fixing of city core including suburb for Dinajpur 

city is shown in Fig. 1, 2 & 3 respectively. 

 

 

 

 
 

 

 

 

 

 Fig 1: Ortho Photo of  

Dinajpur from Google 

Earth 

 

Fig 3: City Core in 

Yellow Color 

 

Fig 2: Suburb in 

Blue Color 
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Table 1 shows fixation of city core and suburb for Dinajpur city as an example:  

Table 1: Fixation of City Core and Suburb Area (Dinajpur) 

City  

Name 

City core 

area 

(km²) 

Suburb 

 area 

(km²) 

Remarks 

Dinajpur 5.35 15.97 

City core is consid-

ered taking 1.0 km 

radius in „X‟ direc-

tion & 2.0 km radi-

us in „Y‟ direction 

from the city cen-

ter. 

Suburb is considered 

taking 1.35 km radius 

in „X‟ direction & 

4.00 km in „Y‟ direc-

tion from the city cen-

ter. 

5 COMPUTATION OF STREET LENGTH AND STREET AREA 

Entire street layout is drawn in Google Earth (Fig 4). Length, width and land area 

of all streets and number of crossings are counted after the map is exported to 

AutoCAD (Fig 5) from Google Earth. Fig 6 shows street layout, hatched areas 

and street-intersections respectively for Dinajpur city.   

 

 

 
     

 

 

 

 

 

 
 

Following the steps, street databases of all cities are prepared. For example street 

database for Dinajpur is presented in Table 2. 

 

 

 

 

 

 

    Fig 4: Entire Street Network of Dinajpur 

City is drawn in Google Earth. 

Fig 5: Complete Street Network of        

Dinajpur City is exported to AutoCAD for 

Analysis 
. 
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Fig 6: Street Network, Blocks and Marking of Crossings  

for Dinajpur City using Auto CAD. 

 

 

 

 

 
 

 

 

 

 

 

 

 

 

Table 2: Percentage of Land Allocation for Street & Street Density for Dinajpur 
 

Region Total 

Land 

Area  

(km²) 

Total 

Street 

Area 

(km²) 

Street 

Width 

(m) 

Percentage 

of Street 

Area (%) 

Total 

Streets 

Length 

(km) 

Street 

Density 

(km/km²) 

Total 

No. of 

Crossing 

Intersection 

Density 

(Crossing/km²) 

City 

core 
4.07 0.34 3.64 8.35 93.45 22.96 767 188.45 

City 

core & 

Suburb 

15.81 0.93 3.26 5.88 285.41 18.05 1964 124.23 

6 RESULTS & DISCUSSION 

6.1 Mobility Gradation of Cities 

Table 3 shows a very important disparity of land allocation rate for street net-

work, varying from 8.91 to 18.75 percent. This disparity itself is a good entry 

point to describe the urban mobility consequences in cities in Bangladesh. The 

top five cities ranges between 16.35 and 18.75 percent of urban land allocated to 

the street and may be considered as cities having good mobility. Land allocation 

rate falls between 14.18 and 15.94 percent of some cities which are considered 

having average mobility. Finally, cities having land allocation rate between 8.91 

and 9.03 percent, may be considered as cities having poor mobility. Table 4 

shows above average, average and below average ranking of cities based on the 

criteria of street density. Fig 7 and Fig 8 are graphical representation of ranking 

of cities based on percentage of urban land for street and street density.  In both 

cases, Dinajpur and Bogra city are top ranking cities having street density and 
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percentages of street area holds above average range. On the other hand, Nilpha-

mari and Thakurgaon city has the lowest ranking having street density and per-

centages of street area having below average range. The remaining cities like 

Rajshahi (Boalia Thana), Sirajganj, Rangpur, Pabna, Nawabganj and Lalmonirhat 

has average accessibility and mobility.  

Table 3: Ranking of Cities Based on Percentage of Urban Land for Street 

Name of Cities 

Area of 

City 

Core (km²) 

Total 

Street  

Area (km²) 

Percentage 

of Street 

Area (%) 

Ranking 

Based on % 

of Street Area 

Remarks 

Bogra 4.16 0.78 18.75 1 

Above 

Average 

Rangpur 4.52 0.85 18.72 2 

Dinajpur 5.35 1.00 18.69 3 

Sirajganj 3.47 0.58 16.71 4 

Pabna 3.12 0.51 16.35 5 

Rajshahi (Boalia) 3.2 0.51 15.94 6 

Average Lalmonirhat 2.89 0.44 15.22 7 

Nawabganj 5.5 0.78 14.18 8 

Nilphamari 5.76 0.52 9.03 9 Below 

Average Thakurgaon 18.4 1.64 8.91 10 

Table 4: Ranking of Cities Based on Street Density 

Name of Cities 

Area of  

City 

Core 

(km²) 

Length  

of Street 

(km) 

Street  

Density  

(km/km²) 

Ranking 

Based  

on Street  

Density 

Remarks 

Dinajpur 5.35 309.4 57.83 1 
Above  

Average 
Bogra 4.16 238.58 57.35 2 

Lalmonirhat 2.89 146.38 50.65 3 

Pabna 3.12 153.84 49.31 4 

Average 

Sirajganj 3.47 164.15 47.31 5 

Rangpur 4.52 203.08 44.93 6 

Nawabganj 5.50 240.61 43.75 7 

Rajshahi (Boalia) 3.20 117.49 36.72 8 

Nilphamari 5.76 160.27 27.82 9 Below  

Average Thakurgaon 18.4 406.02 22.07 10 
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Thakurgaon 8.91

Nilphamari 9.03

Nawabganj 14.18

Lalmonirhat 15.22

Rajshahi (Boalia) 15.94

Pabna 16.35

Sirajganj 16.71

Dinajpur 18.69

Rangpur 18.72

Bogra 18.75

02468101214161820

Percentage of Land Allocated for Road

Thakurgaon 169.46

Nilphamari 281.94

Boalia 599.69

Bogra 618.75

Nawabganj 725.64

Rangpur 753.98

Sirajganj 838.04

Pabna 850

Lalmonirhat 905.19

Dinajpur 1267.48

0 300 600 900 1200 1500

Number of Street Intersection 

 

 

 

 

6.2 Relation between Percentages of Street Area and Intersection Density 

Figure 9 establishes the inter-connection of the two variables studied above. The 

ranking of cities is provided for each variable and the linkage between the two 

variables. Ten cities have been chosen in order to have a wide variety of cities.  

 

 

 

 

 

 

 

 

 

 

 

 

The central area of the city has been chosen, meaning areas of less than 5.0 km
2
, 

in order to ensure the comparability of different cities. This provides for an inter-

esting mixture of space and pattern which explains about the efficiency of the 

city. The result explores these factors in order to develop efficient tools of plot-

ting for the matrix of the public space in the urban areas. 

6.3 Frequency of Cities based on the Mobility Parameters 

It is important to understand that the quantity of the public space is not related to 

the price of land. In general, the price of land is much higher in cities that have 

more public space. This should be an additional reason to ensure proper delinea-

Fig 9: Inter-relation between Percentages of Street Area & Intersection Density 

Fig 7: Ranking of Cities in 

Based on Percentage of Land for 

Street 

Fig 8: Ranking of Cities Based on 

Street Density 
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tion of unbuilt space at the beginning of urbanization, when the price of land is 

cheaper. Figure 10 shows that there are about 5 cities having land area more 16% 

for street network and only 2 cities having lass than 12% land for street. Cities 

are more accessible and attractive if the street area and open space are more.  

Figure 11 displays the number of street intersections per km
2
 of urban ar-

ea in selected cities as measured by the described methodology. Cities range 

from 1267 (Dinajpur) to 169 (Takurgaon) crossings per km
2
. Cities having more 

crossing are considered walkable and appropriate in many cities, in order to gen-

erate street life and for moving goods and services productively and efficiently. 

Majority of cities of Bangladesh have good number of intersection.   

 

 

 

 

 

 

 

 

 

 

 
 

 

 

6.4 Comparison between International and Cities of Bangladesh 

Fig 12 provides a clear representation of scale of urban mobility among various 

international cities and Northern cities of Bangladesh based on percentages of 

land area for street and number of crossing respectively. In general, international 

cities have more urban lands allocated for street and more intersections, which 

causes better mobility.  

7 CONCLUSION 

Ranking of cities according to the parameters gives a clear depiction of how mo-

bility strengthens the accessibility of a high ranked city (Bogra) whereas weakens 

that of a low ranked city (Thakurgaon). These findings provides an entry point 

for addressing the issue of urban mobility, inefficiency or lack of urban planning 

and clearly suggest the high priority that cities in Bangladesh should put on early 

attention to planning when land is still inexpensive, in order to avoid future grid-

locks and congestion.  

Fig 11: Frequency of Selected Cities 

having Different No. of Intersections 

 

Fig 10: Frequency of Selected Cities hav-

ing Different Percentage of Land for 

Street 
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Abstract. In order to investigate the traffic flow characteristics, finding out fun-

damental diagram (FD) is one of the most important requirements. In fact, the 

FD (describing flow-density, speed-density or speed-flow relationship at a given 

location or section of the roadway) is a basic tool in understanding the behavior 

of traffic stream characteristics in macroscopic flow models. However, the struc-

ture of FD has not been investigated to model heterogeneous traffic condition. In 

this regard, two test sections having non-lane-based heterogeneous traffic com-

position were selected in Dhaka-Chittagong (N-1) Highway, Bangladesh. More-

over, considering the study objective, the test sites include a special geometric 

characteristic. Specifically, the test sections merge from two lanes to single lane 

in each direction. Three hour high-resolution traffic data was collected in these 

two sections in one direction (from Chittagong to Dhaka). Analyzing these data, 

the representative structures of FD along with the trends of the FD parameters 

were found out through calibration for representing the merging of heterogene-

ous non-lane-based traffic flow behaviour of highways. 

Keywords: Heterogeneous traffic, Fundamental diagram, Jam density, Multiple 

regression. 
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1 INTRODUCTION 

The fundamental diagram (FD) is a speed-flow-density relationship that reflects 

the interrelation between these traffic flow parameters. It is of several equivalent 

forms: flow-density (occupancy), speed-density (occupancy), speed- flow with 

two foliations: upper limb and lower limb and sometime another point of capaci-

ty drop is found. It started from classical work of Greenshields [1], which pro-

vide a basic tool for traffic modelling. Traffic flow parameters can be estimated 

from gathered field data and empirical relationship in FD. The models within the 

fundamental diagram framework can be classified into two main classes. The 

first class is associated with Lighthill-Witham-Richard model (LWR) [2], where 

capacity of a roadway is denoted as the maximum flow in FD. An example of 

this model is Cell Transmission Model (CTM) by Daganzo [3]. The second class 

is associated with the classic General Motors (GM) model of Herman, Gazis, 

Rothery, Montroll and Potts [4] which states that at the beginning of critical den-

sity, there is instability of steady model state at the fundamental diagram. This 

instability is associated with a finite value of driver’s reaction time. Examples of 

GM models can be Optimal Velocity (OV) model by Newell, Witham and Bando 

et al. [5], Payns’s macroscopic model [6], Wiedemann’s physiological traffic 

flow model [7], Nagel-Screckenberg Celular Automata (CA) model [8], Intelli-

gent Driver Model (IDM) by Treiber et al. as well as huge other traffic flow 

models are found.  Considering the number of state variables used to present traf-

fic dynamics, macroscopic models are categorized into two major types: (1) 1
st
 

order; and (2) 2
nd

 order. 1
st
 order traffic models contain a conservation equation: 

flow equals to the speed multiplied by density and a steady-state speed-density 

relation showing linear relationship of FD in Figure 1. 2nd order traffic models 

have an independent speed dynamics in addition to the 1
st
 order models hence 

showing non-linear relationship of FD in Fig 1.  

In Bangladesh, where non-lane based heterogeneous traffic situation prevails, 

it is necessary to model FD for traffic operation and long-time traffic planning. 

Considering this, the primary objective of the paper is to model FD in context of 

Bangladesh and to investigate changes in shape and nature of FD in converging 

heterogeneous traffic flow situation in N-1 national highway. 

This paper will present the data collection and analysing procedure in the test 

site. After that representative FD will be formed to represent the traffic flow pa-

rameters. Here R
2
 and Root Mean Square Error (RMSE) value of the curve along 

with nature of traffic flow will be considered for FD validation. 

The second part of the paper will give a comparative study of the best fitted 

FD for converging traffic flow situation. Here traffic from two-lane to traffic of 

single lane is considered for converging situation. The comparison will be based 

on fundamental traffic flow parameters.  
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Hence at the end of the paper, the shape and flow parameters will be found for 

non-lane based heterogeneous converging traffic in national highway of Bangla-

desh. 

2 METHODOLOGY 

2.1  Study Area 

The test segment was chosen in Dhaka-Chittagong highway (N-3 Highway) 

Bangladesh, which links Dhaka and Chittagong, two major cities in Bangladesh. 

The location is shown in Fig 01. Traffic data was collected in two points, the 

two-lane highway point 01(23°35'56.76"N 90°37'10.84"E) was in the upstream 

and the single-lane highway point 02 (23°35'57.14"N 90°37'10.65"E) was in the 

downstream where merging traffic flow situation was found. The interval of the-

se two point is .37 mile. The lane width was found 3.05m with 1.22m shoulder. 

Traffic distribution is found as: Truck 33%, Bus 20%, Car 17%, Pickup 13%, 

CNG Auto-rickshaw 10%. The two directional traffic is separated with raised 

divider in point 01 and with road marking in point 02. Lane discipline was absent 

in these points. As mild bend was present, data collection points are not visible.   

  

   
Figure 1: Test location map (courtesy: Google Map) (left), Details of camera set-

ting at point 01 (right) (Data Collected on 26 October 2015; 0900 to 1200Hr) 

 

2.2 Data Collection and Processing 

As FD will represent the fundamental parameter of highway, high resolution data 

is necessary for calibration. Under existing road condition, it was challenging to 

collect high accuracy data. Moreover loop detector is not recommended for the 

test site due to measurement error caused by non-lane-based movement of vehi-

cles activating either both or neither of two adjacent detectors. Also traffic cam-
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eras for vehicle detection are absent along the corridor. Under these circumstanc-

es, video cameras are installed at the two points of study site to provide traffic 

data for the research using image processing technique. 

Two video cameras are installed in two locations along the mainline. Object 

detection algorithm has been developed based on Background Subtraction (BGS) 

for extracting high resolution data from video footage. The developed algorithm 

successfully detects non-lane-based movement of vehicles. It can also identify 

non-motorized traffic, dark car and shadow quiet accurately. The algorithm ad-

dresses some of the major problems faced in the BGS technique, like the camou-

flage effect, camera jitter, sudden illumination variation, low camera angle and 

elevation etc. video data and vehicle geometry are provided as input to the algo-

rithm and it gives vehicle count and time mean speed at the test site. For measur-

ing traffic flow, strip based counting method combining successive incremental 

differentiation is used. On the other hand, measuring speed, the algorithm seg-

ments the whole field of vision and detects the changes in centre of area of an 

object in each segment to find the corresponding pixel speed. Then calibrating 

the pixel distance with the field distance, instantaneous and time mean speeds are 

obtained, which can easily be converted to space mean speed. The developed 

algorithm has been proved to give highly accurate data with minimal Mean Ab-

solute Error (MAE) of flow and speed measurements. The density of the traffic 

stream for the research is estimated from the measured flow and speed. Three 

hour data of 25
th
 August 2015 was collected which covered both free flow region 

and congested region for calibrating FD. To ensure better quality of data camera 

height was maintained 25ft and 18ft for point 01 and point 02 respectively as 

shown in Figure 01 (right) to reduce object details detected. Camera angle of pro-

jection was also maintained less than 45
0
 so as to cover approximately 150ft in 

the test site and to avoid perception problem.  

3 CALIBRATION OF FUNDAMENTAL DIAGRAM 

Different types of FD are proposed over year depending upon the traffic flow 

condition, roadway environment. To derive most appropriate FD for our test sites, 

more established models are tested and the field data are fitted to the representa-

tive equations with the help of Least Square Approach. In general, flow (q) is a 

concave function of density (  ) in [0, j ] ( j is jam density) and also speed (v) 

is a function of density (  ) generally showing decreasing trend. 

To investigate the nature of FD of v  relationship of heterogeneous non-

lane-based traffic situation oud field observed data are fitted in five different 

models, namely Greenshild’s Linear Model, Edie’s Logarithmic Model, Polyno-

mial Model of two degree, three degree and Exponential Model shown in Figure 

2 and Figure 3. The result found from these model fitting are tabulated in Table 1 

and Table 2. 
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Figure 1: Five Different Model of FD for two lane highway. 

Table 1: Results from different Model fitting for Two Lane Highway Data 

Model  Equation R2 RMSE 

Greenshield’s  

Linear model 
0.1413 27.47v k   0.8914 1.979 

2nd degree model  20.000325 0.1924 28.84v k k    
0.9042 1.918 

3rd degree model 6 3 26.625 10 0.00195

0.2992 30.53

v k k

k

   

 
 

0.9118 1.871 

Edie model  

(logarithm model) 
47.71 7.45log( )v k   

0.855 2.322 

Exponential  

Model 

0.008630.13 kv e  
0.8986 1.913 

The first analysis is for test point 1, two lane highway. From Greenshild 

Model, it is found that R
2
 and RMSE value are 0.8914 and 1.979 respectively 

with initial fv  is found 27.47 mph and j  as 179 veh/mile-lane (vpml). Two 

degree model curve fitting shows more accurate relationship, R
2
 and RMSE val-

ues are 0.9042 and 1.918 with fv of 28.84 mph and j is not within limit. Three 

degree equation shows R
2
 and RMSE value of 0.9118 and 1.871 with fv of 30.53 

mph and j as 175 vpml. Edie’s Logarithmic Model shows unnatural behaviour 

of infinite initial speed and jam density out of the limit. Exponential Model have 

R
2 

and RMSE value of 0.8986 and 1.913 respectively with fv of 30 mph and 

j is found infinite without intercepting the axis. 
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Figure 2: Five Different Model of FD for single lane highway. 

 

Table 2: Results from different Model fitting for Single Lane Highway Data 

Model  Equation R
2
 RMSE 

Greenshields funda-

mental model 
0.199 19.41v k    0.7294 2.711 

2
nd

 degree model  20.0031 0.4901 24.6v k k    
0.8925 1.732 

3
rd

 degree model 5 3 21.923 10 0.0062

0.6303 26.14

v k k

k

    


 

0.897 1.719 

Edie model  

(logarithmic  model) 
37.72 7.481log( )v k   

0.87 2.003 

Exponential  

Model 

0.022324.92 kv e  0.8696 1.882 

 

Another analysis is made for point 2 single lane highway. In this merging traf-

fic condition five types of models fitted and hence the results are found. From 

Greenshild model fitting, R
2
 and RMSE value are found as 0.7294 and 2.711 re-

spectively with fv of 19.41 mph and j of 88 vpml. For two degree model fitting, 

R
2
 and RMSE value are found as 0.8925 and 1.732 respectively with fv of 24.6 

mph and j of 75.66 vpml as lowest point in the curve. Three degree model 

gives R
2
 and RMSE value as 0.879 and 1.719 respectively with fv 26.14 mph 

and j 186 vpml.  Edie’s logarithmic model also shows unnatural behaviour of 

infinite initial speed and j is found as 130vpml. Exponential Model shows R
2
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and RMSE value are 0.8696 and 1.882 respectively with fv of 25mph and j are 

found infinite without intersecting the axis.  

4 RESULT 

A comparison is made based on found results of R
2
 and RMSE value is made in 

table 3.  

Table 3: Comparison of R2 and RMSE value of different model 

Model  Two Lane Highway Single Lane Highway 

R
2
 RMSE R

2
 RMSE 

Greenshield’s  

Linear model 

0.8914 1.979 0.7294 2.711 

2nd degree model  0.9042 1.918 0.8925 1.732 

3rd degree model 0.9118 1.871 0.897 1.719 

Edie model  

(logarithm model) 

0.855 2.322 0.87 2.003 

Exponential Model 0.8986 1.913 0.8696 1.882 

Considering the R
2
 and RMSE value 3 degree model and exponential model 

are best suitable for both cases. Therefore, nature of curve and value of parame-

ters are required to consider for investigation. 

Exponential model for two lane and single lane highway are showed in Fig 3. 

The trend in both cases shows decreasing downward. Free flow speed value re-

duces from 30 mph to 20 mph for merging from two lanes to single lane. But jam 

density cannot be defined in both cases. 

 

Figure 3: Comparison of Exponential model for point 1 and point 2. 
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Figure 4: Comparison of Three Degree model for point 1 and point 2. 

After calibration of three degree model for both two lane highway and single 

lane highway free flow speed is found 14.4% reduces in merging condition from 

two lane to single lane highway. Traffic density value depends on the length of 

vehicles, occupancy in that link and distance gaps between them. The model es-

timate Jam density of 175 vpml for two lane and 186 vpml for single lane high-

way. In these high density condition when density approaching jam density, this 

model estimate speed value higher for single lane highway segment than two 

lane highway segment. This behaviour is due to gap acceptance of vehicles in 

these section and presence of raised divider in two lane segment. Due to absence 

of raised divider and presence of road marking, when the density approaching 

jam density, some vehicle access roadway crossing the read marking. This is the 

main reason of estimation of increased velocity and higher density in interval of 

100 vpml to 186 vpml for single lane highway. As density value is dynamic, 

change with variable, increased jam density value found in single lane highway 

won’t disturb the model. Hence the 3 degree FD model we found after the inves-

tigation represents most reliable and realistic representation of the merging two 

lane to single lane traffic condition in N-1 highway of Bangladesh. 

5 CONCLUSION AND FUTURE RESEARCH 

A thorough and comprehensive literature review in introduction different funda-

mental diagram model is found but there is no specific fundamental diagram for 

non-lane-based heterogeneous traffic situation. So in this study we have collected 

field data with approximately 15% error and calibrate different fundamental dia-

gram with these data. After very comprehensive analysing three degree FD mod-

el satisfy the limiting conditions and behaviour of the two test sites. Hence 

following remarks are found from the model. 

(1) Free flow speed when density approaches to 0, is 14.4% higher for two 

lane highway. 
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(2) Initial slope of single lane highway is steeper than that of two lane high-

way which shows speed reduces drastically in single lane highway due to less 

headway distance. 

(3) Roadway without raised divider shows higher jam density value because 

of driver behaviour. 

This three degree model is useful in finding v  relationship in highways of 

Bangladesh which will be further used in car following model, lane changing 

model in heterogeneous, non-lane-based merging traffic condition. Further study 

on this area will be focused on modelling fundamental diagram for other road-

way condition of different national highways of Bangladesh, so that we can mod-

el more generalised model to be used globally. 
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Abstract. Road traffic accidents and corresponding causality are the most con-

cerning issue in the transportation sector of a developing country like Bangla-

desh where road crashes are remarkably high. According to police reported road 

traffic accident database, every year about 2800 or more accidents occur in 

Bangladesh. This research analyzes the various accident data from year 2007 to 

2011 using Microcomputer Accident Analysis Package (MAAP5) software in 

route N8 (Dhaka – Mawa – Barisal –Patuakhali National Highway) in Bangladesh. 

This research reveals accident prone locations which are commonly termed as 

black spot and Hazardous Road location (HRL) on the route N8 followed by es-

tablishing maps by Geographic Information System (GIS). Head-on, rear-end, 

overturning, side-swipe and hit-pedestrian are the most dominant types of acci-

dents. Analysis shows that maximum number of accidents occurred in fair weath-

er in route N8. The result clearly indicates that buses contribute mostly in the 

accidents. 

Keywords: Accident, Dhaka-Barisal (N8) highway, Black spot, Hazardous road 

location, GIS, MAAP5. 
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1 INTRODUCTION 

Road safety problem draws significant attention in a developing country like 

Bangladesh where road crashes are extremely high. Road traffic accidents and 

the corresponding deaths are the most concerning issue in the transportation sec-

tor of the world.  According to WHO‟s global status report on road safety 2013, 

more than 1.24 million people die each year on the world‟s roads. Only 28 coun-

tries, covering 7% of the world‟s population, have comprehensive road safety 

laws on five key risk factors: drinking and driving, speeding, and failing to use 

motorcycle helmets, seat-belts and child restraints (WHO, 2013). It has been es-

timated that over 300,000 persons die and 10-15 million persons are injured eve-

ry single year in road traffic accidents throughout the world. According to police 

reported road traffic accident database, every year about 2800 or more accidents 

occur in Bangladesh. But the actual estimated road fatalities are as high as 

10,000-12,000 each year (Rabbi, 2013). Other sources estimated the fatalities as 

high as from 12,000 to 20,000 per year. Moreover, road accidents have been 

shown to cost around 1% of annual gross national product (GNP) resources of 

developing countries, which they can ill-afford to lose (Kalga and Silanda, 

2002).Being a developing country the road safety situation in Bangladesh is very 

severe compared to international standards. Dhaka – Mawa – Barisal – Patuakha-

li national highway (N8) is one of the major routes where a lot of road accident 

took place. This study focuses particularly on accidents in the N8 route aiming to 

examine the distribution of accident by types with particular emphasis on identi-

fication of Hazardous Road Locations (HRL) and Black spot. 

2 LITERATURE REVIEW 

2.1 Accident Database and GIS History and Application in Transportation 

Geographic information system (GIS) is a computer system for capturing, storing, 

querying, analyzing and displaying geographic data. Establishment of the geo-

graphic referencing scheme is the major contributor in making data more readily 

available. Since early stage of GIS, it is noticed that a vision of information tech-

nology outside the traditional transportation data analysis and even outside GIS 

was needed to implement this technology (Lewis, 1990). Another study Apparao 

et al. (2013) focused on identification of accident black spots for highway using 

GIS for some countries of weak economy. Road traffic accidents have been rec-

ognized as one of those adverse elements which contribute to the suffocation of 

economic growth in the developing countries, due to the high cost related to them, 

hence causing social and economic concern. So Traffic safety is an important key 

and integral role in sustainable transportation development areas. 
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2.2 Accident Data Analysis Using MAAP5 and GIS 

Accident analysis of N1 National Highway was conducted by analyzing five 

years accident data from the year 2007 to 2011. The accident data was collected 

from the MAAP5 database of Accident Research Institute (ARI) of Bangladesh 

University of Engineering and Technology (BUET). The Hazardous Road Loca-

tions (HRL) and Blackspots were identified by analyzing total and fatal accident 

data on the highway. Accident data was analyzed at every 100 meter interval on 

the road. The locations which have three or more fatal accidents and/or five or 

more total accidents during the six year time period have been identified as HRL. 

(Alam M. and Ahsan H. M., 2013).Hauqe (2007) has analyzed a portion of N5 

National Highway named Dhaka-Aricha highway by analyzing five years acci-

dent data from the year 1998 to 2004. The locations which have at least three 

accidents during the seven year time period have been identified as HRL. 

3 ANALYSIS 

The study involves crash data collection and analysis by using MAAP5 software 

to identify black spot or HRL using Geographic information system (GIS). GIS 

has been identified as an excellent storing and managing software for these types 

of data and possesses a better visualization system. 

3.1 Data Collection 

In Bangladesh there are many sources for collecting road accident data e.g. police 

records, hospitals, newspaper reporting etc. However the basic source of accident 

data is the Accident Report Forms (ARF), which is primarily filled up by police 

personnel. These ARF and MAAP5 soft copy are edited by Accident Research 

Institute (ARI), BUET. Accident data was analyzed for the period of 5 years 

from 2007-2011. Findings are organized by accident severity, accident categories, 

accident period, collision type, vehicle involvement in the accident, routes where 

accidents took place, pedestrian-casualties etc. Accident data was analyzed for 

the period of 5 years (2007-2011) for identifying black spot or HRL. 

On any road network, it has been seen that accidents are not randomly distrib-

uted, but are clustered at certain locations. Accident data was analyzed at 100 

meter interval on the N8 route. In a 100 meter segment of a highway if accident 

number is three or more in 5 year period then the location is termed as black spot. 

Similarly in a 1000m segment of a highway if accident number is four or more in 

5 year period then the location is termed as hazardous road location (HRL). The 

procedure followed in identification of Blackspot or HRL on Dhaka-Barisal 

highway is divided into few steps. The steps are shown in figure 1: 
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Figure 1: Steps Followed in GIS for Blackspot and HRL identification. 

3.2 Data Analysis using MAAP5 Software 

This section discusses the characteristics and striking features of overall road 

traffic accidents on national highways in Bangladesh. Accident data analysis was 

conducted for the period of 5 years from 2007-2011. The analysis involves the 

determination of accident and severity in the following two categories:  

1. Accident of all route in Bangladesh 

2. Accident of N8 route in Bangladesh (Dhaka – Mawa – Barisal -Patuakhali 

National Highway). 

3.2.1 Accident of all routes in Bangladesh 

The analysis involves the determination of accident and severity depending on 

several features. 

Accident Severity: Analysis shows that accident in different routes of national 

highways in Bangladesh. Percentage of accident was 19%, 16%, 8%, 8%, 24%, 

5%, 7%, 9% and 4% in route number N1 to N9 respectively. 80% of all accidents 

are fatal and 15% are grievous type. Fatality index is highest (1.59) in route N4. 

Road Class: Figure 2 demonstrates accidents in different routes depending on 

road class. Result shows that 46% of total accident occurred in national highway 

which was the maximum. 18% of the total accident took place in city road, and 

14% was in regional road. 

Collision Type: Figure 3 shows that 42% of total accidents was vehicles hit pe-

destrians type, while head on collisions was about 23% of total accidents.  

Scaning of a Map 
containing the study 

route 

Selection of a 
Projection System 

Creation of Shapefile 
Accident attribute 

table generate 

Dividing the shape file 
Joint attribute table  

with shape file 
Querying shapefile to 
get Blackspot or HRL 

46%
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12%

10%

18%

National Regional Feeder Rural City 

 

23%

13%

6%7%
1%2%

3%

42%

3%

Head-On Rear-End
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Other  

Figure 2: Accident in different road 

class 

Figure 3: Distribution of accidents by  
collision type 



Identification of HRL and black-spots on Dhaka-Barisal National Highway  

 

915 

 

Rear end collisions were 13% of the total accidents.  

Pedestrians Accident: Figure 4 shows a comparison between total number of 

accidents and pedestrian accidents in different routes of Bangladesh. Figure 4 

demonstrates  clearly that in N3, N6, N7, N8 and N9 the difference between the 

total number of accident and the total pedestrian accident in the routes are com-

paratively less, which means that in these routes, pedestrian accident frequencies 

are higher. Therefore pedestrian safety is a major concern for those routes. 
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Figure 4: Comparative accidental number of hit pedestrian and total accident. 

3.2.2    Accident in route N8 in Bangladesh 

The analysis involves the determination of accident and severity features accord-

ing to environmental characteristics, road related characteristics. 

Environmental characteristics 

Table 1: Distribution of accidents and casualties by year 

Year Accidents Number Casualties Number Casualty/Accident 

2007 100 145 1.45 

2008 110 178 1.62 

2009 64 132 2.06 

2010 41 87 2.12 

2011 40 80 2 

2012 43 73 1. 70 

Total 398 695 1.75 

Year: Table 1 illustrates yearly distribution of accident and corresponding cau-

sality. In 2007 casualties per accident rate was 1.45 and in 2010 the rate was 

the maximum (2.12). In 2012 casualties per accident was 1.70.  Although acci-

dent frequency is decreasing but casualties per accident are increasing. 

Time of Day and Lighting Condition: Figure 5 illustrates hourly distribution 

of accident in route N8. It is clear that accidents are more frequent between 

9.00am-12.00pm. It is about 23% of total accident. In between 12.00pm -
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3.00pm the accident frequency is also high. Figure 6 demonstrates that, most of 

the road accident and corresponding casualties occur in day light period. The 

frequency of accident in dusk is 12% of total accident in route N8. At night in 

darken condition 11% of total accident occurred. Point should be noted that at 

night traffic volume in route N8 is comparatively low. 
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Figure 5: Accident distribution by time       Figure 6: Accident distribution by 

lighting 

Weather conditions: Table 2 shows the relationship of weather and vehicular 

contribution with accident rate. Analysis shows that maximum number (94%) of 

accidents occurred in fair weather in route N8. Bi-vehicular accident frequency 

represents the accident between two vehicles occurring in a particular weather. 

Bi-vehicular accident frequency is 57.15% in rainy weather. It is determined by 

the percentage of accidents occurring in contribution to two vehicle divided by 

the total number of accidents in that particular weather. At Fair weather bi-

vehicular accident frequency is 35.2%. In fair weather chances of occurring acci-

dent between two vehicles are comparatively low than others. 

Table 2: Distribution of accidents by weather 

 

Weather 

Accident Number  

No. of Vehicles 

Contribution 

Total Bi-vehicular  acci-

dent Frequency 

 1 2 3   

Fair 242 132 1 375 35.2% 

Rain 6 8 0 14 57.15% 

Wind 0 1 0 1 100% 

Fog 5 3 0 8 37.5% 

Total 253 144 1 398  

Road related characteristics: Figure 7 shows the distribution of accident in dif-

ferent types of junction. 82% of total accidents occur in non-junction in route N8. 

In other types of junction and T junction the percentage of accidents are 9% and 

5% respectively.  Figure 8 shows the availability of divider in accident locations 
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of route N8. Result depicts that maximum accident occurs in the locations where 

no divider is present. 

 

5%

95%

yes

No

 

Figure 7:Accident distribution by  type of  

junction 

Figure 8:Accidents according to 

availability of road divider 

3.3 Black-spot or HRL Identification 

The study investigated a total length of 191 km of route N8. The highway under 

study encompasses varied geometrical and environmental condition. For accident 

analysis purpose the highway was divided into 1910 divisions where each section 

covered 100m length. The HRL and Blackspot location of this road on basis of 

accident data from year 2007 to 2011 is presented in Figure 9.  

 

Figure 9: Blackspot and HRL on N8 highway (Map.1) 
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Table 3: Blackspot or HRL on Dhaka-Barisal highway (2007-2011) 

Type
* 

km Post Lengt
h (m) 

Location Total 
accident 

H1 7 to 7.5 500  Equria Bazar / Bus Stand 5 

P1 13.9 to 14 100 Abdullahpur Bazar / Bus Stand 4 

P2 50.8 to 50.9 100 Arial Kha Bridge (E) 3 

P3 57.6 to 57.7 100 Solindia Bridge 3 

H2 59 to 59.7 700 Maligram Bus Stand,  Maligram 
High School (R) 

12 

H3 184.5 to 185.3 800 Takerhat Bridge ,  Gopalganj (L)  
Intersection 

5 

H4 199.6 to  19.8 200 Mostafapur Bus Stand 6 

P4 214.9 to 215 100 Illah Bus Stand 4 

H5 236.8 to 237 200 Jorchuri Bus Stand 4 

P5 266.2 to 267.3 100 Barisal Jute Mill (R) 3 

H6 271.1 to 272.1 1000 Boalia Bazar, Bailey Bridge 4 

P6 278.5 to 278.6 100 BharpashaBottola Bus Stand 3 

H7 280.1 to 280.4 300 Laxmipasha Primary School (L), 
Bharpasha Bazar /Bus-stand 

4 

P7 289.6 to 289.7  100 Badarpur Bus Stand / Bazar 4 

* P= Black spot and H=Hazardous Road Location  

4 DISCUSSION 

After conducting the detail study, it has been found that a total of 398 accidents 

have occurred on Dhaka – Barisal Highway during the five years duration from 

2007-2011 and 311 accidents among the total are fatal. So, it is clearly visible 

that about 78% of the accidents are fatal which have caused severe casualty and 

loss to life as well as the economy of our country. About 9% of the total acci-

dents occurred in this portion of Dhaka-Barisal highway. Most important feature 

in this route is pedestrian causality which account for 51% of total accident. So it 

has been clearly identified that accidents are concentrated on this portion of the 

Dhaka –Barisal Highway. This portion requires proper treatment and remedial 

measures to decrease the higher accident rates. Recently Padma Bridge Project has 

been started at Mawa-Jajira point beneath the route N8. So future expected aver-

age daily traffic (ADT) of N8 will be higher than other routes. So it is right time 

for analysis accident, establish engineering countermeasure and improve road 

safety for decreasing accidents for efficient operation in this route. 
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Abstract. Reinforced concrete structural walls are widely used for resisting 

lateral loads due to their high strength and stiffness. Structural walls are 

significantly deeper than typical beams or columns. In addition to significant 

strength, structural walls can dissipate an enormous energy if detailed 

appropriately the current study focuses on the typical design practice for 

reinforced concrete shear walls prevailing in low to moderate seismic regions. A 

reversed cyclic quasi-static loading test is conducted to assess the seismic 

performance of a large-scale flexure–shear dominated reinforced concrete shear 

wall specimen with an aspect ratio of 2. A strong coupling effect of flexure and 

shear responses is observed, even though the shear strength is about 1.5 times 

the shear corresponding to the nominal moment capacity of the specimen. The 

final mode of failure is concrete crushing and the buckling of vertical 

reinforcement in the boundary zones. An analytical comparison with existing 

code (ASCE-41-06) and fiber model is also conducted as a part of the 

verification of the experimental results. The analytical study showed that the 

negligence of flexure-shear interaction in the conventional fiber modeling can 

lead to overestimation of ductility, energy dissipation and unrealistic mode of 

failure. 

 

Keywords: Reinforced concrete wall, Cyclic load, Flexure-shear interaction, 

Aspect ratio, Deformation.
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1. INTRODUCTION 

The RC shear wall can be divided into three main categories depending upon 

their respective aspect ratio. Typically, A slender RC wall with an aspect ratio 

more than 3 is purely flexure-response dominated wall, whereas a low rise or 

short RC wall with an aspect ratio lower than 1.5 is purely shear response 

dominated. A large portion of RC shear walls constructed around the world are 

mid-rise with an aspect ratio ranging from 1.5 to 3. Figure 1.1 shows 

theoretically singular expected mode of failure of walls by comparing their 

flexure and shear capacities. Walls with high shear capacity as compared to the 

flexure capacity will be dominated by flexure mode of failure since the shear 

capacity is much higher than the flexure capacity and prevent the brittle shear 

failures. Shear walls with aspect ratios more than 3 fall in this category. 

 
Figure 1: Mode of failure of Shear walls 

 
Whereas walls with aspect ratio less than 1.5 will be dominated by shear mode of 

failure since the shear capacity is much smaller than the flexure capacity. 

Behavior of walls with aspect ratio in-between 1.5 to 3 is more complicated. 

Shear capacity and flexure capacity of such shear walls are very close to each 

other. Flexure failure causes the decreases in shear capacity of such walls 

therefore a flexure failure can be transformed into shear failure at later stages. 

This type of failure is commonly referred in literature as flexure-shear failure. 

Therefore for the flexure-shear dominated RC shear walls both non-linear flexure 

and non-linear shear responses are equally significant. Inclusion of axial load 

with flexure-shear interaction adds more complexity to predict the non-linear 

response of such flexure-shear dominated RC walls. For a better modeling 

technique the internal behavior of wall such as stress and strain in reinforcement 

and concrete, anchorage bond slip, flexure deformation, shear deformation etc 

should be observed experimentally.  
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Figure 2: Coupling behavior of wall 

And the best choice for investigating the coupling flexure-Intermediate wall 

(aspect ratio 1.5 to 3) will be shear behavior and also to investigate the seismic 

performance level of reinforced concrete walls. 

2. EXPERIMENTAL PROGRAMME  

2.1.       Specimen description 

Experimental programme include a large scale shear wall specimen with 

aspect ratio of 2. Fig.3 shows the dimensions of tested specimen. All dimensions 

are in mm. Table 1 shows the reinforcement detail of specimen.  

 

Table 1 Material Properties 

  Reinforcement 

 Concrete 

 

Horizontal Vertical Confinement 

Zone    (Mpa) ρ(%) fy(Mpa) ρ(%) fy(Mpa ρ(%) fy(Mpa) 

Boundary 27 0.7 486 2.5 450 0.25 380 

Web 27 0.35 486 0.6 486 - - 

 

 

 

 

 

 

Figure 3: Reinforcement detail of lab specimen 
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2.2.  Experimental Set up 

 The experimental set up was used to simulate gravity and lateral earthquake 

loads. An innovative gravity load frame is used to maintain a constant axial load 

throughout the test. The unique feature of this test frame is that the built-in rollers 

at the top of the frame enable the axial load to move along with the tip of the 

wall. The axial load that could follow the wall deformation simulates the real 

conditions of wall under earthquake loading. The constant axial load of 300kN 

(axial load ratio about 0.10) was applied to a specimen using a 600kN-jack. The 

axial load was monitored and kept constant throughout the test. The lateral load 

was applied using a 500kN-hydraulic actuator. The specimen was subjected to 

quasi-static loading history using a convenient target percent drift.  The specimen 

was subjected to displacement-controlled to a percent drift of ±0.125, ±0.25, 

±0.5, ±0.75, ±1.0, ±1.5, ±2.0, ±2.5, ±3.0 and etc. until the wall loss of its gravity 

load carrying capacity. Two cycles of loading were used with each drift ratio to 

ensure that the hysteretic behavior could be maintained.  

2.3.  Instrumentations 

 Strain gages were used to measure strain of reinforcement in web and boundary 

regions of specimen. Fig.4(a) shows the lay out strain gauges on longitudinal and 

horizontal reinforcement. A total of 42 strain gauges were used for the 

experimental data of strain in reinforcement.  

To measure the components of lateral deformation linear variable deferential 

transducers (LVDTs) are used. Fig 4(b) presents the layout of LVDTs. Most of 

cracking is expected in plastic hinge zone of shear, which is considered as equal 

to length of wall (Lw=1000 mm) in this study. Fig.4(b). A total of 22 LVDTs are 

used for the deformation measurements. The calculation procedure of component  

 

 

 

 

 

 

of lateral deformation will be explained later. 

 

(a)                                            (b) 

Figure 4: (a) Strain gauges locations (b) LVDTs Layout 
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3. EXPERIMENTAL RESULTS 

3.1.   Damage propagation  

The force-top drift relationship is shown in Fig6. The important damage stages 

are also shown on the Fig6. Fig5 presents the propagation of cracks.  Initial 

cracking is observed at the first cycle of +0.25% drift. Initial cracks are almost 

horizontal, started from edges of wall and move towards the web. Similar 

cracking observed on the opposite face of wall at the first cycle of -0.25% drift. 

First yielding is observed at 0.5% drift with clear diagonal cracking extending 

from edges of wall and dipping in to web as shown in Fig5. At 0.5% drift the 

outer most longitudinal reinforcement in the boundary zone started yielding. At 

0.75% drift cracks extended to higher levels along the height of wall. At the same 

0.75% drift longitudinal reinforcement in the web of wall started yielding. At the 

1% drift cracks became further widened and force- drift relationship became 

flatter. At 1.5% drift significant increase in diagonal crack width is observed 

which caused the yielding horizontal reinforcement. In the next cycle of 1.5% 

drift severe concrete crushing is observed in the boundary zone which resulted in 

the slight loss of lateral strength as shown in Fig6. The shear wall specimen able 

to sustain the same lateral strength at first cycle of 2% drift but longitudinal 

reinforcement exposed due to loss of concrete cover in the boundary zone, this 

caused the buckling of longitudinal reinforcement in the at 2% drift. In the 

second cycle of 2% drift sudden drop in the axial load is observed and the lateral 

strength dropped to 55% of peak lateral strength. Test is stopped at the stage to 

avoid the damage to instruments. After removing the lateral bracing frame clear 

photo of the shear wall specimen are taken as shown in Fig5. The buckling of 

longitudinal reinforcement in the boundary zone is clearly visible. No yielding in 

confinement reinforcement of boundary zone is observed. Over all shear wall 

specimen able to develop the yield moment effectively but showed very little 

ductility (i.e. ∆max/∆y =2) due to crushing of boundary zone and buckling of 

longitudinal reinforcement in the boundary zone. High unsupported length (i.e. 

L/d =15 where L is unsupported length and d is the dia of longitudinal rebar) of 

longitudinal reinforcement in the boundary zone caused the buckling of the 

longitudinal reinforcement 

0.25% Drift      0.5% Drift          0.75% Drift        1% Drift       1.5%Drift 
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2% Drift             2% Drift after removing the lateral bracing frame 

                    

Figure 5: Propagation of damage 

 

 

 

 

 

 

 

 

 

 

 

Figure 6: Lateral force –top drift relationship 

3.2.  Components of lateral deformation  

For the calculation of flexure deformation, shear wall specimen divided into six 

sections along the plastic hinge area of wall (i.e. Lw=1000 mm) as shown in 

Fig4(b).  By using this arrangement of LVDTs along the height of wall, the 

curvature of specific sections was obtained by following equation: 

      
     

    
                                                                                                 

The flexure deformation (Uf) was the calculated by integrating the curvature of 

all section along the height of all. 

The shear deformation is calculated using the LVDTs in the “X” 

configuration (Fig7(b)) as proposed by Thomsen by using following equation: 
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√  
     √  

    

 
                                                                          

The calculation of shear deformation in this way is influenced by flexure 

deformation (Uf), which resulted in over estimation of the shear deformation. As 

proposed by Massone(  
 ) uncorrected shear deformation by “X” configuration 

can be corrected by using following equation: 

 Us =   
 +(

 

 
  )                                                                                           

 

The centroid of the curvature distribution (  ) is taken equal to 0.67 which is 

consistent with prior research (Thomsen [1]).,Rocking or Rigid body deformation 

of the shear wall specimen is calculated by using two LVDTs attached on the 

face of shear wall specimen (Fig4 (b)). The calculation procedure is explained in 

Fig7(c). Equation-4 is used to calculate the rigid body motion of shear wall 

specimen: 

   (
     

  
)                                                                                          

 

Fig8 presents the results of flexure, shear and rigid body deformation of the 

shear wall specimen. Summation of all the deformation components is 

approximately equal to the total lateral deformation measure at the top of the 

shear wall specimen.Fig9 shows the percentage of each deformation components 

to the total lateral deformation at each drift. The flexure deformation has the 

highest contribution to the total lateral deformation (Approximately 60% of the 

total deformation at each drift). Shear deformation has the lowest but significant 

contribution to the lateral deformation, which cannot be ignored while modelling 

the dynamic response of such flexure-shear dominated shear walls. Furthermore, 

it is interesting to note that as the flexure yielding started at 0.75% drift, there is 

sudden increase in the shear deformation. As the flexure deformation went into 

the non-linear b behaviour, the shear deformation also went into the non-linear 

response. 

 

 

 

 

 

 

 

 
(a) (b)                 (c) 

Figure 7: Calculation of lateral deformation 
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(a)                       (b)   (c) 

Figure 8: Components of lateral deformation (a) Flexure (b) Shear(c)    

Rigid body deformation 

 

 

 

 

 

 

 

 
 

 

Figure 9:  Components of lateral deformation in percentage 

3.3.  Strain and curvature distributions along the height 

Fig10 presents the results of tensile strain in longitudinal reinforcement along the 

height of shear wall specimen at each peak drift. Only the results of longitudinal 

reinforcement in the boundary are presented here for sake of clarity. As can be 

seen at 0.75% drift strain in longitudinal reinforcement suddenly increases due to 

the yielding (yielding strain is 2.4x10
-3

). At 1.5% drift strain in longitudinal 

reinforcement started to reverse the sign (Fig10 right side). This is may be due to 

the residual strain after yielding of longitudinal reinforcement. It is important to 

note that strain beyond the height of 600mm is in elastic range to minor cracking 
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beyond that level. Most of the non-linearity is concentrated in the region upto 

600mm which is equal to 0.6Lw.  The curvature distributions also present the 

same behaviour as shown in Fig11. The curvature values are very low beyond 

600 mm of height due insignificant cracking beyond that height. ASCE-41-06 

recommends a value of 0.5Lw for plastic hinge length of shear walls which seems 

reasonable.   

 

 

 

 

 

 

 

 

 

 

 

Figure 10: tensile strain in longitudinal reinforcement 

 

 

 

 

 

 

 

 

 

Figure 11: curvature distributions along wall height 
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3.4.   Contribution of Concrete (Vc) and Steel (Vs) to Total lateral shear  

(Vn) 

The total lateral shear force (Vn) is has been separated according to contribution 

of concrete (Vc) and steel (Vs) (Fig12) by using formula from ACI-318-11.At 

initial drift there is no contribution of load from steel. After 0.25% drift when the 

cracks have been seen in the wall surface, steels started taking load. Basically the 

equations of ACI-318-11 are only acceptable for linear behavior. At 1% drift all 

the lateral reinforcements are yielded and after this drift the behavior of the wall 

is purely nonlinear. So up to 1% drift the graph can be accepted.  

 

 

 

 

 

 

 

 

 

 

 

 
 

Figure 12: Contribution of Concrete (Vc) and Steel (Vs) to Total lateral shear ( 

Vn ) 

4. ANALYTICAL STUDY  

4.1.  Moment Curvature 

The idealized bilinear curve is also plotted according to ASEC-41-06 on the 

Fig13. The comparison of experimental results of moment-curvature backbone 

with the idealized backbone curve shows the poor prediction of initial stiffness as 

well as the yield curvature by ASEC-41-06. Moreover, due to diagonal cracking 

the stiffness of shear wall specimen decreases significantly, this cannot be 

considered by using simple equation of ASCE-41-06. This can lead to 

overestimation of elastic lateral strength of such flexure-shear dominated shear 

walls, which is particularly important for the design of such RC shear walls. 

 



Kashfia Hussain 

 

 

930 

 

 

Figure 13: Moment Curvature 

4.2.  Conventional fiber model 

Fig.14  presents the comparison of result of conventional fiber model with 

experimental results, in which the shear response is considered as elastic and 

uncoupled to the flexural response. The peak lateral force predicted by fiber 

model is reasonably close to the experimental values. Initial stiffness predicted is 

higher than the observed in the experiment, due to negligence of non-linear shear 

response. Due to the diagonal cracking initial stiffness is dropped in the 

experiment, which cannot be modeled by using the fiber model. The predicted 

hysteretic loops are much fatter and resemble to bilinear model. The fiber model 

failed to predict the pinching of the hysteric loops observed in the experimental 

results. Therefore the energy dissipation by fiber model is much higher than the 

experimental results. The decrease in the lateral strength due to boundary zone 

crushing is not predicted by fiber model. This overestimation of ductility can lead 

to unsafe retrofitting techniques of such non-ductile flexure-shear walls. 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 14: Analysis by Fiber model in Perform3D 
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5. CONCLUSIONS  

 

Although relatively a large number of shear walls test have been conducted 

earlier but a very few tests have specified about the flexure and shear behavior 

individually. This paper contains a proper shear wall test with axial load and 

extensive instrumentation to get separated the lateral deformations. Detailed 

experimental results have been relived for the internal behavior of an 

Intermediate wall through this study. A strong coupling effect of flexure and 

shear responses has been observed for a RC wall with an aspect ratio 2. Results 

are compared with available analytical tools.  Comparison with analytical study 

indicates that the negligence of coupling flexure and shear responses can lead to 

unreliable predictions of initial stiffness, ductility and energy dissipation 

capacity. 
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Abstract. Composite behavior of reinforced concrete has always been an im-

portant part in the study of structural engineering. In general, the bond-slip be-

havior and ultimate pull-out strength for external loading are mostly covered by 

different researchers. In this study, the transfer of bond stress in concrete sur-

rounding the reinforcing steel is thoroughly analyzed experimentally and on the 

Finite Element (FE) platform of ANSYS 11.0. Stress generated in the interface 

region between steel and concrete is observed from pull-out specimens made of 

brick and stone concretes with two different strengths and also for two steel 

grades. Total 8 numbers of pull-out specimens are prepared and tested. The pull-

out resistance is found to increases significantly with the increase of concrete 

strength and also with the increase of yield strength of steel rebars for both brick 

and stone concrete specimens. There exists a good agreement between the exper-

imental results and FE outcomes which are helpful for the construction industry 

of Bangladesh in selecting appropriate factor of safety in the design considera-

tions. 

Keywords: Bond Stress-Slip Behavior, Pull-out Test, Finite Element (FE) Anal-

ysis, Brick concrete. 
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1 INTRODUCTION 

The tensile stress from steel to concrete is transferred by interfacial interaction 

which can be termed as bond behavior. This mechanism is an important feature 

not only for characterizing crack pattern, but also for many other important issues 

related to structural concrete such as anchorage capacity, minimum development 

length and lap splice length of the bars [1, 3-7, 11]. When reinforcing bar is em-

bedded in concrete and tested in tension pull out, concrete cracks due to the fail-

ure of chemical adhesion that has been formed during hardening of concrete [14]. 

Proper bonding between concrete and steel is crucial to ensure the composite ac-

tion of reinforced concrete section. In case of plain bar, chemical adhesion and 

mechanical interlock contribute, whereas for deformed bar, the surface roughness 

and closely spaced ribs produce great interlocking with bearing against the key 

formed between concrete and ribs [10, 12]. A typical bond stress slips relation-

ship as shown in Figure 1(a) & (b) gives an idea on how pull-out behavior of 

plain bar differs from deformed bar. Splitting type of failure does not allow much 

deformation of rebar and a common phenomenon in low strength concrete. In 

contrary, rebar embedded in high strength concrete undergoes large deformation 

and prone to pull-out failure. Now-a-days huge numbers of brick manufacturing 

industries are established around the major cities. Generally, clay burned bricks 

are very popular due to high cost and the lack of availability of stone aggregates. 

Bricks are also often broken manually or by using a brick crusher into coarse ag-

gregate for concrete works. Stone chips and shingles are also used in construction 

[15]. Unfortunately, the deterioration of some concrete structures occurs within 

several years of construction due to the lack of knowledge on durability and bond 

behavior during the design, construction, and maintenance of civil infrastructures. 

Therefore, this study aims to investigate the bond behavior of deformed steel bar 

of different yield strength by employing two different types of coarse aggregate 

i.e. brick and stone aggregate in concrete.  

 

  
(a) (b) 

Figure 1: (a) Shear stress distribution in the XY plane of concrete and (b) Bond 

stress-slip relationship (adopted from Hong and Park 2012 [13]) 
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2 EXPERIMENTAL PLAN 

To understand the bond stress slip behavior of pullout specimen, single pull out 

test is conducted using a 1000 kN capacity digital universal testing machine 

(UTM). Figure 2 (a), (b) & (c) shows the specimens casted for pullout test pur-

pose. 

 

 

 

 
(a) (b) 

 
(c) 

Figure 2: (a) Pullout specimen details, (b) All casted pullout specimens and (c) 

Details of steel rebar specimen 

2.1 Material properties 

2.1.1    Concrete  

Two different types of aggregate, i.e. brick and stone aggregate are used to make 

the single pullout test specimens. The size of aggregate is maintained 25 mm 

passing and 19 mm retained and 19 mm passing & 12 mm retained with a ratio of 

1:1. The average compressive strength ofa brick aggregate pullout specimen is 

10.65 MPa. In case of stone aggregate specimen average compressive strength is 

17.95 MPa. Average tensile strength of stone aggregate is 3.9 MPa and 2.78 MPa 

for brick aggregate specimen. The slump was kept within 110 mm which allowed 

good compaction without excessive bleeding. Concrete compressive strength was 

determined by 4 inches (101.6 mm) diameter and 6 inches (153 mm) height spec-

imen. Tensile strength was determined by splitting cylinder test with the same 

Ribs spacing,

1 in (25.4 mm)

Ribs height,

0.2 in (5.4 mm)
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dimensional specimen. All compressive, tensile and split cylinder specimens was 

cured at room temperature for 28 days. Two different steel rebar of yield strength 

60 ksi and 72.5 ksi is used to analyze the impact on bond behavior between steel 

and concrete. All specimen details are given in Table 1. 

Table 1: Material properties 

Coarse  

Aggregate 

Type 

Brick Stone 

w/c ratio 0.4 0.5 0.4 0.5 

Yield strength of 

steel*  

60 72.5 60 72.5 60 72.5 60 72.5 

Tensile Strength 

(MPa) 

3.26 3.84 1.78 2.23 4.24 4.07 3.63 3.63 

Compressive 

strength (MPa) 

16.04 12.99 5.89 7.67 24.32 23.29 12.06 12.09 

Bond strength 

(MPa) 

6.19 8.16 4.28 6.91 8.33 11.06 8.76 7.17 

* Yield strength of steel rebar is given in ksi  

 

A total of sixteen (16) concrete cylindrical specimen and eight (8) pullout 

specimen were casted for determining the compressive, tensile and bond strength. 

These specimens’designationsare defined as shown in Figure 3 

 

Figure 3: Concrete cylinder specimen designation 

3 PULLOUT SPECIMEN FABRICATION 

Bond of steel bar to the surrounding concrete influences the structural behavior 

of reinforced concrete structure and its primary component. That’s why under-

standing the basic behavior between steel and concrete can be a key point to un-

derstand the ultimate load carrying capacity of structures and this is the prime 

factor worked behind this study. Despite numerous research has been conducted 

to evaluate the bond behavior between steel and concrete made of stone aggre-

gate, a fewer research carried out by using brick aggregate. In context of Bangla-

desh, Brick aggregate (brick chips) is widely used in construction site for casting, 

which emphasize on experimental research on brick and steel bond behavior. To 
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evaluate the bond characteristics a number of key parameters are used as variable, 

i.e. aggregate type, steel grade and water to cement ratio. Total eight 8) speci-

mens were casted and the specimen dimensions are given in Figure 2 (a) -(c).  

PVC pipes of 10'' height and 6'' diameter is used as molds for casting. A rectan-

gular wooden frame was used during casting to keep the reinforcing bar in the 

center of the casting mold. Before casting molds were oiled thoroughly in inner 

surface and surface roughness was removed using a file. Embedded length of 

reinforcement was 9in. (12 db, db= bar diameter), sufficient to develop the re-

quired stress in steel at that section. Exposed parts of the reinforcements were 

painted before curing to prevent corrosion and contact with curing water. 

4 EXPERIMENTAL SETUP 

Single pullout test is done on 1000 kN capacity UTM machine. Pullout specimen 

was placed concentrically at the test base to avoid eccentric stress on concrete 

and steel joint. To ensure the vertical placement sufficient care was taken. Test 

setup is shown in Figure 4. Digital universal testing machine (UTM) of capacity 

1000 kN is used to perform compressive, tensile and pullout test, of this experi-

ment.  

 

  
(a) (b) 

Figure 4: Test setup (a) UTM machine and (b) Sample specimen is placed at 

UTM 

This is a displacement controlled machine. Load and displacement values are 

measured from load cell of UTM. The splitting tensile strain was measured em-

ploying digital image correlation technique (DICT) using HD video footage of 

testing as also followed in [8] and [9]. In this experiment the displacement rate of 

1 mm per minute was applied. 

5 EXPERIMENTAL RESULTS 

Figure 7 (a)-(h) shows that keeping the water cement ratio and aggregate type 

fixed, if the yield strength of steel is increases the ultimate bond stress will in-

crease irrespective of both tensile and compressive strength of concrete. On the 
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other hand, when the aggregate type changes from brick to stone provided the 

yield strength and water cement ratio are fixed, the ultimate bond stress increases 

with the increase of tensile and compressive strength of concrete. Bond strength 

of brick aggregate reduced from 6.19 MPa to 4.28 MPa when water to cement 

ratio changed from 0.4 to 0.5 and steel yield strength is 60 ksi. When steel yield 

strength changed from 60 ksi to 72.5 ksi, bond strength reduced from 8.16 MPa 

to 6.91 MPa with water to cement ratio of 0.5. Although bond stress increases 

with the increasing steel yield strength, but relative slip for brick aggregate 

pullout specimen reduced from 1.25mm to 1 mm (Figure 7(a) & (b)). Similar 

results observed in stone aggregate concrete pullout specimen where for stone 

aggregate with a slip of 2.4 mm reduced to 1.25 mm. Stone aggregate shows a 

similar pattern with decreased bond strength from 11.06 MPa for water to cement 

ratio 0.4 to7.17 MPa for water to cement ratio 0.5. Stone aggregate shows overall 

good bond strength in comparison to brick aggregate. This might be due to more 

frictional resistance capacity, hardness and higher strength of stone aggregate. 

Inthe construction site of Bangladesh, extra amounts of water is added to cement 

to increase the workability of concrete [15] but these may lead to misinterpreta-

tion of bond strength as shown in Figure 7 (a) & (c) and Figure 7 (b) & (d).  

6 FE MODELING OF PULLOUT SPECIMEN 

In this work, simple pull-out specimens are modeled on the Finite Element (FE) 

framework of ANSYS 11.0. Eight models based on different material properties 

are prepared and analyzed with proper boundary condition. All the models are 

analyzed considering perfect bonding between reinforcing bar and surrounding 

concrete. Sufficient development length is provided to produce required stress in 

reinforcement. Development length is provided 9 inches (12 times of the diame-

ter of rubberare used as per ACI 318-11, [2]. The concrete is modeled using 

SOLID65 eight-node brick element, which is capable of simulating the cracking 

in tension and crushing in compression behavior. In this study, reinforcement is 

modeled using SOLID45 element which has identical degrees of freedom to 

those for SOLID65. Perfect bonding between these two elements is ensured dur-

ing modeling.In this study, embedded length of 12 times of the diameter, i.e. 9 

inch of rubber is used as per [2]. While modeling, a cylinder length equals to the 

required embedded length and 6 inch diameter are considered. Extensive use of 

deformed bar in construction purpose has led us to consider perfect bonding be-

tween concrete and reinforcing steel bar. To resemble the experimental scenario, 

concentric steel bar of 20 mm diameter and 38 in (including 9 in embedded 

length) length is modeled (Figure 5 (a)). To obtain precise results in concrete vi-

cinity of reinforcement, meshing was done much finer close to the reinforcement 

(Figure 5 (b) & 7(c)).  

 



 

M. R. Kabir, M. A. Chowdhury and M. M. Islam 

 

938 

 

 

 

 

   

(a) (b) (c) (d) 

Figure 5: FE model of Pull out specimen in ANSYS 11.0 (a) volume of concrete 

and steel rebar, (b) mesh across width (c) meshed volume, and (d) boundary con-

dition 

Slip at the interface between concrete and reinforcing steel is observed and 

corresponding stresses generated due to applied loading are also scrutinized 

(Figure 6(b) & 6(c)). Formation of crack in concrete due to divergent stress dis-

tribution in steel and surrounding concrete is also inspected from ANSYS pro-

gram (Figure 6(d) & 6(e)). The displacement boundary condition is applied as 

load at top of the reinforcement (Figure 5 (d)).  The boundary conditions are also 

applied to the concrete cylinder by restraining translation of nodes at the top sur-

face of cylinder in three directions except the nodes adjacent and neighboring to 

the reinforcement. Displacement at the top of the reinforcement is given only in 

the positive Y direction (upward). 

     

(a) (b) (c) (d) (e) 

Figure 6: (a) deformed specimen, (b) stress distribution in XY plane, (c) Y direc-

tion stress distribution, (d) top view of cracks in pullout specimen, (e) crack for-

mation zone in pullout specimen 
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7 COMPARISON OF EXPERIMENTAL AND FEM RESULT 

The validation of FE analysis by ANSYS 11.0 of pullout specimen with the re-

sults gathered from the experimental measurements are shown in Figure 7 (a)-(h) 

which satisfactorily demonstrates the accuracy of the FE model of pullout speci-

men with both brick and stone aggregate. The bond stress is measured on the 

contact surface of concrete and steel. The FE results in most of the cases found to 

be more or less conservative with respect to the experimental outcomes which 

also ensure higher factor of safety as well as the reliability of the models. In all 

cases bond strength between stone aggregate concrete with steel is found higher 

than brick aggregate concrete which validates the experimental results. This indi-

cates that the FE modeling of pullout specimens using the pertinent parameters 

gathered from experimental testing is validated and there remains a good agree-

ment as well as it can be used in the future to predict the bond strength. 

   
(a) (b) (c) 

   
(d) (e) (f) 

  
(g) (h) 

Figure 7: (a)-(h) Comparison of experimental to FEM results 
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8 CONCLUSIONS 

The following conclusions can be said based on experimental and FEM results 

 Stone aggregate shows much better performance than brick aggregate 

this may due to the better confinement effect on ribs of steel bars against 

slip. 

 Within same aggregate, i.e. brick or stone aggregate, yield strength of 

steel rebar has a positive effect on increasing bond strength. 

 Bond strength of brick aggregate increased by 32% when water to ce-

ment ratio is 0.4, increased by 44% when water to cement ratio is 0.5 and 

steel yield strength changed from 60 ksi to 72.5 ksi. 

 Bond strength of stone aggregate increased by 33% when water to ce-

ment ratio is 0.4, decreased by 22% when water to cement ratio is 0.5 

and steel yield strength changed from 60 ksi to 72.5 ksi. 

 The Finite Element results compared with the experimental results and in 

most of the cases found to be more or less conservative with respect to 

the experimental outcomes which confirm the higher factor of safety as 

well as the reliability of the models. 

This study has investigated two different aggregate performances with two 

different strength steel rebar which can be useful in understanding the difference 

in behavior between them and serve as a base for future research.  

 

REFERENCES 

[1]  A. M. Diab, H.E. Elyamany, M.A. Hussein and H.M. Al Ashy, 

2014."Bond behavior and assessment of design ultimate bond stress of 

normal and high strength concrete." Alexandria Engineering Journal 53.2 

(2014): 355-371. 

[2]  ACI 318-11, (2011), Building Code Requirements for Structural Concrete 

and Commentry, An ACI Standard, Reported by ACI Committee 318, 

American Concrete Institute. 

[3]  ASTM C 900 – 06, Standard Test Method for Pullout Strength of Hard-

ened Concrete, American Society for Testing and Materials, ASTM Com-

mittee C09. American Concrete Institute. 

[4] ACI 228.1R-03, (2003), In-Place Methods to Estimate Concrete Strength, 

Reported by ACI Committee 228, American Concrete Institute, Septem-

ber- August. 

[5]  H. A. Al-Zuhairi and W. D. Al-Fatlawi, 2013. "Numerical prediction of 

bond slip behaviour in simple pull-out concrete specimens." Journal of 

Engineering 19.1 (2013): 72. 



Bond stress-slip behavior between concrete and steel rebar via pullout test 

 

941 

 

[6] L. Bouazaoui and A. Li, 2008. "Analysis of steel/concrete interfacial shear 

stress by means of pull out test." International Journal of Adhesion and 

Adhesives 28.3 (2008): 101-108. 

[7] M. N. S. Hadi, 2008 "Bond of high strength concrete with high strength re-

inforcing steel." (2008): 143. 

[8] M.M. Islam, M.S.I. Choudhury, M. Abdulla and A.F.M.S. Amin, 2011. 

“Confinement Effect of Fiber reinforced polymer wraps in circular and 

square concrete columns”. 4th Annual Paper Meet and 1st Civil Engineer-

ing Congress, Civil Engineering Division, Institution of Engineers, Bang-

ladesh (IEB), 22-24 December, 2011. 

[9] M.M. Islam, M.S.I. Choudhury & A.F.M.S. Amin, 2015. “Dilation Effects 

in FRP-Confined Square Concrete Columns Using Stone, Brick, and Re-

cycled Coarse Aggregates”. Journal of Composites for Construction, 

04015017. 

[10]  M. R. Kabir and M. M. Islam. 2014 "Bond stress behavior between con-

crete and steel rebar: Critical investigation of pull-out test via Finite Ele-

ment Modeling." International Journal of Civil and Structural Engineering, 

Volume-5, No-1. 

[11] Murcia-Delso, Juan, and P. Benson Shing, 2014. "Bond-Slip Model for 

Detailed Finite-Element Analysis of Reinforced Concrete Struc-

tures." Journal of Structural Engineering 141.4 (2014): 04014125. 

[12]  M.T.G. Barbosa and S.S. Filho, 2013. “Investigation of Bond Stress in 

Pull Out Specimens with High Strength Concrete”. Global Journals Inc.  

[13] S.Hong and S. K. Park, 2012 "Uniaxial bond stress-slip relationship of re-

inforcing bars in concrete." Advances in Materials Science and Engineer-

ing, 2012 

[14]  S. P. Tastani and S. J. Pantazopoulou, 2009 "Direct tension pullout bond 

test: Experimental results." Journal of Structural Engineering 136.6 (2009): 

731-743. 

 



942 
 

CICM 2015 

First International Conference on 

Advances in Civil Infrastructure and Construction Materials 

MIST, Dhaka, Bangladesh, 14–15 December 2015 

SEISMIC PERFORMANCE OF CONCENTRICALLY-BRACED 

STEEL FRAMES 
 

AKM G. Murtuz1, M. R. KARIM2, K. B. Jalal3, R. J. Priti4, K. Islam5,  
 

1, 2 3, 4, 5 Department of Civil Engineering, 

Military Institute of Science and Technology, Dhaka, Bangladesh 

E-mail: 1golam.murtuz.bd@gmail.com, 2majrezakarim@gmail.com, 
3nishi_vnsc@hotmail.com, 4rifatjabin11@gmail.com, 5kamrul1@ualberta.ca 

 

Abstract. Seismic vulnerability assessment of existing buildings is becoming a 

primary concern today due to the major threats that have been imposed by 

numerous earthquakes around the world in recent years. Recent earthquakes in 

the Asia-Pacific region have motivated researchers to concern themselves more 

with the development of a suitable and sustainable technique to minimize the 

seismic vulnerability of structures subjected to strong earthquakes through 

enhanced deformation capacity and ductility. This paper presents the 

improvements to seismic response of steel frames braced with the smart element 

using super-elastic (SE) shape memory alloy (SMA) and stainless steel. Three 

reference semi-rigid steel frames, one as conventional steel bracing, another with 

stainless steel bracing, and the other with smart bracing, are modeled and the 

seismic performance of the structure is investigated. In this study, a 2-D finite 

element (FE) analysis of the concentrically-braced steel (CBS) frames is carried 

out in order to assess the seismic performance of the CBS frame by exploiting the 

SE behavior of SMA and the high ductility of stainless steel. The nonlinearity of 

both geometric and material aspects are included in the established FE models. 

Numerical investigations on braced steel frames reveal that the uses of SMA 

bracing improves the performance of the steel frame compared to the stainless 

steel and conventional steel bracing approaches. 

Keywords: Seismic performance, Steel braced frame, Smart bracing and 

Stainless steel. 
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1   INTRODUCTION 

Natural disasters such as earthquakes cause damage to civil engineering 

structures resulting in deaths, economic losses, and damage to infrastructure. 

Recent earthquakes in Nepal (2015), Japan (2011), New Zealand (2010, 2011), 

Mexico (2011), Indonesia (2010, 2011), China (2010), and Haiti (2010) have 

garnered the attention of researchers looking for a method by which to predict the 

severity of damages to infrastructure as a result of natural disasters [1]. Cities 

around the world contain vulnerable buildings under considerable seismic risk. 

Most of the steel buildings in North America were built almost 20 years ago 

using moment-resisting frames to resist lateral load during earthquakes. 

Earthquakes cause serious disruptions in a building’s structural system due to the 

large lateral displacements of the beam-column connections. Lateral sway and 

seismic performance are prime considerations in designing multistoried steel 

frames, especially in zones of high wind and seismicity. Various mechanisms are 

found in the literature which control sway and improve the seismic performance 

of steel frames. At present, rigorous research is being conducted all over the 

world seeking to improve the performance of steel frames under high wind and 

seismicity conditions. One popular technique is the use of bracing elements. 

Properly oriented bracings can resist the sway of the frame, but the performance 

of braced steel frames is poor under the seismic loading condition due to the low 

ductility and energy dissipation capacity of steel-braced frames. Recent 

earthquakes have led researchers toward the design of a performance-based 

approach to improve resisting capacity during periods of high seismicity. In order 

to improve the seismic performance of a structure, numerous techniques have 

been widely used over the last few decades. The incorporation of innovative 

materials in bracing systems has been a widely accepted approach. In recent 

years, the structural engineering community has shifted its focus to the utilization 

of smart materials (i.e., super-elastic shape memory alloy) as a new component 

of structural systems to improve the performance of structures. Regular steel 

frames have been used in earthquake-vulnerable zones due to their ductile 

behavior, but brittle fractures of the beam-column connections and brace-to-

column connections have led researchers to incorporate special metals and/or 

smart material as bracing elements. These innovative materials exhibit interesting 

characteristics which have made them useful in improving the performance of 

structures.   

Stainless-steel (SS) is widely used due to its durability, corrosion resistance, 

fire resistance, weldability, low life-cycle cost, recyclability, and aesthetic appeal 

[2-3]. SS is a metallic alloy combined with iron groups, chromium, nickel and 

molybdenum [2-3]. Efficient use of SS in structural systems improves the 

performance and decreases life-cycle cost. Due to its heat and high corrosion 
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resistance capacities, SS has been used more recently in a number of bridges in 

North America and Europe, although it has increased the total costs of these 

projects. Previous studies have found that SS shows enhanced ductility, large 

plastic deformation under extreme loading conditions, and increased energy-

absorbing capacity [4-6].  

Shape memory alloys (SMAs) are a type of smart material that have the 

ability to undergo large plastic deformation under extreme loading conditions and 

return to their original shape upon the removal of the load. An SMA can recover 

a strain of about 10% without any permanent deformations. It is also highly 

resistant to corrosion. There are various SMA available like Ni-Ti SMAs 

(Nitinol), FeMnAlNi, FeNCATB etc. SMAs are unique materials. This unique 

and super-elastic (SE) characteristic of SMA makes it a potential candidate in 

regions with high seismic activity. However, the cost is much higher than the 

costs of SS and regular steels. Still, SMA as a bracing agent has emerged as a 

suitable candidate over other materials due to its large deformability during 

earthquakes and recoverable capability after the earthquake. SMAs have an 

excellent re-centering capacity and energy absorbing capacity which reduce the 

vulnerability of the structure. This characteristic of SMAs improves the seismic 

performance of the given structure. Researchers are using SMA as a base-

isolation; as a passive energy dissipation device; for the retrofitting of structures; 

and as a bracing element [7-15]. 

Recently Asgarian and Moradi [12], Auricchio et al. [11], McCormick et al. 

[13] and Zhu and Zhang [14] performed numerical analyses to compare the 

seismic performance of the steel frames braced with either SMAs or conventional 

steel bracings and eventually found enhanced seismic force resistive capacity in 

the frames braced with SMAs. 

The objective of the current study is to investigate the seismic performance of 

concentrically-braced steel (CBS) frames using the freely available FE software, 

SeismoStruct. Researchers have compared the seismic performance of steel 

frames braced with SS and regular steels [4-6], and a few researchers have 

performed analyses to compare SMA bracings to conventional steel bracings [11-

14]. To the author’s best knowledge, no such study has been conducted to 

compare the behavior of steel frames braced with either SMA or SS under 

earthquake loading for the purpose of investigating the seismic performance of 

structures. 

2   DESIGN OF CBS FRAMES 

In this study an interior frame of a 4-storey office building was considered. The 

2-D frame consists of concentric bracing in a chevron configuration. Figure 1 
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depicts the elevation of the CBS frame used in this study.  Several bracing 

configuration were found in literature. Among them, chevron bracing 

configuration is used in the current study. 

 

Figure 1: Elevation of four storied steel braced frame 

The frame is proportioned in accordance with S16-09, which qualifies a 

ductility-related force modification factor, Rd= 2.0, and a strength-related force 

modification factor, Ro= 1.3. This chevron configuration is often dictated to 

provide adequate clearance for doors and other openings. The steel grade of W-

shaped members is ASTM A992 with Fy= 345 MPa. The steel grade for braces is 

ASTM A500 Grade C square HSS with Fy= 345 MPa. Detailed member sizes are 

given in Table 1. The CBS frames with SMAs and SSs bracing have the same 

beam and column sections similar to conventional steel bracings. 

Table.1. Four-Story CBS frame Model Information 

Storey Beam section Column section Bracing section 

4 W360x39 W310x60 HSS127x127x6.4 

3 W360x51 W310x60 HSS152x152x8.0 

2 W360x51 W310x118 HSS152x152x9.5 

1 W360x51 W310x118 HSS178x178x9.5 

3 NUMERICAL MODELLING OF CBS FRAMES 

3.1   Material Modelling 

Accurate finite element modelling depends on the material modelling which is 

one the major challenges in any numerical analysis. Inappropriate material 

modelling will not be able to capture the exact behavior of the system even 

though the whole finite element modelling scheme is accurate. Therefore, to 

predict the exact behavior of the system accurate material modelling is the key. 

Special attention and effort were put in the present study to model the non-linear 

metallic elements accurately. 
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3.1.1 Conventional Steel Modelling 

Commonly used material model for steel is bi-linear kinematic hardening model 

i.e. elastic, perfectly plastic. Stress-strain behavior of the conventional steel 

shows steep initial elastic response followed by a large strain-hardening. Hossain 

et. al. (2011) used bi-linear kinematic hardening material model for modelling 

the ordinary carbon steel [21]. In the current study bi-linear kinematic hardening 

material model available in SeismoStruct [26] is used for conventional steel 

modelling.  Initial geometric imperfections and residual stresses highly affect the 

response of steel structures. But for simplicity of the numerical analysis 

geometric imperfections and residual stresses are ignored. 

3.1.2   Stainless Steel Modelling 

One of the most challenging tasks of the current study is to model the non-linear 

behavior of the stainless steel. Non-linear metallic materials like high strength 

steel, stainless steel and aluminum show abnormal behavior compare to 

conventional carbon steel [25]. Researchers have developed various modelling 

techniques to model those non-linear metallic elements. Rahman et. al. (2008) 

showed various material modelling approaches to model the behavior non-linear 

materials [22] using ANSYS. Neupane, S. (2010) showed how to model the high 

strength steel pipelines using ABAQUS [23]. All those studies mostly followed 

the Chaboche evolution law. However, Ashraf et. al. (2006) [24], Ashraf (2006) 

[3], Gardner and Ashraf (2006) [25], Sarno et. al. (2003, 2006, 2008) [4-6], Sarno 

and Elnashai (2003) [2] demonstrated the modelling of stainless steel using FE  

softwares. Sarno et. al. (2006, 2008) modelled the material based on modified 

Ramberg-Osgood (R-O) model. Gardner and Ashraf (2006) proposed a few form 

of the R-O model, and used the newly developed one to model the stainless steel. 

Modified R-O model proposed by Ashraf (2006) is used in the present study to 

model the stainless steel using SeismoStruct [26]. 

3.1.3   Shape Memory Alloy Modelling 

In the present study SMA is incorporated as a bracing element. Therefore, one-

dimensional model is perfect to fulfill the purpose of the material modelling. SE-

SMA bracing is modeled according to the model of Auricchio et al. (1997) [15]. 

Recently various researchers used this material modelling approach to model 

SMAs [7,8,10, 12]. Fig. 2 depict the typical stress-strain diagram of the SE-

SMA, and the 1-D super elastic model used in the SeismoStruct[26]. 
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  (a) 
 

(b) 

Figure 2: (a) Typical Stress–strain relationship of the SMA, (b) 1-D super elastic 

model of SMA [26] 

Table 2: shows the material properties used in the finite element analyses 

which have been adopted from Ashraf (2006), Asgarian and Moradi (2011), 

Billah and Shahria ( 2013) 

Table.2. Material properties used in the finite element analysis [3, 12] 

Materials Mechanical property Value 

Steel 

Modulus of elasticity (GPa) 

Yield strength (MPa) 

Strain hardening parameter (%) 

200 

345 

0.5 

SE SMA  

(FeMnAlNi) 

Modulus of elasticity (GPa) 

Austenite-to-martensite starting stress (MPa) 

Austenite-to-martensite finishing stress (MPa) 

Martensite-to-austenite starting stress (MPa) 

Martensite-to-austenite finishing stress (MPa) 

Superelastic plateau strain length (%) 

98.4 

320 

442.5 

210 

122 

6.13 

Stainless-

steel 

Modulus of elasticity (GPa) 

Yield stress (MPa) 

Ultimate stress (MPa) 

Ultimate strain 

Strain hardening parameter (%) 

Ramberg-Osgood parameter, n 

206 

314 

659 

0.54 

0.311 

6.8 

4   SELECTION OF GROUND MOTION 

Five ground motions recorded during Kobe, Loma Prieta, Erzincan, Northridge, 

C. Mendicino earthquake are used for this study. These earthquakes have been 

used in many research works internationally. Then a non-linear time-history 
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analyses are conducted in this study on the CBS frames under earthquake 

excitation. The spectral acceleration (5% damping) of the ground motion of the 

earthquakes are shown in Fig.3. According to the previous study, the seismic 

motion of the western part of the Canada have a PGA/PGV value around 1.0. 

Table 3 shows the details of the selected earthquake motions for the current 

study. But the PGA/PGV value for the current study is less than 1.07. 

 

Fig.3. Spectral acceleration for the Kobe, Loma Prieta, Erzincan, Northridge, C. 

Mendicino earthquakes (damping = 5%) 

Table. 3. Details of Earthquake ground motion records 
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5   RESULTS AND DISCUSSIONS 

Dynamic time-history analyses and eigenvalue analyses are performed in the present 

study to investigate the seismic behavior, mode shapes, and to quantify the natural 

frequencies of the braced steel frames. 

5.1  Eigen Value Analysis 

Eigen value analyses are performed using SeismoStruct to investigate the mode 

shapes of three CBS frames, and their corresponding natural frequencies. Table 4 

shows the values of few dynamic parameters obtained from the Eigen value 

analyses. There is a decrease in the natural frequencies of CBS frame braced with 

SMA compare to the conventional steel and the SS due to the lower modulus of 

elasticity of SMA. 

Table.4. Natural frequencies and stiffness of the CBS frames 

CSB Frame 
Natural frequencies (Hz) 

ω 1 ω 2 ω 3 ω 4 

Conventional Steel 20.031 47.702 56.9199 69.189 

Stainless Steel  20.805 51.3476 56.115 66.762 

SMAs 16.598 41.966 50.290 55.367 

5.2   Dynamic Time history Analysis 

Five inelastic dynamic time-history analyses have been performed for each CBS 

frame using SeismoStruct software to compare the seismic performance under 

recorded ground motions. 

5.2.1   Top Storey Drift Demand 

Top storey drift demand is computed from the dynamic time history analyses 

under the two ground motion considered in the present study. Figure 4 depicts the 

roof drift demand for all types of frames under two different ground motions. 

CBS frame braced with SMA shows lower roof drift compare to the other two 

bracing elements. Conventional steel bracing and SS bracing experience more 

than 10% higher roof drift compare to the SMA braced frame. Conventional steel 

braced frame and SS braced frame experience almost similar roof drift. 
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Figure 4: Roof drift demand for 4-storey CBS frame with three different bracing 

configurations 

Figure 5 shows the displacement time history of roof drift under Kobe ground 

motion record. From this figure is clear that all three frames experience more 

than 50 mm roof displacement. 
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(e) 

Figure 5: Roof top displacement time histories under five different earthquake. 

5.2.2   Inter-storey Drift Demand 

Inter-storey drift demand is computed the similar way like the top storey drift 

demand. All three frames experience lower inter-storey drift compare the NBCC 

code limit (2.5%) [27]. All frames experience highest drift at level 2, but in all 

cases SMA braced frame shows lower values due to its super elastic behavior. 

 

Figure 6: Inter-storey drift demand of 4 storey CBS frames for a typical ground 

motion data. 

Figure 6 show the inter-storey drift demand under a typical seismic loading 

conditions. SMA braced frame shows better performance due to higher stiffness 

(Table 4). 

5.2.3   Base Shear Demand 

Base shear demand is defined as the maximum translational force (i.e. base 

shear) obtained for a given seismic loading. Figure 7 shows the base shear 

demand of the three different frames for the Kobe and Northridge earthquake 
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motions. CBS frame braced with SMA shows lower base shear demand compare 

to the conventional steel and the SS braced frames. 

 
 

Figure 7 Base shear demand vs Displacement for 4-storey CBS frames. 

5.2.4   Ductility 

It can be easily observed that the global ductility value is higher for stainless steel 

and SMA as compared to the conventional steel bracings. Ductility increases by 

almost 112% for stainless steel bracings which can be attributed to the high 

ductility of the stainless steel materials. 

 

Figure 8: Ductility for 4-storey CBS frames. 

6   CONCLUSION 

This study performs a novel approach to decrease the seismic vulnerability of the 

CBS frames by incorporating non-linear metallic materials i.e., stainless steel and 

shape memory alloy as a bracing element. The main objective of the current 

study is to investigate the dynamic response of a four storey CBS frame 

incorporating three different types of materials as a bracing element. Firstly the 

frame is designed using NBCC2005 and S16-09 considering standard gravity 

0

1000

2000

3000

4000

0 50 100 150 200 250 300

B
as

e 
Sh

ea
r 

(K
N

)

Displacement (mm)

SMA
STAINLESS STEEL
STEEL

0

5

10

SMA SS STEEL

DUCTILITY



 

 

 

 

 

 

 

Seismic performance of concentrically braced steel frames 

 

953 

load and notional load. All models have been analyzed under 2 different past 

earthquake loading to investigate the different material response.  

     This study reveals that the use of SS bracing will not be advantageous in the 

low or moderate seismic zone. From the existing literature it was found that SS 

braced frames showed large plastic deformation, and enhanced energy absorbing 

capacity under high seismic loading. In the present study the yield strength of the 

conventional steel and the SS is almost similar. Therefore, incorporation of the 

SS bracing showed similar seismic performance compare to the conventional 

steel bracing. Moreover, in the current study only dynamic time history analyses 

were performed for two earthquake motions whose PGA/PGV ratio is less than 

0.88. Therefore, none of the frames crossed their yield limit. Pushover analyses 

were not performed in the current study. This is one of the major limitations of 

this project. Without performing pushover analysis, capacity, ductility demand, 

and performance of the braced frames with SMA and SS under seismic loading 

conditions cannot be compared with conventional steel braced frame. Though 

little advantage was found using SMA bracing compare to the other two 

materials. SMA and SS bracings are advantageous in reducing large inelastic 

deformation. It was also found in the current literatures that after a large ground 

motion steel frames braced with SS undergo large plastic deformation which is 

not recoverable, and the frames experience permanent deformation. On the 

contrary, SMA braced frames recover their large inelastic deformation even after 

a strong earthquake due to its super elastic behavior to regain its original shape.   

In the current study large inelastic deformation is not reached under any 

earthquake motions. Top roof displacement is within the NBCC 2005 specified 

allowable value. Residual drift is much lower compare to the other studies found 

in the literature. Therefore, the benefit of using SS bracing is almost minimal. 

However, the seismic performance of the frames are largely dependent on the 

seismological characteristics of the ground motions used in the study. As it is 

mentioned earlier that using the two earthquakes whose PGA/PGV value are less 

than 0.88, are not sufficient enough to compare the seismic performance. Most of 

the previous study used PGA/PGV ratio in between 0.9 and 1.3. This is another 

limitation of the current study. 

Excessive residual stresses exist in the members after a structure experiences 

an earthquake which is the prime cause to adopt seismic retrofitting techniques of 

the existing structures. SMA is such an intelligent material that can overcome 

this large inelastic deformation due to its super-elastic behaviour compare to the 

SS and conventional steel. But the current design code has been established yet to 

incorporate those novel materials in real structures extensively. From this study it 

can be concluded that a hybrid bracing system (i.e., SMA-SS) might be a more 

appropriate solution which will exploit the unique behaviour of both materials 
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where SMA could be used in the plastic hinge region of the bracing, and SS in 

the rest of the region 
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